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m 2 
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density 
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Pa 
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work, energy 
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3.28 X 10" 3 

1.09 X 10" 3 
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3.94 X 10' 1 

3.28 X 10 2 

1.09 X 10 2 

6.22 X 10 6 

m 

3.94 X 10' 

3.28 

1.09 

6.22 X 10“ 4 

km 

3.94 X 10 4 

3.28 X 10 3 

1.09 X 10 3 

6.22 X 10" 1 


Area 



To -> 




1 From ~~~~± 

Square Inches 

Square Feet 

Square Yards 

Square Miles 

mm 2 

1.55 X 10 3 

1.08 X 10 5 

1.20 X 10“ 6 
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1.55 X 10“' 

1.08 x 10" 3 

1.20 X 10 4 

3.86 X 10-" 

m 2 

1.55 X 10 3 

1.08 x 10 1 

1.20 

3.86 X 10” 7 

km 2 

1.55 X 10 9 

1.08 X 10 7 

1.20 X 10 6 

3.86 X 10“' 


Volume 



To -> 
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Cubic Inches 

Cubic Feet 

Cubic Yards 

Quarts 

Gallons 


cm 2 

6.10 X 10~ 2 

3.53 X 10” 5 

1.31 X 10“ 6 

1.06 X 10~ 3 

2.64 X 

10 4 

liter 

6.10 X 10 1 

3.53 X 10~ 2 

1.31 X 10“ 3 

1.06 

2.64 X 

10 1 

m 3 

6.10 X 10 4 

3.53 X 10 1 

1.31 

1.06 X 10 3 

2.64 X 

10 2 






















Force 
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Ounces 


Pounds 


Kips 



Tons (short) 

dynes 

1.405 

X 

10" 

2.248 

X 

10" 

2.248 

X 

10" 

1.124 

X 

10" 

grams 

3.527 

X 

10" 

2.205 

X 

10 3 

2.205 

X 

10" 

1.102 

X 

10" 

kilograms 

3.527 

X 

10' 

2.205 



2.205 

X 

10" 

1.102 

X 

10" 

newtons 

3.597 



2.248 

X 

10‘ 

2.248 

X 

10" 

1.124 

X 

10" 
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X 

10 3 

2.248 

X 

10 2 

2.248 

X 

10" 

1.124 

X 

10" 

tons (metric) 

3.527 

X 

10 4 

2.205 

X 

10 3 

2.205 



1.102 
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1 

1 From "n 
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(39.2°F = 4°C) 
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1.422 X 

10" 

2.048 

2.048 X 10" 

1.024 X 10" 

3.281 X 10" 

9.678 X 10" 

kg/cm 2 

1.422 x 

10' 

2.048 X 10 3 

2.048 

1.024 

3.281 X 10 1 

9.678 X 10" 

kN/m 2 

1.450 X 

10" 

2.090 X 10 1 

2.088 X 10" 

1.044 X 10" 

3.346 X 10" 

9.869 X 10" 

ton (metric)/m 2 

1.422 


2.048 X 10 2 
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1.024 X 10" 
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9.678 X 10" 


Torque (or Moment) 



To - 

> 




1 From ..>» 
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Kip-ft 


gm-cm 

8.677 X 

10" 

7.233 X 10" 

7.233 X 

10 8 

kg-m 

8.6777 


7.233 

7.233 X 

10" 

kN-m 

9.195 X 

10 3 

7.663 X 10 2 

7.663 X 

10" 


Velocity 

1 From . 

To 


ft/min 

mi/h 


ft/s 


cm/s 

3.281 X 

10" 

1.9685 

2.236 X 

10" 

km/mi n 

5.467 X 

10' 

3.281 X 10 3 

3.728 X 

10 1 

km/h 

9.116 X 

10" 

5.467 X 10 1 

6.214 X 

10" 


1 mile = 1610 meters = 5282.152 ft 


Unit Weight 


1 From 


Ib/in 3 Ib/ft 3 

gm/cm 3 

3.613 X 10" 6.248 X 10 1 

kg/m 3 
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kN/m 3 

3.685 X 10" 6.368 
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Preface 


Broadly defined. Geotechnical Engineering encompasses two segments: Foundation 
Engineering and Soil Mechanics. Briefly, Foundation Engineering entails three dis¬ 
tinct efforts: (1) The tentative selection of the foundation scheme based on building 
site conditions and structural constraints; (2) The sizing, reinforcing, and detailing 
of the structural elements; and (3) The construction of the structural elements. 
Soil Mechanics deals with the study of physical properties of soils, and the relevance 
of these properties as they affect soil strength, compressibility, stability, and drain¬ 
age. It is the latter that will be the focus of this textbook. 

The first three chapters are intended to give students a brief introduction and 
insight into the field of Soil Mechanics before exposing them to the more detailed 
evaluation of basic soil properties. Included is a brief overview of aspects related 
to engineering practice and potential liabilities. The remaining chapters develop 
the fundamentals for understanding the soil properties that are relevant to its use 
as a material for construction. Throughout, consistent with the trend of moving 
toward SI units, almost total emphasis is on SI units with equivalent English (FPS) 
units given in parentheses. 

What a bonanza it would be for the students if we, the teachers, were able to 
enhance a solid analytical presentation with the teaching of experience, judgment, 
and common sense! Regretfully, although precious, the latter are facets that come 
with time and maturity and are evasive and difficult to teach in a classroom. But 
try we must. It is in this context that this textbook was written. Thus, a concerted 
effort was made by the author to (1) Offer a comprehensive and thorough analytical 
presentation; and (2) Reflect on and relate his experience as a consultant on 
hundreds of projects during his professional career. Furthermore, in order to 
enhance the concepts and procedures, photographs are included in the text in the 
belief that "a picture is worth a thousand words." Also, in recognition of the benefit 
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one derives from illustrations, numerous example problems are included in order 
to explain various procedures and problem solving techniques, and numerous 
problems are provided at the end of each chapter for student assignment. 

At the end of each chapter, a somewhat limited but perhaps useful and relevant 
bibliography was included for those interested in further reading. Many of these 
publications are also used by the author as references in formulating his observations 
and text content; these are cited by number in parenthesis. 

Although every attempt was made to minimize errors, it is perhaps inevitable 
that errors were made and not detected. In this regard, if the reader should detect 
such errors, the author would be greatly indebted if these are brought to his 
attention so that they may be subsequently corrected. Similarly, any suggestions in 
the type and mode of coverage of material would be greatly appreciated for future 
editions. 

The author wishes to thank the following professors for their reviews, observations, 
and input: Dr. M. S. Aggour. University of Maryland; Dr. S. H. Armaleh, University 
of Arizona; Dr. C. Aryani, California State University at Sacramento; Dr. E. C. 
Drumm, University of Tennessee; Dr. C. L. Ho, Washington State University; Dr. 
R. D. Hryciw, University of Michigan; Dr. C. H. Juang, Clemson University; Dr. 
J. S. Lin. University of Pittsburgh; Dr. K. Tawfig, Florida State University. 

Gratitude is also expressed to the following for' their effort in connection with 
the preparation of the text: Jude Cemica, Tricia (Cemica) Lallo, Joe Stafford, 
Kent Knauf, Dr. Richard A. Muntean, and Dr. Shakyr Husain, Youngstown State 
University. Also, many thanks to Mary Ann Cantelmi and Shari Simko for their 
typing of the manuscript. Finally, I wish to express my sincere appreciation to many 
contributors of photographs, sketches and other input used in the text. 


John N. Cemica 
September 1, 1994 
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CHAPTER 1 


Soil In Engineering 


1.1 INTRODUCTION 


Soil is man's oldest, perhaps most common, and probably the most complex con¬ 
struction material. Because of its function as the support for virtually all structures, 
soil becomes an indispensable component of construction and, therefore, in a 
broad sense, plays a most prominent role in civil engineering design. Hence, in 
spite of its complexity, we must work with it; we must determine its behavior under 
load; we must evaluate its interactions with the structure it supports. In the final 
analysis, we must fit it into its designated role such that a given design is economical 
and safe. These are rather demanding tasks that ordinarily require a working 
knowledge of soil mechanics, some relevant experience, and a great deal of engi¬ 
neering judgment. 

Up to this point the typical civil engineering student has taken a series of courses 
in mathematics, analytical mechanics, or mechanics of materials in which the prob¬ 
lem as well as the variables were relatively well defined. For example, the student 
may be able to readily solve for the reactions, moments, stresses, or deflections in 
a continuous-steel beam of a given size and length, which supports a designated 
load. The student may also know quite well that the modulus of elasticity for steel 
is a constant, that the material is reasonably homogeneous and a quality-controlled 
product. Hence, the behavior of steel under load can be predicted with reasonable 
accuracy. By contrast, the practicing civil engineer may be called upon to analyze, 
design, or construct a structure whose design parameters are not nearly as well 
defined. For example, let us imagine the problem of designing a dam, a dock, a 
tower, an airport, a retaining wall, a highway-all structures founded on soil or 
ledge. In their overall scope, these projects encompass much more than the idealized 
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or hypothesized conditions and variables cited above. These are situations where 
one must employ the use of good judgment to solve the problem. In other words, 
the interaction of a reasonably "homogeneous" steel beam, supported by "elastic" 
columns that rest on rather "unpredictable" material such as soil poses a problem 
that is not clear-cut, and one that mayor may not have a single and unique solution. 

Geotechnical Engineering is commonly regarded as the whole of two parts: Soil 
Mechanics and Foundation Design (or Foundation Engineering). Soil Mechanics 
encompasses topics associated with the physical and index properties of soil, wa- 
terflow through soils, stress and deformation phenomena in soils, strength parame¬ 
ters, bearing capacity, field exploration techniques, laboratory testing, and a brief 
reflection on geology. Foundation Design/Foundation Engineering focuses on 
bearing capacity, methodologies for designing various types of spread and combined 
footings, retaining walls, sheet piles, deep foundations and techniques for site 
improvements. Soil Mechanics is the focus of this textbook. 

1.2 GEOTECHNICAL ENGINEERING-A GENERAL PERSPECTIVE 


What is Geotechnical Engineering? While such a question may be a timely one, a 
clear and meaningful answer may be elusive at this time; the answer may, perhaps, 
be self-explanatory subsequent to coverage of the material in the following chapters. 
However, a preview or perspective of the field should provide the student with a 
valuable notion as to the direction regarding topics and problems encountered in 
the soil mechanics-foundation design field. 

Briefly, Geotechnical Engineering is a subdiscipline within Civil Engineering. It 
embraces the topics of soil mechanics and foundation design. It develops the 
groundwork for evaluating the interaction between the geological environment 
and man-made works, including earth-supported structures, retaining walls, dams, 
and special foundations. It provides guidelines for evaluating the stability of slopes, 
for sampling and testing soils, and for improving building sites. In short. Geotechni¬ 
cal Engineering covers all forms of soil-related problems, some of which are briefly 
introduced in the following paragraphs. 

Bearing Capacity 

Like most building materials (e.g., steel, wood, and concrete), soil displays some 
degree of elasticity, and a somewhat defined relationship between load and deforma¬ 
tion, particularly for the low ranges of loading. Figure 1.1 typifies a relationship 
between a bearing stress q and deformation (or settlement), 0. Also, like the stress- 
strain relationships depicted for other construction materials, the deformation 0 
in soil becomes much larger per unit load past a certain point, synonymous to the 
yield point. Unlike other materials, however, the load-deformation relationship in 
soils is rather nonlinear, even for reasonably low ranges of load. 

As for other building materials, the engineer must select a soil bearing pressure 
q to use in his design. This is not much different from selecting a working stress, 
say for steel. Unlike steel, however, the procedure for such a selection becomes 
appreciably more complicated. For example, in the case of steel, one is able to 
test representative specimens with relative ease, and, correspondingly, to select a 
reasonable working stress based on such tests. For soil, the determination of a 
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Relatively elastic 
vertical compression; 
some lateral 
distortion of soil 



suitable bearing value is appreciably more involved. As we will see in subsequent 
chapters, the bearing capacity is a function of many variables; such variables include 
soil characteristics, shape and depth of the footing, variation in strata conditions, 
water-related conditions, as well as time. 

Example Figure 1.2a shows an isolated footing bearing on a given soil formation. 
The size of the footing is related to the allowable bearing capacity. Obviously, a 
larger footing would be required for a weaker than for a stronger soil. Thus, the 
objective is to determine an allowable bearing capacity, q, and subsequently, the 
footing area (A = BL; Fig. 1.2b) via A = Plq, and so on. However, the difficult 
challenge is to determine an appropriate q. 


Slopes 

A slope may be any laterally unsupported earth mass, natural or man-made, whose 
surface forms an angle with the horizontal. Hills and mountains, river banks and 
coastal formations, earth dams, highway cuts, trenches, and the like are examples 
of slopes. Every slope experiences gravitational forces; it may also possibly be sub¬ 
jected to earthquakes, glacial forces, or water pressures. In turn, these phenomena 
may be direct influences on the stability of the slope. We have all seen slope masses 
that have experienced a sliding failure. Evaluating the stability of such masses falls 
in the category of Geotechnical Engineering. 

Example Figure 1.3 shows a slope whose surface or face is subjected to a hydrostatic 
force; this may be a typical depiction of an earth dam. Generally, sliding planes 
for slopes are somewhat circular, as shown in Fig. 1.3, rather than straight lines. 
The resisting force S is shown opposing potential impending motion. This internal 
force S as we shall see later, is a function of the normal forces on the slip plane, 
as well as soil properties (cohesion and angle of internal friction). The weight of 
the earth mass 1/1/ is a cause for impending motion. In the stability analysis, one 
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Figure 1.2 A column load Pis transmitted to a soil formation 
via a properly designed spread (isolated) footing. 



Water table 
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must evaluate the magnitudes of any such actuating forces (and any probable 
changes), as well as those that resist motion. Quite obviously, if the water table is 
lowered (say the lake water is lowered), the hydrostatic force will disappear and 
thus one must account for such changes in the overall stability analysis. 

Retaining Walls 

Let us imagine a steep, unsupported slope, say one with a vertical face. Would you 
expect such a slope to be a safe one? Or would the expected consequences be a 
slip failure? Of course, the latter is the answer; that is, one does not expect a vertical, 
unsupported earth face to remain standing for very long. Hence, in such a case, 
we may provide lateral supports, in the form of retaining walls. 

Typically, rigid retaining walls are constructed front concrete, as shown in Figs. 
1.4a-d. The reason for having different shapes will be discussed later. At this point, 
however, it may suffice to indicate that these are regarded as rigid walls, usually 
suited for dry-land construction, where bearing strength is reasonably good, and 
where construction and water problems are not particularly adverse. They would 
be difficult, expensive, and perhaps even impossible to construct in areas where 
soil is extremely soft, water table is very high, and pumping and excavation are 
extremely difficult; such an example may be the edge of a river, lake, or ocean. In 
such a case, a viable alternative would be the use of sheet-pile walls (Fig. 1.4e), 
generally regarded as flexible retaining structures. 
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Example Concrete retaining walls may be suitable for a large grade separation, 
bridge abutments, or concrete dams. A flexible (sheet-pile) wall may be constructed 
for accommodating water-shore facilities, boat-dock installations, deep excavations, 
and so on. In both instances, the challenge to the engineer is to evaluate the lateral 
forces and to design the appropriate structure to resist such forces. 

Dams 

Man-made lakes are formed by damming of water from streams or water sheds. 
Usually, a large percentage of the dam is constructed of soil; the spillway is typically 
of concrete. Hence, procedures and criteria are needed to design and construct 
both the earth and concrete segments of the dam. 

While the dam's stability is an indispensable requirement, its ability to hold water 
is also unquestionably important. Quite obviously, the dam would be improperly 
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designed and constructed if water loss via seepage were excessive. Thus, the chal¬ 
lenge to the engineer is to provide not only a safe dam but one that functions well. 

Example Figure 1.5 shows an earth and a concrete dam. Of course, since all soil 
permits some seepage, the water loss for an earth dam may be through as well as 
under the dam. The challenge is to determine the seepage loss. 

Generally, the seepage loss through the concrete dam is negligible; however, the 
seepage loss through the soil formation under the concrete dam is a typical concern. 
As engineers, we must determine the seepage loss with acceptable accuracy for an 
appropriate design. 




Impervious Equipotential lines 


Figure 1.5 Seepage flow through earth dams or under concrete dams. 


Erosion 

When the ground surface configuration is changed by water or wind, the effect is 
known as erosion. Typically, the deposits associated with erosions are rather soft, 
compressible, and, generally, display poor strength (i.e., poor bearing capacity). 
The challenge to the geotechnical engineer is to detect such deposits, evaluate 
their characteristics, and account for such deficiencies. 

Example Figure 1.6 shows characteristics associated with erosion. In the case of 
water erosion, the soil is carried away from the high ground and deposited at low 
elevations. Typically, the soil is soft, usually highly saturated, compressible, and of 
poor bearing capacity. Furthermore, the thicknesses of such deposits may be indeed 
large, a phenomenon common in low-lying areas (e.g., near lakes and rivers). 
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Figure 1.6 Transported soils. 


Wind takes the soil from the lower elevations and deposits it at higher elevations. 
As in the case of water (sometimes even more so), the soil is of poor bearing 
capacity. It is frequently unstable, particularly when subjected to dynamic loads 
or when exposed to moisture; a typical consequence is a sudden and significant 
"settlemen t." 

Special Foundations 

Figure 1.7 shows but three of a large variety of special foundations. Generally, the 
selection of the type and detail for design of such foundations is closely tied to 
both building conditions and soil properties. The challenge to the geotechnical 
engineer is to assess these conditions and provide the appropriate design parameters 
to account for such special conditions. 

Example Visualize a very soft and compressible soil formation. An ordinary spread 
footing may not be a suitable means of support; the consequences may be excessive 
settlement and potential damage to the building. One viable alternative, in that 
case, will be to project the building loads to a stronger soil or rock formation via 
piles or caissons, as shown in Fig. 1.7c. In the case of piles, the typical installation 
consists of a group of three or more piles, with a concrete cap at the transition 
point between column and pile group. 
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Figure 1.7 Examples of special foundations. 


1.0 SOIL MECHANICS-A BRIEF OVERVIEW OF ITS EVOLUTION 


By about 1900 much of the applied mechanics encompassed in the field of soil 
mechanics had been worked out. However, the material was not integrated into a 
coherent discipline. Instead, it took the form of a set of somewhat isolated topics, 
such as earth-pressure theory and slope stability, with little correlation between 
field observations and theoretical analysis, and overlooking the unifying principles 
of effective stress. 

Perhaps the greatest and truly profound influence in the field of soil mechanics 
was exerted by Karl Terzaghi (1882-1963). He is generally credited with having 
established soil mechanics as one of the basic subjects of civil engineering science. 
As a result of his research during 1919-1925, and his genuine interest and ingenuity, 
he provided the unifying concepts that made soil mechanics a science-an immense 
contribution to the field. The publication of his textbook, Erdbaumechanik, formu¬ 
lated what is generally accepted as the basis for today's soil mechanics. This work, 
coupled with more than 200 scientific papers and his worldwide influence as a 
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consultant, lecturer, and contributor to scientific efforts, elevates him to the level 
of recognition as probably the most fruitful contributor to the field of soil mechanics 
in history. Indeed, he is generally regarded as the "father of soil mechanics". 

Prior to Terzaghi's famous publication, a number of notable contributions were 
made that paved the way to significant advances in the soil mechanics field. It may 
be interesting to briefly review the chronology of development in this discipline. 

Soil and foundation problems and solutions were certainly not limited to any 
one era, geographic location, or particular people in history. While clear and 
specific details are lacking for an accurate and comprehensive evaluation of the 
state of the art, ample evidence exists of successful solutions to foundation problems 
faced by some of the earlier builders. For example, the many structures, aqueducts, 
bridges, roads, and so on built by the Romans 2000 years ago provides some proof 
of their mastery of the art in foundation design. Similarly, the Great Wall of China 
and the Pyramids of Egypt are further evidence of the ability of ancient civilizations 
to master some of the problems associated with a suitable foundation. Likewise, 
some earth dams in India that have been storing water for more than 2000 years 
are additional testimonials to geotechnical ability and provide implicit proof that 
the ancients were capable builders. Perhaps they may be credited as the early 
initiators of a basic approach to the solution of problems of soil mechanics and 
foundations. 

Though the evidence cited above shows that some knowledge existed during 
ancient civilizations of the interaction of a superstructure with the soil supporting it, 
there is insufficient evidence to suggest that these ancient people had a "systematic" 
approach to the solution of their foundation-related problems. In all probability, 
their basic knowledge of soil mechanics was rather skimpy, quite probably unstruc¬ 
tured, limited in scope, and perhaps confined to the geography of a given region. 
During that era, lack of transportation and writing proved to be major obstacles 
to the dissemination of knowledge and ideas over wide areas, thereby imposing 
limitations to the propagation of new information. 

Needless to say, the ancient designers experienced failures as well as successes, 
in some cases due to bad engineering judgment and in others due to highly 
inadequate knowledge of soil properties; they certainly lacked the technology of 
sampling, testing, and evaluating the subsurface conditions. In all probability, their 
knowledge was derived through experience, through trial and error, and through 
commonsense approaches. It is quite possible that if the structure did not perform 
satisfactorily, it would be replaced with a new one that did, and so on. 

An appreciable decrease of interest in problems related to soils appeared from 
the fall of the Roman Empire until about the 15th century. It was not until the 
17th and 18th centuries that real attention and interest again focused on soil 

mechanics and foundation engineering. It is from this period on that we are able 

to trace more specifically the contributions made to soil mechanics; it appears that 
the bulk of the interest by the early investigators focused on retaining walls and 
slope stability.. 

An excellent summary of the more significant contributions made during approxi¬ 
mately the last three centuries in the soil mechanics field was compiled by A. W. 
Skempton, in his paper "Landmarks in Early Soil Mechanics" (38). Indeed, it is 
this paper that serves as a basis for references cited in the following paragraphs. 

Leonardo da Vinci (1452-1519), the world renowned, infinitely curious and 

inventive artist, is widely recognized not only for painting and sculpture, but also 
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for his undertaking in science (geology, geography, astronomy, botany, anatomy), 
architecture, and engineering. Among his many notes and drawings, one finds 
references to work he had done in connection with the behavior of soils. He noted 
that every heap of sand will have its base twice the length of its axis, leading to his 
conclusion that the angle of repose of the sand is approximately 45°. He also 
proposed tests to determine bearing capacity of soils. Furthermore, from his notes, 
it appears that he had some understanding that soil is nonhomogeneous, that soil 
behavior is time-dependent, and that its behavior may vary. 

Henri Gautier (1660-1737), a French royal engineer, was among the early investi¬ 
gators who experimented with the natural slope of soils and, subsequently, formu¬ 
lated a theory for retaining wall designs. Essentially, he concluded that the forces 
on the retaining wall are those necessary to support the wedge of soil enveloped 
by the natural slope of the soil (for clean, dry sand, his angle was 45°), and that 
of the wall. 

Bernard Forest de Belidor (1671-1761), a professor of mathematics, adapted 
some of Gautier's work on masonry retaining walls, including walls with surcharge 
slopes. De Belidor subsequently reasoned that the coefficient of active pressure is 
0.5 and that the active thrust is equal to hH*. 

Marquis Sebastien Ie Prestre de Vauban (1633-1707), a French military engineer, 
was among the first to formulate recommendations related to the analysis of earth 
pressures on retaining walls. He provided some integral guidelines and regulations 
for the construction of retaining-wall type structures. 

Charles Augustin Coulomb (1736-1806), aFrench military engineer, who perhaps 
is most famous for this research on electricity and magnetism, was the most notable 
early contributor to the earth-pressure phenomenon. In a famous paper he pre¬ 
sented in 1776, Coulomb deals with shear strength of masonry and soils, earth 
pressures, stability of arches, and strength of beams. Coulomb is generally credited 
with the first basic and scientific approach for calculating stability of retaining 
walls. In fact, his work still serves as a basis for modern-day analysis of retaining 
walls. 

Jean-Henri Maniel (1760-1809) was a French army engineer whose contribution 
related to earth pressure. His work takes the form of theoretical analysis, but he is 
perhaps most famous for his experimental work on the subject. He developed an 
apparatus that was used to measure, with reasonable accuracy, the thrust exerted 
by the backfill onto a retaining-type structure. 

Jacques-Frederic Franl;ais (1775-1833), aFrench engineer, extended Coulomb's 
analysis to obtain the active pressures on walls having an inclined backface, with 
zero wall friction and horizontal backfill. His was the first analytical solution relating 
to the stability of slopes of general inclination. 

Jean-Victor Poncelet (1788-1867), a French army engineer and professor of 
mechanics, presented a classic treatise on the design of retaining walls and their 
foundations, based on Coulomb's wedge theory. He theorized solutions for active 
and passive pressures for a general case with wall friction, sloping backfill, and 
inclined walls. He also provided a graphical method for determining the critical 
slip plane and earth pressure. He stressed the importance of foundation stability 
against sliding, and he showed the necessity for adequate embedment and resulting 
passive pressures on the front face of the foundation in order to attain the stability. 

William John Macquorn Rankine (1820-1872), Scottish engineer and physicist, 
best known for his research in molecular physics, authored papers on thermodynam- 
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ics and strength of materials, and wrote textbooks on applied mechanics, steam 
engines, civil engineering, and machines. Rankine established general principles 
of stress fields. As in the case of Coulomb, Rankine's theory will be discussed 
at length in Chapter 12. Generally, Rankine's theory reflects a simplification of 
Coulomb's method. 

Sir Benjamin Baker (1840-1907), an English civil engineer, designed, among 
other things, tunnels and roads, was a consultant on irrigation works in Egypt, and 
focused on the lateral pressures of earth on retaining walls. In this regard, he 
reflected on the accuracy of some of his predecessors' methods for determining 
the forces on retaining walls. 

Sir George Howard Darwin (1845-1912) was an English applied mathematician. 
He did experiments designed to show the magnitude of earth pressure on walls, 
with apparently only minimal success regarding accuracy. His major contribution 
appears to be a general coverage of the soil mechanics field. 

Jean Resal (1854-1919) was a French bridge designer and professor. Essentially, 
he took Rankine's work and extended it to include both friction and cohesion in 
cohesive soils, when determining active and passive pressures on retaining walls. 
He was also instrumental in developing the concept of tension in cohesive soils 
along the zone of slip lines. 

John Grundy (1719-1783), an English engineer, was one of the earlier contribu¬ 
tors to the literature of earth-dam design. He recognized the importance of water 
loss through seepage and, therefore, designed a clay core. Furthermore, he reflected 
on the quality of the material to be selected for the core, as well as on the methodol¬ 
ogy for placing it (compacting it) during construction. Such features are still part 
of the present-day design and building requirements. 

Karl Culmann (1821-1881), a German engineer, focused on the method of 
graphic statics for determining earth pressures on retaining walls. Indeed, the 
essence of his method is still used as the graphical approach to this problem in 
current-day practice. 

Jean-Rodolphe Perronet (1708-1794) was a French engineer especially known 
for his bridges, but he also focused on the engineering study of slope stability. He 
postulated that slopes that have remained stable for a long time will continue in 
that condition unless changes are introduced. He is perhaps the first to introduce 
curved slip surfaces; he also suggested that probes should be taken to establish the 
condition of the soil in connection with the evaluation of stability. 

Henri Philibert Gaspard Darcy (1803-1858) wasaFrench engineer who did rather 
extensive experimental work on sand filters, focusing on the rate of permeability of 
water through soils. He developed an apparatus to measure the quantity of water 
flow through sands at different hydrostatic pressures and subsequently formulated, 
and experimentally verified, the accurcy for the now-famous relationship, known 
as Darcy's Law, Q= kA Ilk/L, where k = coefficient of permeability; Q— quantity 
of flow; A, L = cross section and length of soil mass, respectively; llk= difference 
of hydrostatic head at the entrance and exit points of soil mass. This is discussed 
in detail in Chapter 5. 

Joseph Valentin Boussinesq (1842-1929), a self-taught applied mathematician, 
advanced Rankine's analysis (and others' work) related to earth-pressure problems 
and provided us with a tool for analyzing and estimating stresses in the soil stratum 
from the loads applied at the earth's surface, an offshoot from the subject of 
strength of materials. 
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Otto Mohr (1835-1918) proposed a graphical device to analyze stress at a point, 
which we commonly refer to as the "Mohr Circle." Mohr's rupture theory provided 
us with a tool to evaluate shear stress and shear failure of a soil mass, based on 
strength parameters (cohesion and angle of internal friction). 

By the turn of the 20th century much of the knowledge in the soil mechanics 
field was getting disseminated through various forms of publications, planned meet¬ 
ings, and organized presentations of experimental findings via periodicals published 
on a regular basis by professional societies, both from this country and from abroad, 
particularly Europe. Thus, this was perhaps the real beginning of the new science 
and the evolution of a new field regarded as soil mechanics. 

Early in the 20th century much research on the subject had been done by 
the U.S. Bureau of Public Roads, U.S. Army Corps of Engineers, U.S. Bureau of 
Reclamation. The Portland Cement Association, many state highway departments, 
as well as many universities. Most notable are perhaps efforts in the United States, 
with significant contribution made by others in Germany, France, and Sweden. 

As mentioned previously, Karl Terzaghi was perhaps the most influential in 
unifying the concepts that made soil mechanics a science. Since Terzaghi's famous 
publication to the present time, numerous works have appeared in this regard. 
Indeed, there is a very long (and growing) list of those that left an indelible mark 
in the field of soil mechanics-perhaps too numerous to repeat here and probably 
best left untouched lest we leave some deserving names unmentioned. 

Some particularly good sources of information relating to soil mechanics are 
Journal of Geotechnical Engineering, American Society of Civil Engineers, New York; 
Canadian Geotechnical Journal, Ottawa, Canada; and Geotechnique, Institution of Civil 
Engineers, London, England. 

1.4 GENERAL APPROACH TO SOLVING GEOTECHNICAL PROBLEMS 


With time, students will find that geotechnical problems are not as well defined as 
most others that they confront; they will also find their solutions less concise 
and/or uniquely oriented. They will also be impressed with the fact that Geotechni¬ 
cal Engineering requires much more intuitive judgment than most other forms of 
mechanics. That is, although the emergence of many formulated procedures for 
solving geotechnical problems have greatly reduced the try-and-miss or rule-of- 
thumb approaches that may have prevailed in the past, in most instances the 
methodology for solving numerous geotechnical problems still includes many as¬ 
sumptions and empirical procedures. 

Geotechnical Engineering embraces many components of established sciences, 
laws of mechanics, and hydraulics, but it does not establish any single or unique 
approach to the solution of a foundation problem. Instead, it provides some basic 
tools with which the soils engineer must work. With these "tools," plus diligence, 
common sense, and careful evaluation of available data, the engineer finds a well- 
developed solution to a foundation problem. 

Safety and economy, in that order, are perhaps the most important aspects of 
geotechnical design. The designer must strive for a stable and functional design at 
minimum cost. To do so, engineers must first understand the problem, systematically 
evaluate various data, have a concise and relevant objective, and then proceed to 
a solution. In the final analysis, the engineer must understand the interaction of 




1.4 General Approach to Solving Geotechnical Problems 13 


the super structure with the foundation supporting it and subsequently develop 
suitable design parameters. 

The following procedure for the overall scope of solving a problem in Geotechni¬ 
cal Engineering is deemed useful and should serve as a basic outline for the steps 
required in solving geotechnical problems. Indeed, in a general sense, it may serve 
as a reasonable basis for solving not only geotechnical problems but also problems 
of a general nature; of course, some modifications may be required with different 
situations, but the general format may indeed be useful on many occasions. 

General Outline for Geotechnical Problem Solving 

1. Delineate relevant aspects of the project. 

(a) Attain total familiarity of the proposed facility (e.g., buildings, dams) 
to be constructed. 

(b) Assess the information regarding the site for the proposed facility. 

2. Formulate a viable objective. 

(a) Establish expected level of performance and relevant degree of safety 
(e.g., a viable safety factor). 

(b) Develop suitable parameters for a safe and economical design. 

(c) Assess the interaction of the proposed facility with the soil supporting 
it, for various design and construction options. 

3. Follow procedural steps toward a solution. 

(a) Establish the nature and extent of the underlying material (i.e., review 
soil borings and test data, performance history and relevant data of 
adjoining facilities, site visits). 

(b) Estimate the probable behavior of the strata subjected to the effects 
of the proposed facility, and to possible variations and conditions 
with time (e.g., consolidation, stability, construction-related problems, 
superimposed effects from future loadings, fluctuating water level). 

(c) Assess with the designer and owner the relevant and expected perfor¬ 
mance criteria (e.g., examine drawings, specifications, design data and 
parameters; identify degree of risk, critical aspects of the design and 
construction, tolerable conditions, uncertain ties). 

(d) Establish site and construction restraints and overall feasibility of the 
project; develop recommendations and procedures for the design and 
construction of the facility in concert with the facility designer's and 
owner's expectations. 

(e) Develop a contingency plan to account for possible inadequacies or 
changes, and to monitor performance during the various phases of 
construction, and to subsequently evaluate the measured performance 
against that anticipated or expected result. 

Needless to say, the scope and extent of such detailed procedures may not be 
warranted in all instances. In any case, however, the outline should serve as a 
checklist for possible requirements for general cases, with modifications as deemed 
suitable for particular instances. As always, good engineering judgment is an ex¬ 
pected factor for solving all problems, perhaps even more indispensable for solving 
geotechnical problems. 
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1.5 ON STANDARD OF PERFORMANCE: SOME ASPECTS RELEVANT TO 
PROFESSIONAL PRACTICE 


As an engineer provides technical services related to a project, he becomes a 
component of a team responsible for that project's integrity. On the one hand, 
this provides the engineer with a unique and exciting opportunity to exercise his 
skills; on the other, it also exposes him to potential liability/legal ramifications- 
aspects indeed relevant to his professional practice. 

In an article entitled "Toward a Standard of Care," James R. Franklin, FAIA 
(23), presents an excellent overview of expectations and potential legal exposure an 
engineer may face during his professional life. It is informative and is recommended 
reading. Hence, with the expressed consent of and direct input by Mr. Franklin, 
the following are brief excerpts and highlights from his paper. 


Challenging Times 

How design professionals practice-the ways in which they provide professional 
services-has been seriously affected in recent years by two national trends: there 
has been (a) a growing emphasis on quality-of-life issues, and (b) an increasing 
demand for personal accountability. There is much that is positive about this. As 
a society, we are demanding better designed projects and getting them. We are all 
beneficiaries of much that is being done to safeguard and improve our environment, 
both built and natural. 

There is a negative side, however, when people act as though they were entitled 
to have everything always work out just as they want. When that does not happen, 
many feel there should be someone to blame and to owe them damages. The result 
is that the number of lawsuits in the United States has risen alarmingly in recent 
years, including those charging design professionals with negligence. 

By far the majority of such lawsuits against design professionals are unsuccessful; 
that is, the claimants are unable to prove the design professionals were liable. To 
prove such liability, the law requires proof of four elements: 

Duty That the design professional owed an obligation to the person making the 
claim-a duty to do or refrain from doing something. 

Breach That the design professional failed to perform that duty. 

Cause That this breach of duty was the immediate and direct cause (lawyers say 
"proximate" cause) of what happened to the claimant. 

Damage That there was actual harm or damage to the claimant as a result of the 
breach of duty. 

Risk is a given. Every project involves accepting those risks for which the design 
professional, through education and training, is competent to provide appropriate 
professional services. The acceptance and prudent management of those risks is 
the very essence of the value of the professional services-the reason you get paid. 
Therefore, rather than focusing on avoiding risk, the positive approach calls for 
design professionals to knowingly accept those (but only those) risks for which they 
are competent and with which they are comfortable, then properly manage them. 
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Legal Overview 

The law does not require a professional to do certain things; it requires one to act 
in a certain way. As such, it is important that one gain a basic understanding of 
the law as it relates to one's business and to the practice of one's profession. First, 
there are two major categories of law, one relating to criminal actions and the 
other to civil actions. Criminal actions are brought by society against an individual, 
and the penalties can be in the form of fines or imprisonment or both. In contrast, 
civil actions are brought by individuals, and the redress for wrongdoing is usually 
in the form of money. With very few exceptions (e.g., price-fixing or fraud), every¬ 
thing to do with professional practice is a civil matter. 

Under civil law, there are basically three categories of obligations owed by design 
professionals to their clients and the public on every project: 

1. Contractual obligations are the terms and conditions you and your client agree 
to in the contract. If you don't provide the services or meet the schedule you have 
agreed to, you will have breached your part of the bargain, and the client may be 
due damages. 

2. Regulatory law embodies a second set of professional obligations. Codes, licens¬ 
ing laws, and zoning regulations are examples of ordinances adopted by state and 
local governments to protect the public. As a design professional, you are obligated 
to design projects that comply with these requirements. 

3. The third set of obligations is less readily understood and has to do with the 
essence of what sets you apart as a professional. As a professional, you are obligated 
to practice so as to meet the standard of care, which essentially means taking those 
actions that another reasonably prudent design professional would have taken, 
given the same circumstances. 

The standard of reasonable care, the legal basis for determining professional 
negligence, is a very old concept that comes down to us from English Common 
Law. The standard of care is fixed and never changes, yet the findings of what is 
acceptable under the law are subject to incremental changes and reinterpretation 
as societal conditions and technologies change. Essentially, the law says only that 
a design professional is required to exercise a degree of care, skill, and diligence 
in professional practice that is equivalent to what may be reasonably required of 
one in that profession given the specific time, place, and circumstances. An engineer 
or architect is not required to produce a perfect plan, and there is no implied 
warranty or assurances that the drawings or specifications will be perfect and free 
from defects, only that they will be prepared in accordance with professional stan¬ 
dards. Of course, the law does not accept professional standards of practice that 
endanger public health, safety, and welfare. 

Prudent Performance 

No court, professional societies, or universities can comprehensively define in ad¬ 
vance just how the standard of care must be achieved on every project. The very 
nature of the profession is to be always evolving, growing, and innovative; changes 
in technologies, expectations, and perhaps particular needs for a project create 
issues too complex to be totally and comprehensively covered by specific regulations. 
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For example, the use of a material or construction detail in one part of a building 
can be an act of negligence if duplicated in another; or current access for the 
handicap currently required might have been regarded as unnecessary, even impru¬ 
dent, additional expense two decades ago. The standard of care never changes; 
how it is achieved, however, is always subject to change. 

As a professional, you have an inherent obligation to maintain your professional 
knowledge, to recognize the limits of your own competency, and to undertake 
functions and responsibilities only for those professional services for which you are 
properly qualified by education and experience, or for which you can assemble a 
qualified team of competent consultants. Society does not expect perfection from 
you; you are expected, however, to perform reasonably and with prudence-to act 
with a reasonable level of judgment and skill. There is no definitive list of actions 
always comprehensive enough to govern your practice. As is the case when driving 
a car, mid-course corrections are not the exceptions; they are the rule. Arriving 
safely and without harming others is a driver's task; a professional likewise develops 
an action plan for achieving the goal of his services. 

Controlling Risks 

Instituting a risk management program in your practice is one effective way to 
develop an action plan for achieving a reasonable standard of care. Some of the 
important considerations for the design professionals are risk assessment; equitable 
allocation of risks; documentation. 

Risk assessment includes the following: recognition of what risks are involved; 
quantification of what is at stake and determination of the value of the risk; identifica¬ 
tion of who has the power to control the outcome; determination of who should 
assume the risk. 

Allocation of risks involves the judicious and equitable allocation of risk as part 
of the contractual relationship for a design project. Risks,responsibilities, authority, 
and compensation are the elements to be combined and distributed with basic 
fairness between the client and the professional, and the contractors involved in 
the project. 

Documentation and record keeping involves the paper trail necessary to substanti¬ 
ate the actions and decisions taken. The mechanics of your documentation system 
are far less important than the fact that you have one. Byconfronting and controlling 
risks, a professional can appropriately increase his power, image, and compensation. 

Important considerations in the context of accomplishing this goal, include: 

• Understanding the standard of care. 

• Assessing the project risks intelligently and responsibly. 

• Allocating risks equitably. 

• Appropriately documenting the project details. 

• Maintaining and expanding a professional competence as a long-life com¬ 
mitment. 


Pro blems 


1.1 Describe the characteristics that make soil such a complex construction 
material. 

1.2 What is encompassed by the term soil as used in engineering? 
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1.3 What is (a) the difference, and (b) the connection between Soil Mechanics 
and Foundation Engineering? 

1.4 How does Geotechnical Engineering (a) resemble and (b) differ from other 
forms of mechanics, such as statics and dynamics, fluid mechanics? 

1.5 (a) In your own words, define bearing capacity, (b) What resemblance do 
you see in load-deformation characteristics in soil to that of other material, 
such as steel and concrete? 

1.6 (a) How would you define slope failures? (b) Is erosion a factor in the stability 
of slopes? Explain. 

1.7 How do you envision behavioral and functional differences between earth 
dams and concrete dams (e.g., permeability, stability, construction and cost 
features) ? 

1.8 (a) What portion of soil mechanics appears to have received most attention 
during the era when the formulation of a "structured" approach to soil 
mechanics began (in the 17th, 18th, and 19th centuries)? (b) Name a few 
of the very early, more prominent contributors to this phase of soil mechanics. 

1.9 How and what did Karl Terzaghi contribute to the field of soil mechanics? 

1.10 Engineering judgment is needed in virtually all phases of engineering prac¬ 
tice, but perhaps even more so in Geotechnical Engineering. Explain why. 

1.11 Explain the basic differences between the laws that govern criminal actions 
and those that cover civil actions. 

1.12 What is the general expectation of a design professional acceptable under 
the laws governing engineering practice? 


BIBLIOGRAPHY 


1. American Society of Civil Engineers, "Selected Bibliography on Soil Mechanics," 
Man. Eng. Practice, no. 18, 1940. 

2. Baker, B., "The Actual Lateral Pressure of Earthwork." Minutes of the Proceedings of 
the Institution of Civil Engineers, vol. 65, 1881, pp. 140-186. 

3. Baracos. A.. "The Foundation Failure of the Transcona Grain Elevator," Eng.J. vol. 
40, 1957. 

4 . Bazynski.J.."Studies ofthc Landslide Areasand Slope StabilityForecast," Bull. IAEG. 
Krefeld, West Germany, no. 16, 1977. 

5. Bell, R. A., and J. Iwakivi, "Settlement Comparison Used in Tank-Failure Study," 
ASCE J Geotech. Eng. Div., Feb. 1980. 

6. Belloni, L. A.. A. Garassini, and M. Jamiolkowski, "Differential Settlements of Petro¬ 
leum Steel (Tanks)," ConJ. Settlement of Structures, Brit. Geotech. Soc., Cambridge, England, 
Apr. 1974. 

7. Bishop,A.W.. .'The Strength of SoilsasEngineering Materials," 6th Rankine Lecture, 
Geotechnique, vol. 16, no. 2, 1966. 

8. Bjerrum, L., and A. Overland, "Foundation Failure of an Oil Tank in Fredrikstad, 
Norway," 4th Int. Con! Soil Mech. Found. Eng., Oslo, Norway, 1957. 

9. Bjerrum, L., "Geotechnical Problems Involved in Foundation of Structures in the 
North Sea," Geotechnique, vol. 23, no. 3, 1973. 

10. Boussinesq.J., "Essai theorique sur l'equilibre d'elasticite des massifspulverulents 
compare a celui demassifs solides et sur la poussee des terres sans cohesion," Memoires des 
Savants Etrangers, publics par I'Academie de Belgique,40, Brussels.Belgium, 1876,pp. 1-180. 




18 Chapter 1 • Soil in Engineering 


11 Brown, G. D., and W. G. Paterson, "Failure of an Oil Storage Tank Founded on 
Sensitive Marine Clay," Can. Geotech.j., vol. 1, no. 4, Nov. 1964. 

12 Casagrande, A., and R. E. Fadum, "Applications of Soil Mechanics in Designing 
Building Foundations," Trans. ASCE, 1944. 

13 Casagrande, A., "Role of the Calculated Risk in Earthwork and Foundation Engi¬ 
neering," ASCEj. Geotech. Eng. Div., vol. 91, no. SM4, 1965. 

14 Clark,]. S., "Survey of Oil Tank Failures," Ann. Inst. Beige du Petrol, no. 6, 1969. 

15 Collin, A., Landslides in Clays, Toronto University Press (1846), 1956 (translated by 
W. R. Schriever). 

16 Committee on Definitions and Standards of the Geotechnical Engineering Division. 
"SI Units for Geotechnical Engineering," ASCEj. Geotech. Eng. Div., vol. 109, Dec. 1983. 

17 Coulomb, C. A., "Essai sur une application des Regies de Maximis et Minimis a 
quelques Problemes de Statique, relatifs a 1'Architecture," Memoires par divers Savants, 1776 
(read in 1773) ["Coulomb's Memoir on Statics," Cambridge University Press, Cambridge, 
England, 1972 (translated with commentary by]. Heyman)]. 

lg Coulomb, C. A., "Recherches theoriques et experimentales sur la force de torsion 
et sur l'elasticite des fils de metal, etc.," Memoires par divers Savants, 1784. 

19 Culmann, K ., Die graPhisches Statik, Zurich, Switzerland, 1866. 

20 Duke, C. M., and D.]. Leeds, "Response of Soils, Foundations, and Earth Structures 
to the Chilean Earthquakes of 1960," Bull. Seismol. Soc. Am., vol. 53, no. 2, 1963. 

2 1 Eden, W.]., and M. Bozozuk, "Foundation Failure of a Silo on Varved Clay," Eng. 
j., vol. 45, no. 9, Sept. 1962. 

22 Forbes, R.]., Man the Maker, A History of Technology and Engineering, Henry Schuman, 
New York, 1950. 

23 Franklin,]. R., "Toward a Standard of Care," 1735 New York Ave., N.W., Washington, 
D.C. 20006. 

24 Green, P. A., and D. W. Hight, "The Failure of Two Oil Storage Tanks Caused by 
Differential Settlement," Con! Settlement of Structures, Brit. Geotech. Sac., Cambridge, En¬ 
gland, Apr. 1964. 

25 Jakobson, B., "The Landslide at Surte on the Gota River," R. Swed. Geotech. Inst., vol. 
5, 1952. 

26 Leonards, G. A., "Investigation of Failures," ASCEj. GeotechEng. Div., vol. 108, Feb. 
1982. 

27 , MacCurdy, E., The Notebooks of Leonardo da Vinci, Garden City Publishing Company, 
Garden City, N.Y., 1941. 

2 g Mitchell,]. K., V. Vivatrat, and T. W. Lambe, "Foundation Performance of Tower 
of Pisa," ASCEj. Geotech. Eng. Div., vol. 103, Mar. 1977. 

29 Osterberg,]. 0., "Necessary Redundancy in Geotechnical Engineering," ASCE j. 
Geotech. Eng. Div., vol. 115, Nov. 1989. 

3 Q Painter, S., A History of the Middle Ages 284-1500 A.D., Knopf, New York, 1953. 

31 Peck, R. B., and F. G. Bryant, "The Bearing Capacity Failure of the Transcona 

Elevator," Geotechnique, vol. 3, 1953. 

32 . Platner, S.B., The TopograPhy and Monuments of Ancient Rome, Allyn and Bacon, Boston, 
1904. 

33 Poncelet,]. V., Memoire sur la stabilite des revetements et de leurs fondations, Bachelier, 
Paris, France, 1840. 

34 Prandtl, L., "Eindringungs Festigkeit und Festigkeit van Schneiden," Zeitshcrift fur 
Angewandte Mathematik und Mechanik, vol. 1, 1921, p. 15. 

35 Rankine, W.]. M., "On the Stability of Loose Earth," Philosophical Transactions of the 
Royal Society, vol. 147, 1857, pp. 9-27. 

36 . Reynold, 0., "On the Dilatancy of Media Composed of Rigid Particles in Con¬ 
tact; with Experimental Illustrations," Philosophical Magazine, 5th Series, vol. 20, 1885, pp. 
469-481. 



Bibliography 19 


37. Scott, R. F., "Plasticity and Constitutive Relations in Soil Mechanics," The Nineteenth 
Terzaghi Lecture, Presented at the American Society of Civil Engineers, Oct. 20, 1983, 
printed in The journal of Geotechnical Engineering, vol. Ill, no. 5, May, 1985, pp. 563-605. 

38. Skempton, A. W., "Landmarks in Early Soil Mechanics," Proceedings of the 7th European 
Conference on Soil Mechanics and Foundation Engineering, vol. 5, Brighton, England, 1979, pp. 
1-26. 

39. Sowers, G. F., "Human Factors in Civil and Geotechnical Engineering Failures," 
ASCEj. Geotech. Eng. Div., vol. 119, Feb. 1993. 

40. Szechy, C., Foundation Failures, Concrete Publications Ltd., London, 1961. 

41. Terracina, F., "Foundations of the Tower of Pisa," Geotechnique, vol. 12, 1962. 

42. Terzaghi, K., Erdbaumechanik, Franz Deuticke, Vienna, 1925. 

43. Terzaghi, K., "Die Ursachen der Schiefstelling des Turmes van Pisa," Bauingenieur, 
no. 12, 1934. 

44. Terzaghi, K., "Relation between Soil Mechanics and Foundation Engineering," presi¬ 
dential address to 1st Int. Corif. Soil Mech. Found. Eng., Cambridge, Mass., vol. 3, 1936. 

45. Terzaghi, K., "Soil Mechanics-A New Chapter in Engineering Science," j. Inst. Civil 

Eng., London, England, vol. 12, 1939. 

46. Terzaghi, K., "Ends and Means in Soil Mechanics," Eng. j., Montreal, Canada, vol. 
27, no. 12, Dee. 1944. 

47. Terzaghi, K., "The Influence of Modem Soil Studies on the Design and Constmction 
of Foundations," Build. Res. Congr., London, England, vol. 1, 1951. 

48. Thomey, J. H., G. B. Spencer, and P. Albin, "Mexico's Palace of Fine Arts Settles 
10 ft.," Civ. Eng., vol. 25, no. 6, June 1955. 

49. Tschebotarioff, G. P., "A Case of Structural Damages Sustained by One-Storey High 
Houses Founded on Swelling Clays," 3rd Int. Con! Soil Mech. Found. Eng., Zurich, Switzerland, 
vol. 1, 1953. 

50. Williams, J. H., and J. D. Vineyard, "Geological Indicators of Catastrophic Collapse 
in Karst Terrain in Missouri," Trasp. Res. Rec., no. 612, 1976. 

51. Zeevaert, L., "Foundation Design and Behavior of Tower Latino Americana in Mexico 
City," Geotechnique, vol. 7, no. 3, Sept. 1957. 



CHAPTER 2 


Formation of Soil and 
Soil Deposits 


2J. INTRODUCTION 

The typical composition of soil is a combination of solid particles, liquid, and gas. 
This combination is generally referred to as the soil mass, and it may range from a 
variety of soft, highly compressible silts, clays or organic matter to firmer formations 
of sand, gravel, and rock. The solid phase may encompass a wide range of shapes, 
and may vary in size from large pieces of hard, dense rock or boulders to very tiny 
particles invisible to the naked eye. The liquid phase consists of water containing 
various amounts and types of dissolved electrolytes. The gas phase consists of typi¬ 
cally air, although organic gases may also exist in areas of high biological deposits. 
All of these materials may occur over a wide range of compositions, densities, 
moisture, and air content. Indeed, at any given building site, such variations may 
exist over intervals of as small as a few inches. It is no wonder, therefore, that 
such a sizable portion of the geotechnical engineer's effort is oriented toward the 
classification of soil and the evaluation of its properties for use in a particular 
project. 

The physical and index properties of soils (discussed in Chapter 4) ensue directly 
from the interaction of these phases (solid, liquid, and gas) with each other, and 
other forces such as stresses induced by an ongoing change in the environmental 
and physical changes in the planet Earth. To understand and properly assess the 
characteristics of a given soil deposit, one needs to understand what the material 
consists of and how it came to be in its present state (generally referred to as in- 
situ state). 
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The types, as well as the characteristics, of the soil are inherently related to the 
origin of the parent material. The rocks and minerals of the Earth's crust were 
the parent materials from which soils originated. Exposure to weathering agents, 
volcanic action, erosion, transportation, and stresses induced by an ongoing defor¬ 
mation of the Earth's crust are factors directly tied to the disintegration of these 
rocks and minerals. Soils were formed in this process. 

The nature of the soil stratum is continually transformed (7). Both the rate of 
transformation and the resulting product are dependent on and influenced by a 
number of factors. Among these factors are the following: climate, particularly 
temperature and humidity; hydrology of the area (e.g., rainfall, run-off conditions); 
topography of the area, including the rate and amount of percolation of water, 
exposure to the sun or winds, and so on (3); organisms, encompassing animal and 
plant life; and time. Furthermore, more than one such factor act simultaneously. 

The disintegrating effects on the rock and the subsequent soil transformations 
are most evident near the surface. However, it is a continuous process, to various 
degrees, for appreciable depths below the surface as well. In the process of decom¬ 
posing rock and the gradual transformation of soil, the end result may be a new 
type of rock. For example, sandstone is a rock formed by sedimentary deposits of 
sand; shale is a rock that is formed by the consolidation of clay, mud. or silt; slate 
is a rock formed from shale. The cyclical transformations, and some of the products 
and factors related to this phenomenon, are presented and described in more 
detail in the following sections. 


2.2 THE PLANET EARTH-ITS ORIGIN AND COMPOSITION 


The planet Earth is only one of the nine major planets that revolve around the 
sun. Other bodies of relatively insignificant mass in the solar system are asteroids 
or minor planets whose total mass is estimated at only a minute fraction of that of 
the Earth; natural satellites, which revolve around a planet; comets, bodies of great 
size but small mass; meteors and meteorites, relatively small bodies anywhere from 
a few ounces to many tons that rush through the atmosphere, some reaching Earth. 

The major planets, in order of increasing distance from the sun, are Mercury, 
Venus, Earth, Mars, Jupiter. Saturn, Uranus, Neptune, and Pluto, as depicted in 
Fig. 2.1. Mercury, Venus, Earth, and Mars, nearest the sun, are generally referred 
to as terrestrial planets; Jupiter, Saturn, Uranus, and Neptune are frequently re¬ 
ferred to as the giant planets because of their size. Pluto, which may have been a 
satellite of Neptune that escaped from its gravitational control, is believed to be 
slightly less in size than the Earth, and isbeyond the orbit ofN eptune. The terrestrial 
planets are about the same size in mass as Earth and of high density. The four 
giant planets are much larger than the Earth in volume, but have lower density 
than the terrestrial planets. Iron, oxygen, silicon, and magnesium make up about 
90% of the composition of Mercury, Venus, Earth, and Mars. The giant planets are 
believed to consist mostly of the lightest elements, hydrogen and helium, and 
possibly some other gases such as methane and ammonia. 

There has been much speculation about the origin of the solar system. Also, 
many theories about the origin of the planets have been propounded and many 
rejected. Perhaps subsequent to further data that may be transmitted from the 
Hubble Space Telescope, which was orbited in the Spring of 1990, many of the 
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Figure 2.1 The major planets. 


current-day theories and hypotheses may be verified or altered. From a geotechnical 
point of view, however, such verifications are of relatively marginal importance 
since they are not likely to alter much of our assessment of the Earth's outer layer 
or crust. At this time it appears probable that the formation of the sun occurred 
much earlier than that of the planets. It is generally accepted that a planetary 
system developed out of a disc-shaped mass of gas believed to be surrounding the 
sun. From all available evidence, it appears that the overwhelming part of original 
cosmic matter consisted of hydrogen and some helium, and that these gases have 
been lost in space from the disc at an early stage. The less volatile matter condensed, 
primarily in the form of silica and metallic iron, the prime constituents of the 
interior of the Earth. 

Earlier speculations viewed the Earth as an original ball of molten lava. Current- 
day geophysicists question, however, that the Earth was ever completely molten. 
Yet, at some point during its formation, the Earth mass must have been reasonably 
soft to permit separation into density-stratified layers. In a molten state, the dense 
iron migrated toward the center of the Earth, while the lightest elements accumu¬ 
lated in thin layers near the surface. Indeed, the inner core of the Earth is predomi¬ 
nantly iron, which is still in a molten state, a fact that may perhaps support the 
early-molten-state hypothesis. 

The layers of the Earth are generally divided into four major parts: the outer 
crust, the mantle, the outer core, and the inner core, as depicted in Fig. 2.2. The 
thickness of the crust varies from about 8 km (5 mi) under the oceans to about 35 
km (22 mi) under the continents. There is a boundary between the Earth's crust 
and the mantle, called the Mohorovicic discontinuity. The Earth's mantle is solid 
rock, and it goes down about 2900 km (1800 mi). It is speculated that the Earth's 
outer core is about 2250 km (1400 mi) thick and that it is made of molten iron 
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and nickel. The inner core of the Earth is about 1300 km (800 mi) thick and 
probably consists of mostly iron and nickel. 

It is estimated that within the deepest part of the crust the Earth's temperature 
may be 870° C (about 1600° F). Where the mantle meets the outer core, the 
temperature is believed to be about 2200° C (about 4000° F). The temperature in 
the inner core is probably about 5000° C (about 9000° F). 

As engineers we are concerned almost exclusively with the outer portion of the 
Earth, generally referred to as the crust. The greatest percentage (by weight) of 
the crust is formed by the following elements: 


Oxygen 

49.2% 

Silicon 

25.67% 

Aluminum 

7.5% 

Iron 

4.71% 

Calcium 

3.39% 

Sodium 

2.63% 

Potassium 

2.40% 

Magnesium 

1.93% 

97.43% 


2.3 THE EARTH'S SURFACE 


The surface of the regolith, the exterior layer of the crust, is the Earth's crust that 
engineers are predominantly interested in. Figure 2.3 shows the basic features of 
the regolith. It consists of the formations that support virtually all engineering 
structures. It was formed by the weathering or disintegration of the mass of rocks 
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At or near surface 
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Zone of intensive weathering and organic accumulation. 
Usually it has undesirable characteristics as a foundation 
stratum. It is generally very compressible, elastic, and 
unstable. 

Horizon 

Zone of moderate weathering with an accumulation of 
many products, including clay and other small-particle 
aggregates. This is a relatively stable stratum, although 
it can possess some undesirable engineering 
characteristics at times. 


Horizon 

Zone of slightly weathered parent material. It may be 
weathered rock or unconsolidated elements. It is a rela¬ 
tively stable stratum and desirable, in many respects, as 
a foundation. 

Horizon 

Zone of massive rock 


Figure 2.3 A typical soil profile in the outer portion of the regolith. 


and minerals and by chemical weathering or decomposition of various minerals in 
the parent rock. The strength and stability of the regolith are factors in geotechnical 
evaluations. 

Various processes are continually acting on the Earth's surface. They subsequently 
affect not only the configuration of the surface but also the material of which it is 
composed. Gradation is a process whereby the physical topography (mountains, 
valleys, ete.) may be altered by the action of water, air, ice, or other weathering 
factors. Diastrophism designates a process wherein portions of the Earth move 
relative to other portions. Vulcanism refers to the action of the molten rock, both 
on the Earth's surface and within the Earth. 

The above-mentioned processes result in a general disintegration and decomposi¬ 
tion of the rock. Although these changes may result in a transformation of old rock 
into new rock, part of the product, and particularly near the surface of the Earth, 
is that which we generally classify as soil. It is formed from rock by mechanical 
disintegration or chemical decomposition, or both. Disintegration is related to 
freezing and thawing, the action of water, glaciation, and so on. Decomposition is 
related to oxidation or hydration. The combination of the mechanical and chemical 
processes is called weathering. Figure 2.4 shows some effects on the upper zone of 
the regolith induced by weathering. Byway of comparison, lunar soils are composed 
predominantly of disintegrated parent rock and rapidly crystallized glasses, whereas 
Earth soil consists mainly of quartz and clay. The absence of water and free oxygen 
on the moon obstruct chemical weathering. On the other hand, the engineering 
properties of lunar soils are very much similar to terrestrial fine sands. 

Briefly, the rocks and minerals of the Earth's surface were the starting material 
from which soils originated. Exposure to atmospheric conditions and volcanic and 
tectonic action has subsequently transformed these rocks and minerals into a more 
or less unconsolidated blanket over the Earth's surface, which we call regolith. With 
time this separated into an orderly sequence oflayers or horizons. These chemically 
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Figure 2.4 Carving ofthe Earth's surface is part of a continu¬ 
ous process within the geological cycle, (a) MesaVerde Fire 
Temple in natural arch, MesaVerde, Colorado, (b) Pothole 
channels, unusual 3 ft deep, sand-abraded channels in well- 
cemented sandstone, Arizona. 


and biologically differentiated top layers of the regolith are the soil. Figure 2.3 
shows a schematic of this development. 

2.4 THE GEOLOGICAL CYCLE 


Geologists tell us that there is an ongoing but rather inconspicuous and very slow 
process whereby rocks are decomposed into soil, while some of the soil goes through 
various stages of conversion back into rock (10, 14). The transformation whereby 
rocks are converted into soil, and vice versa, generally occurs over millions of 
years and through complex chemical and physical processes. This phenomenon is 
described generally as the geological cycle and is schematically depicted by Fig. 
2.5. 
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Figure 2.4 (continued) (c) Sea Arch, 20-ft diameter, at low 
tide. Natural Bridges State Park, California, (d) Sea Caves; 
joint controlled, sandstones and shales of Cretaceous Rosario 
Fm. Point Loma, California. (Courtesy of Professor Allan 
Mayo. Brigham Young University, and Geophoto Pub. Co.) 


We may begin with the cycle where the molten magma cools and thus produces 
igneous rock. These rocks thus become subject to attack, particularly near or at 
the Earth's surface, by environmental agents, such as water, oxygen, carbon dioxide, 
and temperature changes. Subsequently, the rock decays and disintegrates into an 
initial state of residual soils. Additional factors, such as chemical action, organisms, 
wind, water, and ice, may move the loose materials. The transported materials will 
ultimately be dropped in a form generally classified as sedimentary deposits. A 
portion of such deposits may cement and consolidate into sedimentary rock, while 
others precipitate during transportation into sedimentary beds of fragmented mate¬ 
rials. Still other parts of the transported sediments may remain in a form of solution, 
as evidenced by the salts in the oceans and seas. 

Subjected to new environmental impositions of pressure and heat, some of the 
sedimentary deposits will be transformed into metamorphic rocks. Other parts of 
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Figure 2.5 The geological cycle. 

the sedimentary deposits may be subjected again to weathering and disintegration, 
transportation, and redeposition, forming a new generation of secondary rocks and 
fragmented materials and soils. 

Excessive pressures and heat may result in melting of virtually all rocks, resulting 
in new igneous rocks. Hence, a new geological cycle begins again as an ongoing 
process. Indeed, volcanic action provides us with rather direct proof that the interior 
of the Earth is still in a molten state and under high heat and pressure. Cracks 
and faults in the Earth's crust may permit this molten magma, commonly referred 
to as lava, to permeate upward into the crust formation or at the surface in the 
form of volcanic eruptions. (The eruptions of Mount Saint Helens in the state of 
Washington are among the more recent such occurrences in continental United 
States although volcanic eruptions in Japan, Italy, and Hawaii are more renowned). 

The magma (or lava) that cools at the surface forms extrusive igneous rock; that 
formed within the crust is commonly referred to as intrusive. During the upward 
flow from the Earth's interior to the surface, through faults in the Earth some of 
the molten mass will cool within such conduits to form a crystalline formation 
known as dike rock, which is usually considered to belong to the intrusive group 
of rocks. This is shown in Fig. 2.6. 

2.5 THE MAJOR TYPES OF ROCK 

Geologists place rocks into three mer groups: igneous, sedimentary, and metamor- 
phic rocks. Their formations have already been briefly described in the preceding 
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Figure 2.6 Section through dikes and sills. 


section. From a geotechnical point of view it may be relevant at this time to identify 
some of the subgroups within the major categories and to identify some of their 
characteristics. 

Igneous Rocks 

Frequently regarded as the parent material because they are the first product to 
be formed from the cooling of the magma, igneous rocks can be derived from the 
cooling of the molten magma or of the lava from volcanic eruption. These rocks 
may vary considerably in their mineral composition, texture, and mode of occur¬ 
rence. The texture of igneous rocks may vary but it usually consists of interlocking 
mineral crystals that evolve during the cooling of the molten matter. Slow cooling 
of the molten magma tends to yield large crystals, whereas rapid cooling generally 
results in finer grains. Intrusive rocks, as depicted in Fig. 2.6. typify this type of a 
large crystal formation. The crystals in such rock are formed during long periods 
of time and slow undisturbed cooling. The large crystals in such rocks could be 
seen with the naked eye. By contrast, the extrusive rocks have a fine grain structure; 
typical of such rocks are those that are formed from volcanic eruptions and quick 
cooling, thereby not permitting adequate crystallization to form. The typical extru¬ 
sive rock is formed usually at the surface, as depicted in Fig. 2.6. The main texture 
classifications designate the relative size of the mineral grains, grouped as coarsely 
crystalline, finely crystalline, cryptocrystalline, or glassy crystalline. 

Intrusive igneous rocks generally are strong and are quite suitable for engineering 
purposes, including as coarse aggregate in concrete mixtures. The interlocking 
arrangement of the crystals provide the basis for their strength and relative imperme¬ 
ability. By contrast, extrusive rocks are much less uniform. They absorb appreciably 
more water than intrusive rock and are generally much more limited for engineering 
use; they should be evaluated with more scrutiny. Furthermore, unlike unweathered 
igneous rocks, which are strong and durable, extrusive rocks are appreciably more 
subject to decomposition, particularly when subjected to weathering effects such 
as freezing and thawing. Examples of some igneous rocks are given in Table 2.1. 
and in Fig. 2.7. 









Table 2.1 Some Common Igneous Rocks 


Usual Mineral Composition 


Name 

Grain 

Texture 

Classifi¬ 

cation 

Color 

Essential 

Accessory 

Granite 

Coarse 

Intrusive 

Light gray 

Quartz, 

orthoclase 

Biotite, muscovite, 

hornblende, magnetite 

Diorite 

Coarse 

Intrusive 

Intermediate 

Plagioclase, 

amphiboles 

Hornblende, quartz 

Gabbro 

Coarse 

Intrusive 

Dark 

Plagioclase, 

pyroxenes 

Biotite, magnetite 

Peridotite 

Coarse 

Intrusive 

Dark 

Pyroxenes, 

magnetite 

Chromite 

Syenite 

Coarse 

Intrusive 

Light to medium 

Orthoclase, 

plagioclase 

Biotite, hornblende 

Rhyolite 

Fine 

Extrusive 

Light 

Quartz, 

orthoclase 

Plagioclase, mica 

Andesite 

Fine 

Extrusive 

Intermediate 

Plagioclase, 

amphiboles 

Biotite, magnetite 

Basalt 

Fine 

Extrusive 

Dark 

Plagioclase, 

pyroxenes 

Biotite, magnetite 



Figure 2.7 Examples of igne¬ 
ous rocks. (a) Monadnock, 
Stone Mountain, 650 ft high, 
maSSive, dome-shaped, light 
gray granite, Georgia, (b) Co¬ 
lumnar jointing, 2-ft diameter 
columns in basalt, side view, 
Wyoming. 
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Figure 2.7 (continued) (c) Lava 
tube, inside view, lava flow 
forms floor of tube, Modock 
Plateau, California, (d) Pillow 
basalt flows, Miocene Wana- 
pum Fm., eastern Washington. 
(Courtesy of Professor Allan 
Mayo, Brigham Young Univer¬ 
sity, and Geophoto Pub. Co.) 


Sedimentary Rocks 

Sedimentary rocks are the products of weathering and erosion of existing rocks. 
Sedimentary rocks are generally classified into two major sediment types, chemical 
and clastic (mechanical). Within the chemical group fit the sediments formed by 
materials that have been transported in solution and later precipitated. The clastic, 
or mechanical, sediments evolved from materials that were transported and depos¬ 
ited primarily by mechanical means. Examples of sedimentary rocks of both types 
are given in Table 2.2. 

Many of the chemical sediments develop crystalline textures varying from micro¬ 
scopic in size (cryptocrystalline) to individual crystals readily visible to the eye. The 
texture of the clastic variety usually consists of fragments of a variety of shapes and 
sizes. The range may stretch from the various sandstones with different grain sizes 
and deposition patterns to the pyroclastic variety (e.g., tuff and volcanic ash), which 
resemble pieces of broken pottery. 

Many of the engineering properties, particularly strength, of the clastic sediments 
are closely related to their state of consolidation. Most shales will tend to slake and 
disintegrate, and will subsequently revert to clay or silt, if subjected to any prolonged 
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Table 2.2 Examples of Sedimentary Rock 

Group Grain 

Name Type Texture Brief Description 


Limestone Chemical 


Dolomite Chemical 


Salinastone Chemical 


Conglomerate Clastic 


Sandstone Clastic 


Shale Clastic 


Usually fine The primary constituent is calcium 

carbonate (CaCCL) in the form of 
calcite or aragonite. Usually relatively 
soft (Moh's hardness scale), it is readily 
soluble in acidic solutions (e.g., dilute 
hydrochloric acid solutions); 
organically or inorganically precipitated. 

Fine The primary constituent is calcium 

magnesium carbonates [(CaMgXCXbh]. 

It closely resembles limestone, although 
less affected by, say, dilute hydrochloric 
acid solutions; organically or 
inorganically precipitated. 

Fine This category includes several mineral 

types precipitated from sea water; 
anhydrite (CaS0 4 > ; gypsum (hydrated 
calcium sulfate compound, 

CaS0 4 -2H,0); chlorides (NaCI, CaCI 2 ). 
Most are fairly soluble in water; 
inorganically precipitated. 

Coarse The primary constituents consist of 

(over 2 mm size) particles, roundstones or sharpstones, 
which may vary in size from 2 mm to 
perhaps boulders over 200mm in size. 

Intermediate The primary constituents are pressure- 

(0.1-2 mm) cemented particles of sand; feldspar, 

hornblende, volcanic matter, and other 
minerals may also be present. Rather 
porous; sandrock mass is relatively 
easily crushed into smaller particles. 

Fine The primary constituents are clay minerals 

(0.001-0.1 mm) and fine particles of silica; various 

oxides and colloidal and organic matter 
may also be present. Cementation shale 
is composed of particles bonded 
together primarily by cementation 
materials (e.g., silica and calcium 
carbonates). It is rather stable when 
exposed to limited weathering. 

Compaction shales are held together 
primarily by molecular attraction of their 
particles. This shale is generally less 
stable than the cementation type, but 
both types may slake or break down 
when exposed to prolonged atmospheric 
conditions. 
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Figure 2.8 A form of sedimentary deposit. Sedimentary de¬ 
posit depicted in the form of mega-mudcracks, 3-ft diameter 
polygons, doubled layered with thin, sandy interbed, Laguna 
Salada, Mexico. (Courtesy of Professor Allan Mayo, Brigham 
Young University and Geophoto Pub. Co.) 


exposure to atmospheric elements. Figure 2.8 depicts such a state of transformation. 
On the other hand, the coarser-grained rocks are usually more stable, and usually 
less compressible than shales and clay. In fact, in a cemented and confined state, 
the coarse-grained clastic rocks (e.g., sandstones) are virtually incompressible as 
far as most engineering requirements are concerned. Most well-cemented fault- 
free sandstone formations, for example, provide a good foundation support; that 
is, they provide good strength and permit minimum settlement. On the other hand, 
sandstones are perhaps the most porous of the clastic group. 

Metamorphic Rocks 

Metamorphic rocks constitute a major part of the Earth's crust. As depicted by the 
geological cycle via Fig. 2.5, metamorphic rocks are rocks that originally belonged 
to other groups but were altered by chemical and physical influences, including 
elevated temperatures and mechanical stresses or pressures in the Earth's crust. 
For example, at higher temperatures in the Earth's crust, clay may change to mica 
schists or various types of gneisses; limestone, which was originally formed as a 
sedimentary rock, changes to marble via the chemical reactions and recrystallization 
occurring during metamorphism. Examples of metamorphic rocks are given in 
Table 2.3. 

Two categories of metamorphism have been identified, contact metamorphism 
and dynamic metamorphism. Contact metamorphism occurs primarily as a result 
of temperature increases, frequently in rather narrow zones around hot magma 
masses. Such metamorphism appears mostly about the boundaries of intrusive 
rocks, although they may also occur at lower contact zones of lava flows. Rocks 
affected by contact metamorphism show little or no sign of strain induced by plastic 
flowage or crushing of minerals. In contact metamorphic rocks, the recrystallization 
as exemplified by the formation of coarse-grained marble from limestone, or quartz- 
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Table 

2.3 Examples 

of Metamorphic Rocks 

Name 

Texture 

Mineral 

Arrangement 

Brief Description 

Slate 

Fine 

Foliated 

A metamorphized shale, composed mostly of 
quartz and secondary mica, is a dense rock 
characterized by well-developed tabular cleavage 
or splitability. It is widely used in "slate" roofs, 
floors, mantels, etc. 

Schist 

Medium to 

coarse 

Foliated 

Contains readily visible slaty cleavages. Mica and 
chlorite are common minerals, with feldspar in 
lesser amounts. It is rather weak and not widely 
used. 

Gneiss 

Medium to 

coarse 

Poor 

The rock is characterized by alternating bands of 
different colors and highly contorted shapes. Its 
common minerals are mica, feldspar, hornblende, 
and quartz. 

Quartzites 

Fine 

Nonfoliated 

It may be formed by both contact and dynamic 
metamorphism, or from cementation of silica. It 
is very strong and durable, with the principal 
mineral being quartz. It is an excellent crushed 
aggregate in concrete and in glass making. It is 
white, when pure, but may have pink, red, yellow, 
or gray tints, depending on its impurities (e.g., 
red from iron oxide presence). 

Marble 

Medium to 

coarse 

Nonfoliated 

It is formed by the recrystallization of limestone 
and dolomite. It is used as a source for lime and 
as material for building or decorative purposes 
(e.g., walls, columns, blocks, etc.). 

Hornfels 

Fine 

Nonfoliated 

Sometimes referred to as "trap" rock, hornfels is 
dense, tough, and strong contact rock formed 
from the baking and silicification of shales. It 
produces excellent crushed aggregate. 


ite from sandstone, and neomineralization (the formation of new mineral assem¬ 
blages more stable than the older ones) are prominent features. Dynamic metamor¬ 
phism results primarily from the action of differential pressure, commonly related 

to major earth movements and deformations. Such rocks bear signs of mechanical 

strain in addition to recrystallization and neomineralization. The strain from dy¬ 
namic metamorphism is frequently depicted in the form of foliation comparable 
to the metallic structure found in rolled metal types. 

The mineral assemblages of metamorphic rocks have transformed in the solid 
state, often under conditions of tectonic stresses. As a result, their texture and 
structure differ from rocks formed through crystallization from the molten magma 
or from the sedimentary rocks, which are generally precipitated in lakes, rivers, 
and so on. 

Metamorphism may be resolved into four separate processes, although in nature 
their existence is generally concurrent: (1) plastic defonnation, the permanent or 
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Figure 2.9 Metamorphic rock evolving from contact meta- 
morphism, baked zone between basalt flow and lower in¬ 
terbed, Quaternary. Wyoming. Illustration of various forms 
of erosion. (Courtesy of Prof. Allan Mayo, Brigham Young 
University.and Geophoto Pub. Co.) 


nonelastic change in shape; (2) granulation, the crushing ofrock; (3) recrystalliza¬ 
tion, the regrouping of various elements into new crystals; and (4) metasomatism, 
solution and precipitation of original minerals, replaced by or altered into other 
minerals. 

Metamorphic rock may be grouped into one of two texture groups, foliated and 
nonfoliated. Foliation occurs during dynamic metamorphism as some rock mass 
undergoes elongation and shortening and orientation of the minerals into platy 
shapes, roughly comparable to pages of a book. Some of the metamorphic rocks, 
including some born from dynamic metamorphism, depict a much less directional 
orientation and foliation. These are generally classed as nonfoliated. Examples of 
both types are given in Table 2.3, and Fig. 2.9. 

Table 2.4 lists the ten minerals shown in the order of their relative hardness, 
from the hardest to the softest. 

2.6 CLAY MINERALS 


With the aid of the electron microscope, differential analysis, and X-ray diffraction 
techniques, the study of clay minerals has been enhanced significantly. Hence, it 
is now known that clay minerals are essentially hydrous aluminum silicates and/ or 


Table 2.4 Order of Relative Rock Hardness 


Mineral 


Diamond 


Corundum 

Topaz 

Quartz 

Feldspar 

Apatite 

Fluorspar 

Calcite 

Gypsum 


Talc 


Hardest 


Softest 
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(a) 



Figure 2.10 (a) Silica tetrahe¬ 
dron unit, (b) Symbolic equiv¬ 
alent. 


iron and magnesium, with some containing forms of alkaline materials as essential 
components. The clay minerals are generally derived from weathering of preexisting 
materials. 

The majority of clay minerals are insoluble in acids. They appear to have apprecia¬ 
ble affinity for water, are elastic when wet, water retentive, and coherent when dry. 
est clay minerals are crystalline, with sheetlike or layered structures of two varieties: 
silica sheets and alumina sheets. 

• • . ■ 

Clay minerals are quite small, less than 2 } .tm, and electrochemically very active. 

For example, minute clay particles carry similar electric charges, which induce 
mutual repulsion. Neutralization of these charges, say through electrolytes, can 
bring about coagulation and subsequent precipitation of the floccules of clay. 
Furthermore, as the size of the particles decreases below 2 }.tm,the electrical charges 
on the particles increase with the decrease in size. Hence, it would indeed be useful 
to the civil engineer to be able to manipulate the cation-exchange feature toward 
a desired goal when confronted with a flocculation situation. 

The silica sheet is made of tetrahedrons, each tetrahedron being bounded by 
four triangular plane surfaces, with four equally-spaced oxygen atoms at the vertices 
and a silicon atom within the interior, equally spaced from the oxygen atoms. The 
basic unit arrangement is shown in Fig. 2.10. The tetrahedrons are combined into 
hexagonal units, in a repetitious manner, to form a lattice of the mineral. 

The alumina sheet has two-row units as shown in Fig. 2.11. One aluminum atom 
is at the center of the octahedron, with oxygen atoms of hydroxyl (OH) units at 
the vertices of alternate rows, respectively. 

The clay minerals are usually divided into three main groups, with the lattice 
structures of the minerals serving as the basis for their classification. The groups 
are the kaolinites, the montmorillonites, and the illites. 

Kaolinites The kaolinite minerals are formed of units consisting of a single tetrahe¬ 
dral silica and a single octahedral alumina sheet. These units may repeat themselves 
indefinitely to form a lattice of the mineral. Variations between members of the 
kaolinite subgroup consists of the way layers are stacked above each other and 
possibly in the position of aluminum ions within the available sizes in the octahedral 
sheet. Figure 2.12 gives a symbolic arrangement of the kaolinite minerals. Their 
general chemical composition is expressed by the formula 

(OH)sAl 4 Si 4 Oio 


1 micron (fLm) 


IX 10- 6 meters. 
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(a) 



(b) 


Figure 2.11 (a) Alumina octa¬ 
hedron unit, (b) Symbolic 
block equivalent. 


Kaolinite is the most abundant constituent of residual clay deposits, derived 
mostly as a by-product of the weathering of rock or certain clay minerals, and is 
commonly intermixed with illites in sedimentary clays. Kaolinites are very stable, 
possess a tight cohesive structure that resists the penetration of water into the 
lattices and, generally, are not subject to expansion when saturated. Also, the 
coefficient of internal friction is somewhat higher than that of most other clay 
minerals. 

Halloysites are minerals that belong to the kaolinite family. They possess a round 
or flattened tubelike shape. Some other members of the kaolinite groups are nacrite 
and dickite. The halloysites are distinguished by one additional water molecule to 
the basic kaolinite unit. This is given by the formula 

(OH)gAI4Si401O'4H 2 0 

When wet, halloysite masses have a tendency to creep or flow horizontally. Thus, 
they may be viewed as potentially unstable, less than desirable as materials for 
embankments, and the like. On the other hand, both kaolinites and halloysites are 
common materials in the pottery industry. 



(a) (b) 

Figure 2.12 The kaolinite mineral, (a) Basic kaolinite unit, 
(b) Lattice of kaolinite mineral. [1 Angstrom (A) = 1 X 10~ 10 
meters]. 
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Montmorillonites The chemical composition of this group is expressed by the 
formula 

(OH)4Al4Si s 0 20 - nH,0 

The montmorillonites are made up of sheetlike units comprising an alumina octahe¬ 
dral sheet between two silica tetrahedral sheets, as shown in Fig. 2.13. The bonding 
of these sheets is rather weak, resulting in a rather unstable mineral, especially 
when wet. In fact, montmorillonites display a significant affinity for water, with 
subsequent swelling and expansion. Conversely, upon drying a saturated montmoril- 
lonite, the result is appreciable shrinkage and cracking. In practical terms, such 
characteristics may be of significance to the engineer. For example, the expansion 
of the clay may mean lifting of slabs, excessive lateral thrusts on retaining structures, 
endangering the stability of slopes, and so on. On the positive side, such expansion 
may be beneficial as described below. 

Bentonite is part of the montmorillonite clay family, usually formed from the 
weathering of volcanic ash. It is noted for its expansive properties in the presence 
of water. As such, it was found to have beneficial uses as a general grout in preventing 
leakage from reservoirs, for plugging leaks in tunnel construction, and as a drilling 
mud in connection with soil borings and oil and gas wells. It prevents flocculation 
and facilitates the removal of the drill cuttings of the rotary drill. Also, it is sometimes 
used as backfill for slurry trench walls, for clarification of beer and wine, and for 
other special applications. It has a liquid limit (discussed in Section 4.6) of 500% 
or more. 


Illites The illites are somewhat similar to montmorillonites in the structural units, 
but are different in their chemical composition. The chemical composition of illites 
is expressed by the formula 

(0H)4Ky (A14Fe4Mg4i)Sis-yAlyP20 

where y varies from 1 to 1.5. The symbolic structure of illites is shown by Fig. 2.14. 




Loosely held water and 
exchangeable metallic ions 


Figure 2.13 The montmorillonite minerals. 
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K ions 


Figure 2.14 The illite clay mineral. 


The basic structure of the illite unit consists of a gibbsite octahedral sheet between 
two silica tetrahedral sheets. Unlike montmorillonite particles, which are extremely 
small and have a great affinity for water, the illite particles will normally aggregate 
and, thereby, develop less affinity for water than montmorillonites. Correspond¬ 
ingly, their expansion properties are less. Also, their angle of internal friction is 
higher than that for montmorillonites. The cation exchange capacity of illite is less 
than that of montmorillonite. The inner layer bonding by the potassium ions is 
sufficiently strong so that the basal spacing of illite remains fixed at 10 A in the 
presence of polar liquids. Illites usually occur as very small, flaky particles mixed 
with other clay and non clay materials. 


Flocculation and Dispersion 

The minute clay particles carry small electrical charges of the same sign, a condition 
that causes mutual repulsion of the particles. For example, clay particles in distilled 
water will not attract or collide; instead, the negative charge of the particles will 
cause interparticle repulsion. Hence, subject to rather insignificant gravitational 
pull, these particles may remain in a state of colloidal suspension, or dispersed, for 
some time and vibrate back and forth in the solution (Brownian movement) with 
others settling, however slowly. Compounds used to maintain colloidal particles 
dispersed are known as peptizers. A number of organic acids may be used for this 
purpose. 

If electrolytes or oppositely charged colloids are introduced in the "colloidal" 
solution, positive ions are attached to the negatively charged particles, thereby 
causing coagulation into floes, which may grow large enough to precipitate to the 
bottom rather rapidly under the influence of gravity. This process is referred to as 
flocculation. Salt water, for example, from oceans may cause flocculation of colloidal 
suspension carried by the streams discharging into the oceans; waters from lime- 
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stone deposits may result in flocculation of colloidal suspension with which it comes 
in contact. 

The sediment structure may consist of an edge-to-edge arrangement, as shown 
in Fig. 2.15a, or of a parallel, face-to-face arrangement shown in Fig. 2.15b, or both. 
These soil structures are termed flocculated and dispersed, respectively. Honeycomb 
formations may be developed by floes that tend to form a particle chain around voids 
that are larger than the floes themselves. Figure 2.16 shows this diagrammatically. 

Alterations of particle arrangements and interparticle forces are frequently used 
to change the stability of a given clay. Generally, a flocculated clay has higher 
strength and is more permeable and less compressible than the same clay of the 
same porosity in a dispersed state. Also, mechanical remolding of flocculated clay 
results in a certain degree of dispersion as particles tend to develop a parallel 
array and, thus, alter some of these characteristics. For example, driven piles may 
penetrate with relative ease in soft, saturated clay due to remolding effects during 
driving. Later that same clay develops an appreciable increase in strength, and, 
correspondingly, the pile capacity is significantly improved. Similarly, a given load 
may compress a remolded sample several times the amount the same load would 
have compressed the clay sample, at the same void ratio, in the undisturbed state. 


Absorbed Water 

We generally think of water as but a liquid composed of water molecules, HjO. 
However, some of the molecules disassociate themselves from the compound into 
hydrogen ions (H+) and hydroxyl ions (OH-). Where water, pure or impure, comes 
in contact with a clay particle, the negative electrical charge by the mineral attracts 
the cations, including the hydrogen ions (H+) disassociated from the water, to the 
surface of the mineral. Thus, we have a case of absorbed water. 

The absorbed water molecules are more intense near the clay particle, with the 
intensity decreasing with an increase in distance from the clay particles. This is 
shown qualitatively in Fig. 2.17. The combination of the negatively charged mineral 
surface and the positively charged spaces around the mineral forms what is known 
as the electric double layer or just the double layer. In addition to the attraction of water 
molecules to the mineral surface via the exchangeable ions, hydrogen bonding and 
van der Waals forces (i.e., neutral molecules attract) are additional causes believed 
to affect this phenomenon. 

While the attraction of the water molecules appears to be particularly strong 
immediately adjacent to the mineral surfaces, two adjacent clay particles experience 
repulsion exerted by the double layer of each of these particles; that is, each clay 




Figure 2.15 Structural 
arrangement of clay sediments, 
(b) (a) Flocculated, (b) Dispersed. 
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Figure 2.16 Structure of undisturbed marine clay. (Mter A. Casagrande.) 


particle carries a net negative charge, thereby creating an electrical force that repels 
the particles, similar in nature to that of two like poles of a magnet (e.g., two 
negative Or two positive poles) that are pushed toward each other. 

The ions absorbed on the soil particles may exchange places with another ion 
within a diffuse double layer. For example, if we were to add lime to a wet clay 



Figure 2.17 Intensity of cations with distance from surface to clay mineral. 
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mixture that contains sodium, the calcium ions will replace the sodium ions. This 
transformation is known as a base exchange, and the ions involved in the 
transformation are known as exchangeable ions. The nature of the transformation 
can have a significant effect on the properties and behavior of a clay mass. For 
example, the thickness of the absorbed water layer may be reduced as a result of 
an ion exchange, as described above, and, thus, the relative movement of adjacent 
particles will be reduced. In turn, this permits the soil to deform plastically without 
cracking. 


Compressibility, Shrinkage, and Expansion 

As the particles of clay are forced closer together, the soil is said to consolidate. 
Consolidation is directly related to the decrease in thickness of the diffuse double 
layer between the particles as the water content, and perhaps air, is reduced. The 
change in the clay particle size is relatively insignificant. The causes for such a 
volume reduction are commonly attributed to external loads, but evaporation 
and/ or changes in the diffuse double layer due to ion transformation or base 
exchange may be additional causes. When subjected to drying, fine-grain soils (silt 
and clay) will shrink and crack, an effect known as desiccation. This is true not 
only for clays and silts but also for clay shales, particularly those that contain active 
clay minerals. In the process such soils may lose their stability, particularly when 
exposed to cycles of drying and rewetting. The cause of consolidation could also 
be attributed to drying as well as changes in the groundwater table. 

Not all clay masses deform equally under comparable external influences, since 
wide variations exist in particle properties and structural arrangements for various 
clay types. Among the factors influencing compressibility are (1) the amount of 
water absorbed and retained by different minerals, (2) the ion exchange capacity 
of different clay minerals (e.g., montmorillonites have a high exchange capacity, 
kaolinites have a low one), (3) the structural arrangement and the clay particle 
orientation (e.g., flocculated or dispersed), and (4) the type and duration of these 
external influences. 

Swelling is the rebound of a clay soil, and thus, in a sense, it is the opposite of 
consolidation. Like consolidation, however, it is related to a number of clay proper¬ 
ties: (I) the affinity of the clay mineral for water, (2) the base exchange behavior 
and electrical repulsion, (3) the expansion of entrapped air within the mass, and 
(4) the mineral type. Both phenomena are indeed complex and beyond the scope 
of this text. For those interested in more detail regarding clay properties, a good 
source may be reference 13 in the Bibliography. 


2.7 ROCK WEATHERING 


The process of rock disintegration and decay resulting from exposure to and the 
influence of the atmospheric agents is known as rock weathering (6). Examples of 
weathering effects are shown in Fig. 2.18. Various physical, chemical, and biological 
processes affect rock weathering. Chemical and biological processes may totally 
alter the mechanical and chemical processes. Mechanical weathering precedes 
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Figure 2.18 Examples of rock weathering, (a) Spheroidal weathering; boulders in "decomposed 
granite," road cut. Southern California Batholith, California, (b) Avalanche chutes; parallel; Darby 
Canyon, Wyoming, (c) Hoodoo; rock-defended cone, 15-ft high, 2-ft wide sandstone pillar and 
5-ft diameter cap rock, Wyoming, (d) Avalanche chute; 800-ft long, bedding plane controlled; 
Devils Slide, Wyoming. (Courtesy of Professor Allan Mayo, Brigham Young University, and Geophoto 
Pub. Co.) 


chemical weathering, and generally results in a reduction in the particle size, 
increase in bulk volumes, and increase in surface area available for chemical attack. 
The end result from mechanical weathering and chemical weathering is a break¬ 
down of the massive rocks into smaller sizes; the primary causes, however, for 
this breakup are different. The weathering agents associated with the respective 
processes are as follows: 
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Mechanical Weathering Chemical Weathering 


1 . 

Temperature changes 

1 . 

Oxidation 

2. 

Freezing and thawing 

2. 

Carbonation 

3. 

Splitting action of plant roots 

3. 

Flydration 

4. 

Abrasive movements 

4. 

Vegetation 


The essence of mechanical weathering is the disintegration of the rock, while 
that of chemical weathering is the decomposition of the rock. A large variation in 
temperature may cause a rock to disintegrate either because of fatigue due to cyclic 
stresses of compression and tension, or because of thermal expansions of minerals 
within the rock, or both. Freezing and thawing may widen the crack in the rock 
by the expansion of moisture in the crack, or may create cracks in a sound rock if 
the pores (voids) of the rock are filled with moisture. Roots of vegetation may 
penetrate rock pores or existing cracks to further increase their sizes. Abrasive 
action due to mass movements by means of wind, water, or ice may cause an erosion 
and disintegration effect on the rock. 

Oxidation is an agent in the decomposition process whereby oxygen ions combine 
with some minerals in the rock, which subsequently decomposes in a manner similar 
to the rusting of steel. Carbonation is a form of decomposition where carbon 
dioxide and water form carbonic acid, which decomposes many minerals containing 
iron, sodium, or calcium. Limestone, for example, is readily dissolved in this manner. 
Flydration is the process of the chemical addition of water to the minerals that 
subsequently convert into new minerals. For example, the carbonation and hydra¬ 
tion of the mineral feldspar in granite may produce a clay mineral, kaolinite. 
Decaying vegetation may be a factor in the production of organic acids, carbon 
dioxide, and oxygen, which, when mixed with water penetrating through the rock, 
may extract certain chemical elements from the rocks. Silica, for example, may be 
extracted from the silicate minerals in this manner. 

2.8 WATER-TRANSPORTED SOILS 


Each of us has undoubtedly observed soil being carried away by water, or the erosion 
that water creates on the Earth in this process. We might have also observed that 
swift-running water, such as after a heavy rain, carries more soil and creates more 
and larger channels or gullies than does a slower moving stream. Generally, we 
have observed that water movemen t erodes the hills and deposits into the valleys,and 
that the higher the velocity, the greater the amount of transported soil. Examples of 
water erosion are shown in Fig. 2.19. 

The transport of soil may be in the form of suspended particles in the flowing 
water, or larger particles that are rolled or pushed over the bottom of the stream. 
The swift water carries with it sediment that ranges in size from sand grains to 
coarse gravel, perhaps even boulders. The scrubbing of this material over the stream 
bed causes abrasion of sharp edges and tends to reduce the particles themselves, 
but it also wears on the floor of the stream, including any bedrock. Furthermore, 
much of the bedrock, particularly that which has laminations (shale, for example), 
may be loosened and dislodged by the force of the stream to become part of the 
transported mass. 
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Figure 2.19 Depiction of water erosion, (a) "The Flume", narrow, vertical-walled,joint- 
controlled chasm; Franconia Notch, New Hampshire, (b) "Wind Cave", 30-ft high 
solution cave in Madison Ls. deepened by stream erosion, waterfall from cave. Darby 
Canyon, Wyoming. (Courtesy of Professor Allan Mayo,Brigham Young University,and 
Geophoto Pub. Co.) 


With decreasing velocity, the coarse particles are the first to be deposited. The 
finer particles remain in suspension until the velocity decreases further and are, 
therefore, deposited at a much farther point downstream. This may be illustrated 
by the effects of a typical river that discharges into a large body of water such as a 
sea or the ocean. For example, in the high hills or the mountains where the slope 
of a stream is steep, the channels of erosion are correspondingly pronounced, 
generally deep and narrow. As the gradient of the stream decreases (in valleys, 
deltas, ete.) , the larger size particles are left at the mouth of the valley, and the finer 
particles are carried further downstream. Figure 2.20 give a schematic illustration of 
this process. 

River deltas are formed in this manner. They are produced by the deposition of 
alluvium where a stream enters a body of quiet water and where the decrease in 
the velocity permits the stream to drop its load of transported soil; such a deposit 
is generally referred to as an alluvial fan. Most deltas are very flat, with the highest 
point being less than 20 m above the sea level. Because of the relatively flat floor 
at such points, rivers develop several discharge channels called tributaries, which 
are generally only used during flood periods. Such floods usually contribute to the 
gradual widening of the valley and the continuous widening of the floodplain. 

The mode of transportation of soil by water may be generalized or divided into 
three parts: (1) that due to the rolling along the river bed of the heaviest particle, 
(2) the bumping and rolling of a smaller size particle, and (3) the suspension of 
the finest particles of soil carried by the river. 
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Flow 



Deposits - 


Silts - 


-Clay- 
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Figure 2.20 Process of water erosion, transportation, and deposits. 


The phenomenon of erosion and subsequent deposition of a transported soil 
may be of some special interest to a civil engineer in some specific instances (2). 
For example, the engineer may be concerned with the removal of such deposition 
(dredging) ifthe river is used for navigational purposes. Or the overall effects such 
erosions may have on the downstream portion of a dam. around a dam. or perhaps 
through a dam may be of interest. Also, the engineer may be interested in the 
stability of a bank, or in the overall outcome if a structure were to be placed on 
such deposits. Mexico City, for example, poses rather difficult foundation conditions 
because it is founded on an unusually thick stratum of transported soil. 

The Mississippi delta in the Gulf of Mexico is one of the largest in the world. 
Some other particularly large deltas are those of the Nile in Egypt, the Po in Italy, 
the Rhone in France, the Danube near the Black Sea, and the Ganges in India. 

Many of the great deltas encompass rather vast exposed surfaces. For example, 
in round figures, the surface area of the Ganges delta is approximately 130,000 
km 2 (about 50,000 mi 2 ), that of the Nile is about 24,000 km 2 (9200 mi 2 ). In fact, 
the total surface area from the largest few deltas in the world approaches nearly 1 
million km 2 (400,000 mi 2 ). Likewise the amount of sediment associated with these 
deltas is indeed enormous. For example, the Mississippi delta averages about 2 
million tons per day, all predominantly fine-grained soil (e.g., clay, silt, and fine 
sand) . 

The layers of the deposits are not uniform. In fact, due to a continuous change 
of stream flow and fluctuations in sea levels, these deposits frequently mix with 
marine sediments to create various complex mixtures and formations. 

The typical characteristics of the fine-grained deposits (clays, silts, and fine sands) 
generally found in the deltas include the following: (1) their bearing capacity is 
generally very low, (2) this stratum is rather compressible and thereby permits a 
high degree of settlement of a structure, (3) it is generally good agricultural soil. 


2.9 WIND-TRANSPORTED SOILS 


The transportation of soil by wind is an important geological process, which pro¬ 
duces sedimentary deposits of widespread occurrence. As in the case of water, wind 
will erode, transport, and deposit fine-grained soils. Also, the finer particles are 
carried for longer distances, while the coarser and heavier particles will be the first 
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to settle. Unlike water, wind will generally carry the sediment from lower to higher 
ground. 

The transportation of soil by winds occurs predominantly in windy, dry. sandy, 
and silty areas, generally unprotected by vegetation of natural obstacles. Prior to 
becoming airborne, the sand and silt exert an abrasive effect on other soil or rocks 
in their path, thereby causing further erosion and sculpturing of surfaces. Deposits 
are the end product of this process. Figure 2.21 is a graphical representation of 
this behavior. 

Portions of the lower elevation are generally eroded by a two-pronged process: 
(1) the loose, fine-grained soil may be picked up and transported by the wind to 
a higher level, and (2) some of the exposed bedrock may be eroded by the abrasive 
action of the soil being transported. 

The first particles to be deposited are the coarser materials, perhaps a mixture 
of sand and small gravel. The next to be dropped is the small-grain material; the 
last to be deposited is the very fine-grain soil such as fine silt and clay, generally 
categorized as loess. Generally, loess is of low density, highly compressible, and of 
poor bearing capacity, particularly when wet (5, 12). 

Large sand dunes are formed from wind-transported soil deposits. They are rather 
common occurrences in deserts of Mrica, Asia, and the United States; they may 
be found in a number of states, including Texas, the Dakotas, Wyoming, Kansas, 
Colorado, and California. While many of the dunes are formed in dry areas, such 
as the deserts, appreciable erosion and subsequent transportation of the soil could 
take place across the temporarily dry beds of streams or deltas. On the other hand, 
the erosive effects of the wind are frequently canceled out by the washing-in of new 
material by water. 

The effects of erosion, transportation, and final deposition of wind-transported 
soil can be quite devastating. Roads, fields, forests, buildings, and villages have 
been known to be inundated in the process. Furthermore, under particularly dry 
conditions, much of the fertile soil from ground surfaces can be removed by the 
wind, leaving behind a barren and unproductive land. For example, during the 
middle 1930s, as a result of extreme drought, repeated crop failures, and continued 
pulverization by farm implements, the soil in the western Great Plains became loose 
and powdery over wide areas and was subsequently picked up by the prevailing 
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Figure 2.21 Process of wind erosion, transportation, and deposits. 
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winds and carried away, leaving behind a major economic problem to the region. 
Frequently, erosion of soil could be checked or reasonably well controlled by 
various forms of vegetation, such as trees, plants, and a variety of ground cover. 

2.10 GLACIERS 


Glaciers are formed by the compaction and recrystallization of snow; that is, if a 
region receives more snow in the winter than melts in the summer, the weight of 
the accumulated snow over the years causes melting and recrystallization of the 
snow into ice. 

Glaciers cover approximately 10% of the Earth's surface, with almost all concen¬ 
trated in Greenland and Antarctica. Furthermore, it is estimated that there is 
enough ice in the glaciers to raise the sea level nearly 60 m (about 200 ft) if the 
ice were to melt. The thickness of some of the Greenland ice sheet was measured 
to be over 3300 m (almost 11,000 ft), while some of the ice sheets in Antarctica 
are in excess of 2500 m. 

As the thickness of the snow and ice continues to increase, the pressure, as a 
result of the accumulated weight, also increases. Once this pressure exceeds the 
strength of the ice, the mass becomes rather plastic and lateral flow begins. De¬ 
pending on a number of factors, including the temperature of the ice, the slope 
of the land surface, and so on, the thickness of the ice mass varies rather widely. 
Masses of thicknesses of only 20 to 25 m have been known to move in this manner. 

As a general rule, glaciers move extremely slowly, perhaps a few centimeters per 
day being typical, but velocities of up to 50 m per day have been recorded. Further¬ 
more the movement is greater near the center than near the edge of the glacier. 

The glacial movement generally deforms and scours the surface and the bedrock 
over which it passes. In the process it carries with it soil varying in size from fine 
grains to huge boulders. When the glacier melts, all of the material is deposited 
to form what is generally referred to as till. At its terminus a melting glacier drops 
its load in the form of ridges, commonly referred to as terminal moraine. Of course 
much of this material is eventually reworked by the action of water and wind, as 
described in the preceding two sections. 

It is estimated that there were at least four major periods of time in the Earth's 
history when ice sheets covered large portions of the land. These are commonly 
referred to as the ice ages, and they may have lasted several million years each. 
The earliest ice age came during the Precambrian time, which had its beginning 
more than 600 million years ago. The next ice age came during the Cambrian 
period, about 600 million years ago. The third occurred during the Carboniferous- 
Permian era between 350 and 230 million years ago. The most recent ice age 
happened during the Pleistocene epoch, which began about 1.75 million years ago 
and lasted until about 10,000 years ago. However, it is estimated that during the 
Pleistocene ice age between 6 and 20 glaciations (formation of a glacier) took 
place, with the typical glaciation lasting between 40,000 and 60,000 years. The last 
major ice advance in North America appears to have culminated about 20,000 years 
ago, when the last ice sheet began to retreat. It is estimated that the ice-covered 
area of the Earth during the early ice age or the Pleistocene epoch was several 
times its present size. During this time so much water was turned into ice that the 
level of the oceans dropped, perhaps in excess of 100 m. 
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When the ice on the glaciers melted, some of the water flowed back into the 
oceans, filling them to the present level. However, not all of the water flowed into 
the ocean. Some of the water filled the depressions that were dug out bythe glaciers 
as they receded. Lakes Superior, Erie, Ontario, Michigan, and Huron were formed 
in this manner as a result of the scouring glacier movements caused 250,000 years 
ago, and they were filled less than 20,000 years ago as a result of ice melting. 

The effects of glaciers were not only in carving mountains, rivers, or lakes, but 
also in their final deposits. For example, the soil that supported the enormous 
weight of the ice sheets was subjected to great pressures and preconsolidation. 
Preconsolidation information is quite useful in estimating the bearing capacity and 
the potential settlements of structures. Similarly, the knowledge of the type of 
deposit (e.g., glacial till) that resulted from glacial movements is sometimes a useful 
piece of information when a building site is evaluated (1, 19, 21, 28, 30). 

2.11 RESIDUAL SOILS 


Disintegrated material above the rock crust that has not been transported by water, 
wind, and glacial movements is generally classified as residual soil. This soil is the 
product of rock weathering, but its characteristics differ significantly from those of 
transported soils. Furthermore, the degree of disintegration may vary appreciably 
over the thickness of its stratum. Its profile generally shows a gradual transition 
from soil into rock, rather than a distinct line of separation of soil and rock. Also, 
because of its partially-disintegrated condition, it offers relatively weak resistance 
to further weathering and other disintegrating factors such as abrasive action, 
dynamic forces, or other destructive effects. In this regard, it is difficult to establish 
the actual size of the grains since they are subject to the process of further disinte¬ 
gration. 

Shales convert to residual soil if the shale disintegrates back into clay or silt. In 
this respect, the stability of shale becomes of particular concern as a foundation 
material. That is, an already weathered and perhaps unstable shale becomes even 
more weathered and, therefore, less stable when exposed to the atmospheric condi¬ 
tions. Typical consequences from such exposure is delamination, expansion, and 
overall decomposition of the shale layer, particularly near the surface of the layer 
where exposure is generally most severe. In turn, shale expansion may have adverse 
effects on foundations, particularly lightly loaded footings and/or slabs. If the use 
of such sites could not be avoided, the usual corrective approach may be to either 
excavate beyond the scope of the foundation and backfill with an inert material such 
as sand and gravel, or minimize the exposure time to the atmospheric conditions, or 
both. 

Limestone is particularly vulnerable to the effects of solvents and weathering, 
forming an irregular and highly plastic residual stratum. Some ofthe disintegration 
of the limestone takes the form of vertical erosion, forming what are known as 
sinkholes and caves. In some instances the vertical erosion and general subsidence 
of the overlying strata could occur in a surprisingly short period of time. Although 
the usual occurrence of sinkholes is not uniform or continuous over a site, some¬ 
times a series of sinkholes can be detected. Hence, a detailed subsurface soil investi¬ 
gation and careful scrutiny are indeed advisable whenever limestone formations 
are detected or even suspected. A solution to this problem is sometimes the bridging 
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of the site with a properly designed slab so as to "cap" the site in a floating 
manner. 

Sandstone, which ordinarily is composed of predominantly cohesionless particles, 
will form a weathered surface that is generally non plastic and rather stable. Sand¬ 
stone mixed with any significant amount of clay particles may be unstable and with 
time may convert to a clayey and plastic material. This may then be poorly resistant 
to an accelerated weathering process and erosion. Soil stabilization through chemi- 
calor cement grouting may sometimes be used to stabilize the stratum and prevent 
further disintegration. 

2.12 SEDIMENTARY DEPOSIT 


Some of the products of weathering are subject to erosion and possible transporta¬ 
tion via water, wind, glacial movements, and the like; the transported mass will 
eventually be deposited. The material moved and deposited in this manner is 
referred to as sedimentary deposit. 

Water and air are the transportation agents responsible for most of the sedimen¬ 
tary deposits. Glacier movements, earthquakes, and gravitational forces are generally 
less significant in this regard. As the forces of these transporting agents lessen, the 
heavier particles of the soil will be released, and the finest will be carried to the 
point where their velocity is checked. In a sense, they are sorted with remarkable 
efficiency into layers of reasonable homogeneity, according to particle weight, size, 
and shape. Although a heavier particle may be the first to reach the bottom of a 
river, for example, it mayor may not remain in that spot permanently. Depending 
on the flow of the river, it may again be moved further down along the river and 
eventually deposited in a new place. Hence, although the bottom of a river and 
the stable bed of the river generally consists of coarser material, with the finer 
being in suspension in the moving stream, some lack of homogeneity in the stratifica¬ 
tion may be expected. Nevertheless, for the most part a significant degree of 
uniformity and stratification is the result of water and wind transportation. 

The type and degree of sedimentation is indeed a factor relevant in many of the 
civil engineering designs. For example, a stream discharging into a reservoir may 
eventually "silt up" on the upstream face of the dam. That is, as the velocity of 
the stream decreases once it hits the reservoir water, the transported load gets 
deposited to form a sediment on the reservoir bottom. With a continuous increase 
in the silting layer, the amount of water storage by the reservoir will obviously 
decrease, thereby significantly affecting or limiting the useful life of the reservoir. 
Dredging of these deposits is usually a viable but also a costly solution to the 
problem. 

Sedimentation deposits in harbors are a problem sometimes faced by marine 
engineers. Although tides are usually the cause, river and/ or underground currents 
may also be responsible for the silting of the harbor. Regardless of the cause, 
however, the silt buildup may impose a serious limitation to the proper function 
and usefulness of the harbor as a navigational tool. Again, dredging may be a 
feasible solution to the problem. 

While sedimentary deposits related to marine structures may be very important, 
many wind- or water-transported sedimentary deposits may be equally important 
and perhaps more frequently encountered. For example, many sedimentary depos¬ 
its were formed by rivers that changed their course or by lakes that are no longer 
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in existence. Now suppose that some of these become building sites. It is readily 
apparent that the characteristics of such deposits are also very important. Generally, 
such deposits consist of fine-grained soil such as clay or silt, which may be compress¬ 
ible and of a low bearing capacity. In that case the amount of settlement, the type 
of foundation, and the overall feasibility of the site become of paramount impor¬ 
tance in the overall planning and design. 

Problems 


2.1 What is the geological cycle? Give a brief description. 

2.2 Differentiate between intrusive and extrusive rocks. 

2.3 Name several factors that are directly tied to the disintegration of rocks. 

2.4 Name and describe briefly the origin of three main groups of rocks, and 
give three examples of each. 

2.5 Describe metamorphism. 

2.6 Name and describe briefly the engineering properties of the three main clay 
minerals. 

2.7 Name a beneficial feature of bentonite. 

2.8 Differentiate between flocculation and dispersion. 

2.9 How does clay absorb water? 

2.10 What constitutes consolidation of clay soil? 

2.11 How does mechanical weathering differ from chemical weathering? 

2.12 Define: (a) Oxidation, (b) Carbonation. 

2.13 Describe briefly how soil is transported and deposited by water. 

2.14 How does the transportation by wind resemble that by water? How does it 
differ? 

2.15 What is the general range of speeds of glaciers? 

2.16 What is residual soil? What is sedimentary deposit? 

2.17 Give two examples where sedimentary deposits are of concern to engineers. 

2.18 How is sandstone formed? How is shale formed? Discuss their relative merit, 
stability, and overall reliability as foundation materials. 

2.19 How are river deltas formed? Name and give the size of a few of the largest 
deltas in the world. 

2.20 What is loess? How is it formed? How does it rate in quality as a foundation 
base? Explain. 

2.21 How does the formation and melting of glaciers affect the water levels in 
oceans and lakes? Explain. 

2.22 How might a building site be preconsolidated during the geological cycle? 
during a glacier era? 


BIBLIOGRAPHY 


1. Adams, J. 1., "Tests on Glacial Till," 14th Can. Soil Meek Conf Tech. Mentor. 69, 
Assoc.Comm. Geotech. Res., N.R.C.,Ottawa, Canada, 1960. 

2. BoswellP. G. If. Muddy Sediments, W. Heffer and Sons, Cambridge, England, 1961. 




Chapter 2 • Formation of Soil and Soil Deposits 


3- Branner,]. C., "Geology in Its Relations to Topography," Trans. ASCE, vol. 39, 1898. 

4- Casagrande, A., "The Structure of Clay and Its Importance in Foundation Engi¬ 
neering," ] Boston Soc. Civ. Eng., 1932. 

Clevenger, W. A., "Experiences with Loess as Foundation Material," Trans. ASCE, 
vol. 123, 1938. 

Dearman, W. R., "Weathering Classification in the Characterization of Rock for 
Engineering Purposes in British Practice," Bull. IAEG, Krefeld, West Germany, no. 9, 1974. 
7- Dunbar, C. 0., Historical Geology, Wiley, New York, 1960. 

Eckel, E. C., "Engineering Geology and Mineral Resources of the TV.A. Region," 
Geol. Bull. no. 1, Tennessee Valley Authority, Knoxville, Tenn., 1934. 

9- Flint, R. F., Glacial Geology and the Plesitocene Epoch, Wiley, New York, 1947. 

10- Flint, R. F., and B.]. Skinner, Physical Geology, Wiley, New York, 1974. 

Fookes, P. G., "Geotechnical Mapping of Soils and Sedimentary Rocks for Engi¬ 
neering Purposes," Geotechnique, vol. 19, 1969. 

Gibbs, H.]., and W. Y. Holland, "Petrographic and Engineering Properties of Loess," 
Eng. MonograPh no. 28, U.S. Bureau of Reclamation, Denver, Colo., 1960. 

13- Grim, R. E., Clay Mineralogy, McGraw-Hill, New York, 1953. 

14- Holmes, A., Physical Geology, 2nd ed., T. Nelson and Sons, London, England, 1965. 
13- Jennings, R. A.]., "The Problem Below," Quart.] Eng. Geol., London, England, vol. 

9, no. 2, 1976. 

16- Legget, R. F., and M. W. Bartley, "An Engineering Study of Glacial Deposits at Steep 
Rock Lake, Ontario, Canada," Econ. Geol., vol. 48, no. 7, Nov. 1953. 

17- Legget, R. F., Geology and Engineering, 2nd ed., McGraw-Hill, New York, 1962. 

18- Legget, R. F., Cities and Geology, McGraw-Hill, New York, 1973. 

19- Leggett, R. F., "Glacial Till: An Inter-Disciplinary Study," R. Soc. Can. Spec. Publ., no. 
12, Ottawa, Canada, 1976. 

20- Legget, R. F., "Geology and Geotechnical Engineering," ASCE] Geotech. Eng. Div., 
Mar. 1979. 

31- Linell, K. A., and H. F. Shea, "Strength and Deformation of Various Glacial Tills in 
New England," ASCE Res. Con! Shear Strength of Cohesive Soils, Boulder, Colo., 1960. 

MacClintock, P., "Glacial Geology of the St. Lawrence Seaway and Power Project," 
pamphlet from New York State Museum and Science Service, Albany, N.Y., 1958. 

23- MacClintock, P., and D. P. Stewart, "Pleistocene Geology of the St. Lawrence Low¬ 
land," Bull. 394, New York State Museum and Science Service, Albany, N.Y., 1965. 

McQuillin, R., and D. A. Ardus, Exploring the Geology of Shelf Seas, Graham and Trotman, 
London, England, 1977. 

25- Mourn,]., and I. T. Rosenqvist, "On the Weathering of Young Marine Clay," Proc. 
4th Int. Con! Soil Mech. Found. Eng., vol. 1, 1957. 

Moye, D. G., "Engineering Geology of the Snowy Mountain Scheme,"] Inst. Eng., 
Sydney, Australia, vol. 27, 1955. 

Newberry,]., "Engineering Geology in the Investigation and Construction of the 
Batang Padang Hydroelectric Scheme, MI Malaysia," Quar.] Eng. Geot., vol. 3, 1970. 

98 

Skempton, A. W., "A Study of the Geotechnical Properties of Some Post-Glacial 
Clays," Geotechnique, vol. 1, 1948. 

29- Skempton, A. W., "Soil Mechanics in Relation to Geology," York. Geol. Soc., vol. 29, 
1953. 

30- Skempton, A. W., and D. J. Henkel, "The Post-Glacial Clays of the Thames Estuary 
at Tilbury and Shellhaven," 3rd Int. Conf. Soil Mech. Found. Eng., Zurich, Switzerland, vol. 1, 
1953. 

31- Sowers, G. F., "Engineering Properties of Residual Soils Derived from Igneous and 
Metamorphic Rocks," 2nd Pan Am Con! Soil Mech. Found. Eng., Brazil, vol. 1, 1953. 

3^- Townsend, F. C., "Geotechnical Characteristics of Residual Soil," ASCE] Geotech. 
Eng. Div., vol. Ill,Jan. 1985. 



Bibliography 53 


33. Upson, J. E., E. B. Leopold, and M. Rubin, "Postglacial Change of Sealevel in New 
Haven Harbour, Connecticut," Am. j. Sci., vol. 262, no. l,Jan. 1964. 

34. White, G. W., "Engineering Implications of Stratigraphy of Glacial Deposits," 24th 
Int. Geoi. Congr., Montreal, Canada, see. 13, 1972. 

35. Whitman, R. V., "Evaluating Calculated Risk in Geotechnical Engineering," ASCEj. 
Geotech. Eng. Div., vol. 110, Feb. 1984. 

36. Wilson, A. E., "Geology of the Ottawa-St. Lawrence Lowland, Ontario and Quebec," 
Memoir 241, Geol. Surv. of Can., Ottawa. 



CHAPTER 3 


Subsurface Exploration 


3.1 INTRODUCTION 


Perhaps all of us have heard it said that "one must understand the problem before 
one reaches a viable solution to that problem." So it is with geotechnical engineering 
problems: We need to know the characteristics of the formation on which the 
foundation rests before we design that foundation. Indeed, a well-planned subsur¬ 
face investigation is a virtual prerequisite to a safe and economical design of the 
foundation components of a structure. This chapter introduces some of the method¬ 
ologies and techniques employed in the more routine subsurface exploration efforts 
and field tests. Testing of soil is described in detail in many laboratory manuals 
and, thus, is outside the scope of this textbook. 

Most subsurface exploration programs are coupled with viable laboratory testing; 
sometimes smaller projects forgo subsurface exploration programs, a practice not 
recommended. Usually the subsurface exploration program is tailored for the perti¬ 
nent needs of a specific project and is frequently limited by budget restrictions. 
Generally, however, the overall investigation should be detailed enough to provide 
sufficient information for the geotechnical engineer to reach conclusions regarding 
the following phenomena: 


Site Suitability 

It goes without saying that not all locations are suitable building sites; that is, 
although one could generally say that all sites could be built upon if cost were not 
a factor, reality dictates that the feasibility of a site be judged in the context of 
economics as well as other criteria. Particularly in urban areas, good building sites 
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may be scarce; many building sites in urban areas may be difficult and costly. Thus, 
the option of abandoning the site should always be reserved when confronted by 
unusually difficult and costly obstacles. Examples of problem sites may include: (1) 
sites over deep-coal mines; (2) particularly unstable formations (e.g., expansive 
shales or pyritic formations, highly compressible or highly expansive clays, landfill 
sites); or (3) unusual underground water problems that may pose costly foundation 
and construction problems. 

Design Criteria 

Most foundations will be classified as shallow or deep. Generally, shallow foundations 
include ordinary spread or isolated footings, combined footings, or mats. For such 
design, allowable bearing capacity (contact pressures) must be determined in order 
to determine the size and configuration and subsequent details of the foundation. 
Piles and caissons fall in the category of deep foundations. For the design of such 
components one needs information regarding friction factors (for friction piles) 
and end-bearing values for piles or caissons that derive their capacity from the end 
(tip) support media. 

Construction Problems 

Information regarding subsurface conditions is important to the geotechnical engi¬ 
neer for (1) formulating design parameters, (2) developing detailed plans and 
specifications, and (3) exposing and accounting for, as early as possible, potential 
construction problems. Knowing and accounting for such problems prior to bidding 
and construction greatly reduces the chances for construction delays, change-order 
costs, and general misunderstanding between the design professional, owner, and 
contractors. Typically, the unit cost for change-order work is significantly larger 
than work required under original specifications. Examples of problems associated 
with the foundation construction phase may include (1) large volume of water 
infiltration into the excavation and corresponding needs for a dewatering program 
(the effects of dewatering an adjoining building is always a concern that has to 
be addressed by the geotechnical engineer); (2) rock excavation (typically, rock 
excavation is much more expensive than ordinary soil excavation; blasting of rock 
is not only expensive but potentially unacceptable if it is likely to adversely affect 
nearby structures or general environmental conditions such as water supply, noise, 
etc.); and (3) driving piles; this may not be an acceptable alternative to drilled, 
vibration-free piers owing to adverse effects driving vibrations may have on nearby 
structures, or the effects of noise on nearby inhabitants (e.g., hospitals or nursing 
home patients). 


Environmental Impact 

Society is becoming increasingly concerned about the environmental impact that 
new construction will have on water quality, disposal techniques, and general haz¬ 
ards that may adversely affect humans, wildlife, and nature in general. For example, 
the construction of landfills is frequently perceived (sometimes correctly) by the 
public as a potential hazard to the water supply. Or the construction of an electricity¬ 
generating plant fueled by atomic power resting on a faulty stratum (particularly 
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if the site is subjected to possible earthquake effects) may be cause for alarm and 
subsequent opposition from the general public. 

Generally a subsurface exploration provides a reasonable depiction of the stratig¬ 
raphy (soil profile) and physical characteristics of the soil strata under the proposed 
building site; items typically included are 

• The nature of the underlying material (soil or rock description, physical and index 
properties of the soil, etc.). 

• Stratification (e.g., delineation of the formation including thickness, width, 
length, and stiffness of various formations). 

• Ground water information (e.g., water levels in various borings, potential seasonal 
fluctuation estimates, and contaminants if any). 

• Pertinent bedrock information (depth, stability, hardness, or the degree of 
fracture) . 

• SamPles (for visual identification and laboratory testing). 

In establishing the extent of the subsurface investigation, including the degree of 
sampling and laboratory analyses, a soil engineer usually takes into account the 
following: 

1. The type, size, and function of the proposed structure. 

2. Soil (or rock) structure interaction. 

3. The effect the proposed structure or construction methodologies may have 
on adjoining structures or facilities. 

Generally, the soil engineer, in conjunction with the structural engineer, deter¬ 
mines the spacing and depth of the borings, the type of exploration, the type of 
samples, and the frequency or degree of sampling, as well as the extent oflaboratory 
testing. 

For larger projects, it is generally advisable to run preliminary explorations prior 
to more detailed evaluations. Relatively speaking, a preliminary exploration is a 
rather inexpensive and expedient method for early or preliminary design estimates. 
It is also a rather sound basis on which to develop a more detailed exploration 
program. Depending on these early findings and specific project needs, the prelimi¬ 
nary subsurface evaluations may be all that is needed for the project. However, 
most frequently a detailed exploration is necessary for a more reliable evaluation 
of the site condition. 


3.2 SCOPE OF EXPLORATION PROGRAM 


There are no hard and fast rules regarding the type and extent of the soil exploration 
program. For example, it may be apparent even to one not versed in geotechnical 
engineering details that the scope of exploration for a parking garage whose column 
loads may exceed 800 tons is likely to be significantly different from that for, say, 
an ordinary lightweight office building of one or two stories where the column 
loads may range between 10 and 30 tons. In all probability, the type of foundation 
for the garage column loads would be a deep foundation consisting of piles or 
caissons; for the lightweight office building ordinary spread footings are likely to 
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be sufficient. Thus, the type and degree of testing is likely to focus on needs for a 
deep excavation in the case of high column loads versus the needs for a shallow 
foundation in the case of the office building example. The scope of the exploration 
program must be sufficient, however, to provide information of the nature and 
extent of the soil strata under a given site. 

The exploration program usually encompasses conducting soil borings or test 
pits and extracting samples for visual and laboratory analysis. This is generally 
complemented, to various degrees, by a site reconnaissance and various field or 
in-situ tests. Although the scope of the program is usually formulated and established 
prior to the start of drilling and sampling, it is common practice (and advisable) 
to evaluate the findings as the work progresses and to make adjustments in the 
program as warranted. For example, the boring depth, the type and depth of 
samples, the number of borings, and so on may be adjusted as deemed necessary 
as the drilling progresses. On the other hand, this should be done under careful 
scrutiny, and in concert with other responsible parties (e.g., structural engineer, 
architect, owner), particularly if these changes reflect an increase in cost. 

Depth of Exploration 

In estimating the depth of exploration, a rule of thumb sometimes used for this 
purpose is to extend the borings to a depth where the additional load resulting 
from the proposed building is less than 10% of the average load of the sturcture. 
or less than 5% of the effective stress (described in Chapter 8) in the soil at that 
depth (1). The drilling should extend through any unsuitable material and into a 
stratum where the material of that formation is acceptably good to support the 
projected structural loads. Where piles are anticipated, the depth of exploration 
is to be at least to the anticipated pile tip; the author recommends that at least 2 
or 3 borings be drilled to a depth of 20 to 30% beyond the anticipated tip of the 
pile. This generally not only provides information on some potentially relevant 
information but also facilitates potential changes in pile design (e.g., increase in 
pile length in exchange for a reduction in the number of piles). Figure 3.1 provides 
some guidelines in this regard. Generally, the cost for the geotechnical services is 
usually less than 1% of the total construction cost. 

Artesian pressures and artesian flow may be a source of problems for low-lying 
areas or for deep excavations. This is sometimes the case in connection with sewage- 
treatment plants, since such sites are normally at low elevations, the water table is 
usually high (shallow depth), and some plant components are rather deep (e.g., 
pits, storage tanks). Dewatering and construction details (e.g., shoring, sheet-pile 
installations) and design considerations (e.g., hydrostatic pressures, uplift potential) 
demand fairly detailed information regarding the presence, depth, and magnitude 
of aquifers (water-bearing stratum) as well as pressure data and the type and charac¬ 
ter of the soil below the excavation. Heave, or boiling (see Section 7.3), is closely 
tied to these conditions. Again, as a rule of thumb, the depth of exploration is 
usually a minimum of 1.5 times the depth of excavation. 

Rock exploration may be necessary for any number of possible reasons; the 
foundation rests directly on rock; excavation of the rock is necessary during construc¬ 
tion (i.e., the cost for rock excavation maybe many times that for ordinary soil); the 
rock formation may be subject to weathering effects (e.g., disintegration, expansion) 
during construction; variations in the rock stratum (e.g.. flawsor fractures, variation 
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Column or 
Wall Loads 

Depth 

\m(ft)\ 

Spacing 

\m(ft)\ 

Borings A 

Borings B 

M 

N 


3-6 

6-7.5 

30 

30 

Light 

(10-20) 

(20-25) 

(100) 

(100) 


6-7.5 

9-12 

25-30 

25-30 

Medium 

(20-25) 

(30-40) 

(80-100) 

(80-100) 


9-12 

15-25 

15-25 

15-25 

Heavy 

(30-40) 

(50-80) 

(50-80) 

(50-80) 



A A A A 


Figure 3.1 General guidelines for boring layout and sampling used by the author. 


in characteristics and formations, elevations). Rock sampling is commonly done 
via a core drill (discussed later in this chapter) for a minimum depth of 3 m. The 
depth may vary, however, and greater depths are common if much variation is 
detected in the rock formation within the site during the coring operations, or if 
voids (e.g., coal-mine voids, limestone sinkholes) maybe present. (Agiant limestone 
sinkhole about 200 m in diameter and 50 m deep swallowed homes, vehicles, etc., 
in Winter Park, Florida, in May 1981.) In such cases the strength and soundness 
of the rock strata above voids may be of paramount importance in the assessment 
of the ability of the rock formation to bridge over these voids and support the 
superstructure. 

Spacing of Borings 

It is normally difficult to determine the spacing and number of borings prior to 
the commencement of the drilling work because so much of such planning is tied 
to the underlying soil conditions, which are usually unknown at the time of planning. 
Hence, it is common practice to proceed with a rather skimpy preliminary investiga¬ 
tion, and then follow up with a more structured and better planned effort. 

The preliminary borings usually lack detailed sampling. Instead, drill cuttings or 
disturbed samples (see Section 3.5) and water table information usually suffice. 
The follow-up borings are planned as complements to the preliminary ones, but 
include specific requirements regarding the type, method, depth, and degree (or 
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frequency) of sampling. For relatively light structures, the preliminary phase may 
be sufficient if the soil strata are good and appear uniform throughout the site. 
Frequently a comparison of the design data and performance history of an adjoining 
structure, if one is available, become useful tools for establishing the need for a 
more detailed investigation effort. On the other hand, for heavy or important 
structures, and for cases where the stratification information is doubtful or inconclu¬ 
sive. there is little choice but to proceed with the more comprehensive survey. This 
should be done with due care to extract only samples and perform only tests as 
required. For example, it is fruitless, if not irresponsible, to extract samples and 
perform tests that are not relevant to the design needs, or to perform tests if it 
becomes convincingly clear that the site is totally unsuitable for the intended 
purpose. 

As is apparent by now, there are many factors related to the formulation of such 
a program. However, after a careful weighing of all the factors, the final decision 
on the part of the soil engineer is an empirical one, usually based on judgment 
and experience. Figure 3.1 shows a grid pattern for a typical boring layout used by 
the author on numerous projects. This particular layout assumes that the shape of 
the building is a rectangle, but the basic pattern could be improvised for nonrectan- 
gular buildings by merely adding grid blocks of M by N dimensions, as required 
by the shape of the building. This arrangement is convenient for plotting the 
stratification or profile of a series of borings in various directions (vertically, horizon¬ 
tally, diagonally). It facilitates evaluating the soil profile from a number of angles 
with a minimum of distortion of data. Again, it is merely a guide, intended to give 
the student an idea of some commonly used values for boring depth, spacing, and 
sampling for some general groups of structures. It depicts a wide range of values, 
provides only general ranges, and is very approximate. In this regard, the importance 
of judgment cannot be overemphasized in the overall program. Seldom are two 
sites identical, and even more seldom are two programs found to be completely 
identical in scope or needs. 

0.0 SITE RECONNAISSANCE 


Preliminary exploration is perhaps the most substantive basis for formulating the 
type and extent of a more detailed exploration and testing program. In fact, such 
"early" information may serve as the deciding factor for the feasibility of the 
site, or its rejection. For example, a preliminary subsurface exploration program 
conducted by the author, consisting of ten borings spread over several acres, re¬ 
vealed coal mines (voids) under the building site for a proposed new high school 
in a western Pennsylvania community. Mter some deliberation, and after reflecting 
on the preliminary findings, the local school board authorized a more detailed 
investigation and directed the design of a foundation as required to place the 
school over these mines. Obviously, in the judgment of the school board, the 
location of the school was important enough to warrant the additional expenditures 
not only for the much more detailed surface exploration, but also for the anticipated 
increase in design and foundation costs. 

Sometimes the preliminary subsurface investigation may serve as the catalyst 
for a change in building design. For example, the author recalls a preliminary 
investigation that revealed a 2-m-thick layer of undesirable fill. The original design 
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called for a basementless construction. However, after reviewing the cost of remov¬ 
ing the undesirable fill and replacing it with controlled (compacted) fill, it was 
decided to incorporate a basement in the final design. 

While indeed useful, a preliminary exploration should be regarded only as such. 
It is a useful intermediate step and one that is recommended whenever the time 
schedule permits. It is not intended to replace a more detailed and thorough 
evaluation of the site. 


3.4 SUBSURFACE EXPLORATION 


Within the efforts of evaluating a given site, one may reflect on one or any combina¬ 
tion of the following considerations: 

1. Environmental data 

2. Relevant information on the behavior of adjoining structures 

3. Electrical or geophysical testing 

4. Soil drilling and sampling 

In addition, the study is generally extended to include laboratory testing and evalua¬ 
tion and, perhaps, additional in-situ field tests (51). 


Environmental Considerations 

Geology The study of the geology of an area may provide useful information on 
the following points: 

1. The general soil profile (e.g., groundwater conditions, flooding, erosion, 
metastable soil formation) 

2. The state of the mass-rock formations (e.g., fractures or faults, formations, 
voids) 

3. Areas of seismic activity 

Sources for geological information may include the U.S. Geological Survey publi¬ 
cations, state geological surveys of the Bureau of Mines, the U.S. Department of 
Agriculture, state highway departments, geological departments of universities, local 
well drillers, mining companies, and local libraries. 

Seismic Zones Zones of potential seismicity should be identified in terms of both 
occurrence and intensity of seismic activity. This information is necessary if struc¬ 
tures are to be properly designed and protected against potential damage from 
such occurrences, and the loss of life therefrom minimized. 

Figure 3.2 depicts the probable seismic intensities, as a percent of g, for various 
zones in the United States. For example the likely bedrock intensity around the 
North Central region (e.g., Wisconsin. Minnesota, North Dakota) and some of the 
deep Southern region (e.g., Texas, Louisiana, Mississippi. Florida) is virtually nil, 
while in portions of California the intensity may be 0.6 g. 
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Figure 3.2 National probabilistic map of peak bedrock acceleration. The valuesof peak 
bedrock acceleration, in percent of g, have a 10% of probability of being exceeded in 
a 50-yearperiod. This map is the basis for all current building codes in the United 
States. (Courtesy United States Department of the Interior.) 

Behavior of Adjoining Structures 

Whenever available, information regarding the design criteria (e.g., type offounda- 
tions, design parameters), the behavioral history (e.g., settlement, problems during 
construction or later), and general soil information (e.g., available boring logs, 
conversations with persons acquainted with the general site or specific soil condi¬ 
tions) becomes an invaluable basis for formulating plans related to the new con¬ 
struction. 

Underground facilities such as tunnels, pipes, or cables must be located and not 
interfered with either during the drilling and exploration or from the imposed 
building loads. Similarly, such installations or other buildings must be viewed in 
terms of the effects and changes in soil stresses and water conditions imposed by 
the new structure either during construction or during its life, or both. For example, 
some common questions may be: What is the effect of the additional building load 
on the settlemen t of the existing structure? What may be the effects on the existing 
structure from excavations, dewatering, pile driving, etc? What is the effect of the 
construction work or new building loads on an existing underground water main, 
sewer, or tunnel? In this regard, it is advisable that a careful inventory be taken of 
the conditions prior to construction of adjoining "structures" and a methodical 
assessment made of the potential effects the new conditions might impose on these 
structures. A final comparison should be undertaken to evaluate any subsequent 
changes of conditions and to ascertain potential damages, if any. Many lawsuits are 
instituted in this area of activity. 

Geophysical Testing 

Information regarding the topography of underlying rock and the water table is 
sometimes obtained by an indirect method known as seismic refraction. Briefly, the 
method consists of measuring the velocity of the compression wave that propagates 
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through the soil. The waves are usually induced by an explosion (say, dynamite 
cartridge) at the ground surface and are picked up by detectors located at different 
known distances from the point of explosion. The velocity may vary (1) in soils 
from 150 to 2500 mis, (2) in water, 1440 mis, and (3) in rock from 1800 to 8000 
m/s. Hence, some estimates of the stratification, the degree of weathering and 
hardness, and the depth of the hard rock may be made prior to a more reliable 
testing program (such as borings). 

The electric resistivity method measures the change in the electric resistivity of the 
soil via electrodes placed at the surface. For example, hard and dense rocks have 
high resistivity, whereas softer rocks and soils are less resistant. Application of the 
method might also include the detection of cavities within the rock strata (e.g., 
mine voids, sinkholes, faults). It might further be a means for establishing the 
extent of a formation by comparative evaluations with quantities already established 
(say, from boring information), or to obtain groundwater information such as water 
tables and aquifers. 


3.5 B0RI NGS 


The drilling of holes, commonly referred to as test borings, and subsequent soil 
sampling at varying depths is one of the most widely used methods for subsurface 
investigations. The "drill" is usually advanced into the soil vertically, but may be 
inclined if one suspects faulty formations, say, vertical rock fractures or joints, which 
might be missed by vertical drilling. The soil samples are taken at specified intervals 
or at changes of strata. 

In nonrock formations (or in soft rock) the drilling is advanced by either augering 
or chopping the soil with a bit attached to a hollow drill rod through which water 
(sometimes mud. usually a bentonite clay mud described in See. 2.6) is injected 
into the hole under pressure and transports the loosened soil out. This is referred 
to as a wash boring. The use of water should be avoided in soils such as loess (wind- 
deposited soil), whose properties may be altered by water. A steel casing, pushed 
or pounded downward with the advancing depth of the boring, is normally used 
to prevent a potential collapse, particularly in cohesionless soils, of the hole during 
this operation. Samples may be obtained from the soil transported out, or via a 
sampling spoon or a thin-wall tube that is pushed or driven to the stratum at the 
bottom of the hole. (The latter two sampling devices are discussed in more detail 
below.) 

Virtually all present-day augering is done by mechanically powered drills. The 
typical drilling rig, as shown in Fig. 3.3, generally consists of a power unit, usually 
mounted on a truck, and is equipped with various types of augers, bits, core drills, 
hydraulic tools, and paraphernalia (e.g., pumps, reservoirs, hoses). Other accesso¬ 
ries that may be needed for drilling, sampling, preparation and preservation of 
samples, and recording of information include split-spoon samplers, thin-wall tubes, 
sealing wax, sampling containers, and log sheets. Power units are sometimes 
mounted on skids to facilitate the drilling and sampling in places such as steep 
hills or inside low-clearance buildings, which are rather inaccessible to truck- 
mounted types. 

Augers consist of flutes welded to a solid or hollow (pipe) stem. Their tips are 
usually sloped in order to facilitate the downward advancement of the auger. They 
are normally less than 20 em (8 in. ) in diameter for routine drilling, but sizes large 
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Figure 3.3 (a) Drilling rig with mast in a down position—the typical position during transit, 
(b) The drilling rig positioned for drilling; note that the hydraulic jack lifted the front end 
in order to level the truck to a reasonable degree. (Courtesy of McKay & Gould Drilling, 
Inc., Darlington, Pennsylvania.) 
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enough for a person to enter and observe the formations within a drilled hole may 
be employed for special needs. Samples may be obtained from the flutes as the 
augers are extracted, or from the bottom of the hole. For samples from the bottom 
of the holes, the auger must be extracted in the case of solid-stem augers. Samples 
may be obtained through the stem without extracting the augers in the case of 
hollow-stem types. 

Augering through soils that contain large cobbles, boulders, or rock may be quite 
difficult. In that case, the drilling is usually done by fracturing these boulders or 
rocks via percussion drills or by means of cable-tool drilling. In the latter case a 
steel rod, which is equipped withjagged teeth and weighs several hundred kilograms, 
is raised and dropped repeatedly by steel cables, thereby crushing the boulders or 
rock. Water and/or mud may be injected into the hole to facilitate the removal of 
the cuttings and, subsequently, extracted via a bailer at various intervals, as required. 

Disturbed Samples 

Disturbed samples encompass a wide array of soil specimens. Included are wash¬ 
boring samples, which are transported out by water and subsequently deposited in 
a tub or other container, sometimes on the ground. As mentioned previously, these 
samples have relatively limited value and are seldom kept for any laboratory analysis. 
The process obviously permits mixing of the various strata in the boring and, 
therefore, one may be provided with information of an average or general nature 
and texture of the total deposit. Continuous auger boring samPles are more valuable. 
They provide reasonable data for stratum delineation and sample identification 
with depth, some information regarding moisture or the water table, and so on. 
but they are greatly lacking in information regarding the in-place characteristics 
of the soil such as stiffness, density, shear strength, or compressiblity. Of those 
falling in the category of disturbed samples, the split-spoon samPle is by far the most 
reliable. These samples are obtained by driving a steel tube into the undisturbed 
stratum and extracting the sample. The sampler is shown in Fig. 3.4. Briefly, the 
assembly consists of a short tube with a cutting edge (cutting shoe) on one end 
and threads on the other. A split tube threads to the shoe and to a head assembly, 
which is attached to the drilling rod, as detailed in Fig. 3.5. When unscrewed from 
the shoe and head assembly, the split barrel can actually be opened into two equal 
segments for visual inspection of the sample or for removing part of the sample 
for preservation or future analysis. 

The split-spoon is obtained by driving the sampler a total of 450 mm (18 in.) 
with a 64-kg (140-lb) hammer falling for a distance of 760 mm (30 in.). A record 



Figure 3.4 Split-barrel (split-spoon) sampler. 








Figure 3.5 (a) Split-spoon sampler; on left, assembled and ready to be screwed on to extension 
rod; opened into two halves in the center; cutting head on lower right-hand corner and rod 
splicing unit at upper point, (b) Cutting head being screwed onto the two sections, (c) A 
"retention basket" sometimes used inside the split-spoon sampler to keep very loose soil 
from sliding out during the extraction process. (Courtesy of Lininger Drilling & Pumps, 
Inc., Greenville, Pennsylvania.) 
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is made of the number of blows required to drive each 150-mm (6-in.) segment. 
The number of blows required to drive the sampler for the last 300 mm (12 in.) 
is an indication of the relative density of the material and is generally referred to 
as the standard penetration test (SPT). A more detailed description of such sampling 
and the relevant factors is given by ASTM D-1586-67 and other sources (1. 12, 18. 
23,25,41.44.49.60,63). 

Split-spoon samples are generally taken at every change of soil stratum or at 
specified intervals of depth, usually every 1.5 m (approx. 5 ft) or at every change 
of stratum detected by the driller. The samples are preserved in properly labeled 
sample bottles (e.g., project, date, boring number, sample depth). Occasionally, 
some of these samples are coated with a paraffin wax for the purpose of preserving 
the moisture in the material as well as the sample shape, however, deformed it 
may be. 

The blow count from the standard penetration test is frequently used as a measure 
of the relative density of sand or of the stiffness of the stratum in which the split- 
spoon sample is taken. The method is not recommended to measure comparable 
characteristics of formations that contain gravels, particularly lage sizes, or for 
cohesive soils. 


Undisturbed Samples 

An undisturbed sample is a somewhat more expensive and more time-consuming 
sample, but it is considerably more valuable (31, 54. 56. 70, 75). As might be 
expected, the grain structure of particle arrangement of many soils may be sensitive 
to disturbance. Hence, if the samples have experienced considerable disturbance 
during extraction, the test results and the predictions based on such results may 
be seriously in error. Yet total duplication of in-situ conditions is virtually impossible. 
That is, the mere extraction of a sample changes the pressure of the sample from 
in-place conditions to atmospheric, for instance, (20, 33. 34. 39.46,48. 65). Quite 

obviously, therefore, due care should be exercised to obtain samples least disturbed 
and to account for whatever disturbances have occurred during the interpretation 
of the test results. A thin-walled tube, sometimes referred to as a Shellrytube (Shelby 
Tube Company was among the first to manufacture thin-wall tubing) is one of the 
most widely used devices for in-situ or "undisturbed" soil sampling. 

Figures 3.6 and 3.7a show a typical Shelby-tube sampler. The tube has a thin 
wall, about 1.6 mm thick, and anywhere from 50 to 100 mm in diameter. It is 
recommended, however, that the diameter be 76 mm or larger. In order to minimize 
friction between soil and tube, the cutting tip of the sample is slightly beveled 



Figure 3.6 Thin-wall Shelby-tube sampler. 
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Figure 3.7 (a) A thin-wall, Shelby tube sampler; lower photo shows the tube secured to rod 
splicer via set screws; upper photo is a view of the upper end of the tube that connects to 
rod splicer; next to the tube is a plastic cap, which is typically placed over each end after 
extraction in order to contain the soil in the tube during transport to lab. Along with wax, 
which is melted in the field, on each end, immediately after extraction, the plastic cap may 
also prevent moisture evaporation, (b) Diamond-studded cutting tip of rock coring barrel 
used to obtain rock core samples. (Courtesy of Lininger Drilling & Pumps, Inc., Greenville, 
Pennsylvania. ) 
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inward (about 0.5 mm), as shown in Fig. 3.6. Furthermore, it is recommended that 
the ratio of the peripheral cross section (encompassed by the wall thickness and 
beveling) to that of the soil not exceed 10%. For example, ifwe assume the diameter 
of the specimen to be 73 mm (2.875 in.) and a beveled thickness (wall thickness 
plus inward protrusion) of 1.8 mm, the ratio is (74.8)77 X 1.8 X 4/77(73)2 = 0.10 
(or 10%). 

The samples are usually obtained by pushing, smoothly and continuously, the 
Shelby tube into the soil. (Some engineers claim less disturbance by driving the 
sample into some of the more plastic soils). Once extracted, the sample is left in 
the tube, with both ends of the tube waxes to prevent moisture escape. The tube 
with the sample inside is taken to the laboratory, where it is cut and the sample is 
extracted and tested. The procedure for performing the various tests may be found 
in the ASTM standards or in most laboratory manuals dealing with the subject. 

Core Boring in Rock 

For most rock drilling and sampling, the same drilling rig could be used as for soil 
sampling. On the other hand, most of the sampling tools and implements used for 
drilling in the soil are not normally adequate for rock sampling. For example, a 
split-spoon sampler or auger bit may penetrate some soft rock, but usually these 
tools are limited to a relatively negligible portion of the upper segment of the 
massive rock formation. Coring the rock layer is perhaps the most reliable method 
of sampling. The typical tool used for rock coring is the core barrel, shown in Fig. 
3.7b. In essence, it is a hardened steel tubing, 5 to 10 cm in diameter and 60 to 
300 cm long (2 to 4 in. in diameter and 2 to 10ft long), equipped with a cutting 
bit, which contains tungsten carbide or commercial diamonds at its cutting end. 
During sampling, the bit and core barrel rotate, while a steady stream of water or 
air is pushed down through the hollow rods and barrel into the bit. The water and 
air serve as coolants and as transporting agents in the process of bringing the 
cuttings up to the surface. A number of such tools are available commercially, and 
a more detailed description of their characteristics is deemed unnecessary at this 
time. 

The typical rock sample consists of a cylindrical core cut from the rock formation. 
Through careful analysis, one may extract much useful and relevant information 
about the rock. Figure 3.8 depicts the typical manner of workers to remove and 
log core samples. 

1. Type (e.g., shale, sandstone, limestone) 

2. Texture (e.g., fine or coarse grain, mixtures) 

3. Compressive strength (e.g., compression test results) 

4. Orientation offormation (e.g., bedding planes, vertical, horizontal variations) 

5. Degree of stratification (e.g., laminations) 

6. Soundness (e.g., weathering, fissures, faults, degree of fracture) 

7. Miscellaneous (clay seams, coal formations, stability) 

By noting the ratio of the length of core obtained to the distance drilled, com¬ 
monly referred to as core recovery, one is able to formulate an opinion regarding 
the consistency and soundness of the rock. For example, a shale stratum laminated 
with a number of clay seams will generally result in a low percentage recovery since 
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much of the clay may be "washed away" by the water or air during the drilling 
process. Similarly, a layer of broken sandrock may show a relatively small percentage 
recovery, with a percentage of the rock stratum being carried away by the water or 
air. 

The small-diameter core samples are generally sufficient for the exploration of 
the rock strata for most jobs. Occasionally, larger diameter cores are taken for 
evaluating the rock strata not only from the extracted cores, but also from more 
detailed observations via actual visual inspection of the natural formation, perhaps 
through mirrors or personal inspection from within the hole. Such explorations 
and investigations are frequently coupled with coring for caisson installations. 

Strengths as determined from compression tests of core samples are of rather 
limited value in predicting the strength of the in-situ rock. Strength and deformation 
characteristics of the in-situ rock are greatly affected by discontinuities (e.g., joints, 
bedding planes, fractures, weathered seams), which are too complex to account 
for during the strength evaluation from the rock core compression test. 


3.6 TEST PITS 


Another method of subsurface exploration is via an open pit, usually dug with a 
backhoe or power shovel. An ordinary construction backhoe with a reach of 3 to 
4 m (10 to 13 ft) is usually adequate for this type of exploration. It is one of the 
most dependable and informative methods of investigation, since it permits a most 
detailed examination of the soil formation for the entire depth. For example, the 
stiffness of the strata (via penetrometers), the texture and grain size of the soil, 
detailed sampling, in-situ testing, moisture evaluations, and the like are among 
some of the items of information that can be conveniently and reliably obtained 
from such explorations. 

For deeper holes, the excavation is frequently shored to protect against collapse, 
so that an observer may be able to view the stratification from within the hole or 
take samples of the undisturbed soil from the walls or bottom of the hole. One 
may obtain relatively undisturbed samples by entering the pit itself. One sampling 
method is to press a thin-wall steel tube into the bottom or sides of the excavation 
and extract a portion of the stratum by means of the tube. Another sampling 
method consists of carving a relatively undisturbed soil sample from the sides or 
bottom of the pit. The sample is then waxed to preserve its moisture during the 
interim between sampling and laboratory testing. 

The open-pit method of exploration has both advantages and disadvantages. 
Some of the positive features are 

1. It provides a vivid picture of the stratification. 

2. It is relatively fast and inexpensive. 

3. It permits rather reliable in-place testing and sampling. 

Some of the disadvantages associated with the open-pit method of explorations 
are 

1. It is usually practical for only relatively shallow depths, generally 4 to 5 m. 

2. A high water table may prohibit or at least limit the depth of excavation. 
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3. If shoring or extraordinary safety requirements are confronted during excava¬ 
tion, the cost of such exploration may be unacceptably high. 

4. The backfilling of the holes, generally under controlled compaction condi¬ 
tions, may produce a series of nonuniform stratum characteristics over the 
site. 

3.7 FIELD TESTS 


The reliability oflaboratory results to represent the in-situ soil properties remains a 
significant concern to the geotechnical engineer. The change in the environmental 
conditions (e.g.. pressure, moisture) and the disturbance that the soil sample under¬ 
goes during extraction and subsequent handling and testing may greatly influence 
the test data. Furthermore, some valuable data may be obtained only through actual 
"field" testing. Several of the more commonly used in-situ tests are discussed in 
this section. 

Penetrometer Tests 

A number of penetrometer-type tests have been used by engineers to determine 
relative density, stiffness, strength, or bearing capacity of the soil strata. Figure 
3.9 shows three common hand-operated penetrometers used for that purpose. In 
essence, they all relate the force or energy required to push or drive a probe a 
certain distance through a soil. A cone-type penetrometer has been developed in 
Holland and is widely used in Europe. The Standard Penetration Test (SPT) is more 
widely used in the United States, although the cone penetrometer has experienced 
increased use in the United States as well. 

The details for performing the Standard Penetration Test (ASTM D-1586-67) 
have already been briefly mentioned in Section 3.5 and will therefore not be 
repeated here. The test is used as a measure of the relative density of sands and 
noncohesive soils, excluding cobbles, boulders, or very coarse gravels; it is not 
recommended for cohesive soils. The blow count increases with depth and with 
increasing coarseness of the cohesion less material. Figure 3.10 shows the relation¬ 
ship between the relative density of sand or gravelly sands, and the corresponding 
blow counts for various effective overburden pressures (or confining stresses). 

Cone penetrometers come in a variety of designs (58). Basically they all have a cone- 
shaped tip, which is used to facilitate the downward advancement. Some are solid 
rods, others are a composite of rod and casing. Some are pushed down (static), 
whereas others are driven (dynamic) into the soil. Generally, they are limited in 
accuracy and should be used relative to and in counction with information from 
other methods and evaluations. The Begemann friction cone (45. 67) is a sophisti¬ 
cated. widely used tool, which appears relatively reliable for measuring the relative 
density and bearing capacity of strata in a continuous fashion. 

Vane Shear Tests 

Vane shear tests (ASTM D-2573-72) are used with increasing acceptability to deter¬ 
mine the shear strength of soils in situ. Although reportedly first used in Sweden 
almost 60 years ago, they did not gain significant acceptance until their extensive 





Figure 3.9 Penetrometers provide a measure of soil bearing/unconfined compressive 
strength. They are pushed into the soil to the designated mark, (a) The cylindrical¬ 
shaped head type has a sliding ring, which moves over a calibrated scale as load is 
applied, (b) The gage-proving ring arrangement. (Courtesy of Soiltest, Inc., Lake 
Bluff, Illinois.) (c) Hand penetrometer consists of a cylindrical-shaped head, which 
is pushed into the ground to the designated mark of 1 in. Load is indicated via the 
sliding ring, which slides over the calibrated scale as the load is applied. (Courtesy 
of Gilson Lab Equipment, Worthington, Ohio). 
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Figure 3.10 Relative density of sand from Standard Penetration Test. (Courtesy 
of ASCE.) 


use and development from 1947 to 1949 by the Royal Swedish Geotechnical Institute. 
There are a number of different versions of the instrument, based on essentially 
the same principle. In essence, the instrument consists of a rod with radial vanes, 
as shown in Figs. 3.11 and 3.12. Once pushed into the soil, the vane is rotated by 
an applied torque. The resistance to the applied torque Tin Fig. 3.12rz is provided 
by the shearing forces on the two ends of the vane and on the circumferential 
plane. Figure 3.126 shows a commonly used ratio of the vane. Figure 3.12c shows 
an assumed shear stress distribution on the ends of the vane, similar to that used 
in round bars subjected to torsion. Figure 3.12d shows a uniform shear stress around 
the vertical cylindrical surface of the rotating vane. 

The torque for the dimension shown in Fig. 3.126 is resisted by T\ and T 2 (Fig. 
3.12c and 3.12d, respectively). If both ends of the vane are “submerged” in the 
soil stratum, and if the maximum shear stress is r for all shear surfaces, then 

T= 2T, + T, = 2t(ttR 2 ) (| R) + t(2ttR) (4 R)R 


or 

T=fT77/J S 

from which 


3T 

28ttR 3 


(3-la) 


If the vane penetration is only to the top of the vane, only one end plane develops 
shear resistance. Therefore 


T= T(TiR 2 )(iR) + t{2ttR)(4R)R 
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Figure 3.11 Vane shear tester. Heads are pushed into the ground. Torque is measured via 
a calibrated scale, as torque is applied to soil failure. (Courtesy of Soiltest, Inc., Lake Bluff, 
Illinois.) 


or 


3 T 

26t tK } 


(3-lb) 


The vane shear test is adapted to clay soils, particularly to soft sensitive clays. 
Generally speaking, for such clays these tests give results that are somewhat superior 
to those obtained from unconfined compression or direct shear tests. 



Figure 3.12 Basic features of a 
shear vane tester, (a) Sche¬ 
matic of shear vane apparatus, 
(b) Common dimensions of 
shear vane, (c) Assumed shear 
stress distribution at ends of 
vane, (d) Assumed shear stress 
distribution on vertical surface. 
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Load Tests 

Load tests are sometimes run at the surface or on the bottom of an excavation in 
order to determine the behavior of the soil stratum under load, for example, shear 
strength or settlement. However, as desirable as it may be to have the test conditions 
simulate the "actual" loads and footer sizes, this approach is impractical. That is, 
the footer sizes, loads, duration of loading, and so on are normally not reasonable 
to duplicate. Instead, loads are generally transmitted through relatively rigid bearing 
plates, usually less than 1 m 2 in area, bearing on the soil stratum at the anticipated 
footer elevations. The resulting pressures from the plates to the soil may be anywhere 
from 100 to 300% of the expected pressures from the footing. Likewise, the time 
of the sustained pressures may vary from a few hours to perhaps several weeks. 
Deformation readings (rough approximations of settlement and/ or shear strength) 
during the time of the sustained load are made at regular intervals. Also, a reading 
of the net settlement with the load removed is made after completion of the test. 
Load-settlement readings may be used to determine the coefficient of subgrade reaction. 
Figure 3.13 is a schematic of such a load test. 


Observation Wells 

Special installations are sometimes used for the purpose of determining the ground- 
water location and seasonal fluctuations. Although the level of the water table is 
generally recorded during the drilling of bore holes, the information may be 
misleading; the reading may represent water from capillary saturation, surface 
infiltration, or a perched water table. And. of course, such short-time observations 
do not indicate the seasonal fluctuations that the water table may undergo. 

A commonly used approach for this purpose, serving for both granular and fine¬ 
grained strata, consists of using perforated plastic pipe. The perforated pipe is 
lowered into the bore hole, which is held open by a steel casing. The space between 
the perforated pipe and the steel casing is filled with a sand and gravel mix, and 
then the steel casing is pulled out. In order to minimize surface infiltration, the 
top of the bore hole is sometimes sealed with a concrete cap. with only a small 
opening left to serve as a vent. Figure 3.14 shows a schematic installation of such 
a well. Note that the purpose of the sand and gravel is to act as a filter; that is, it 
is easy to plug the perforations via fine-grained particle infiltration, thereby reducing 
or perhaps completely destroying the effectiveness of the well. 
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Figure 3.13 Schematic of a 
field load test. 
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Figure 3.14 Schematic of a common, long-term observation well. 


In-Situ Permeability Tests 

A rough estimate of in-situ permeability can be obtained by pumping or bailing 
water out of a boring. Another way is to observe the rate of infiltration of water 
poured into a hole. (Percolation tests run in connection with septic systems employ 
shallow and small holes dug near the surface.) Another method entails observations 
of the time required for an identifiable liquid (e.g., dye) injected into the soil to 
reach a well at a given distance fom the point of injection. Still another method is 
described in Section 5.6. The Earth Manual of the U.S. Bureau of Reclamation 
provides procedures and sample calculations for this purpose. 


Pile Load Tests 

The purpose of the pile load test is to verify the capacity of the pile. Pile tests 
provide acceptably reliable information regarding load capacity, but are not gener¬ 
ally reliable for long-term settlement data since the pile loads are normally sustained 
for only relatively short periods (e.g., 3 to 4 days). The procedure for performing 
the tests is described in ASTM D-1143. 

3.8 BORING LOGS 


Data obtained from drilling the bore holes (or test pits or core samples) must be 
recorded accurately, completely, and at the time the data become available-not 
later. That is, as the drilling progresses and information regarding the strata be¬ 
comes available, either through visual observations of the material brought up by 
the auger, air, or water, or from samples taken by the split-spoon or Shelby-tube 
samplers, the information is immediately recorded. Do not depend on memory to 
record this at completion of drilling. Samples that are saved for future evaluations 
in the laboratory (Shelby-tube samples, split-spoon, or rock cores) are likewise 
properly labeled on the container in which they are preserved (ajar, a Shelby tube, 
or a core box). Simultaneously, that information is also recorded in the boring 
log. 
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Typically, a driller's boring log will have the following information: 

1. Name, address, and telephone number of the drilling company 

2. Name and address of the project 

3. Type and number of boring 

4. The date of drilling 

5. The type of drilling rig and equipment 

6. Ground elevation at the boring location 

7. The driller's name 


Driller's name - 

Address_ 
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Boring no._ Page no_of 
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Figure 3.15 Typical boring log form. 












80 Chapter 3 • Subsurface Exploration 


12. The description of the sampler 

13. A complete description of the strata, coupled with pertinent notes that the 
driller or field technician deemed appropriate 

Figure 3.15 shows a typical boring log the driller used to record the above- 
mentioned data. The correlation chart in the upper right-hand comer of the figure 
is an empirical guide, for an approximate classification of the strata from job to 
job. It is not a universally accepted standard, but it is widely accepted as a reasonable 
guide for general classification purposes in the field. 

From the information provided from the field log and that obtained from labora¬ 
tory samples, a new log is drawn, which facilitates the stratification interpretation. 
Figure 3.16 shows a typical log. 


Problems 


3.1 Name several sources for information and preliminary evaluation of a build¬ 
ing site. 

3.2 Explain briefly the difference between a preliminary exploration and a detailed 
exploration program; suggest relevant features for each of the two scopes. 

3.3 Name several pieces of information that are obtained from a typical subsur¬ 
face investigation. 

3.4 Name several factors that are relevant to the planning for a well-balanced 
exploration program. 

3.5 How does one go about planning the depth of the boring, the boring layout, 
and the type of samples? 

3.6 What is a test pit? Give some of the negative and positive aspects of a test 
pit. 

3.7 What is a test boring? How does it differ from a test pit? 

3.8 What is a disturbed soil sample? What is an undisturbed soil sample? How 
is each obtained? 

3.9 Describe the features of a Shelby-tube sampler. How does this differ from 
the split-spoon sampler? 

3.10 What is a core sample? How is it obtained? What information can be obtained 
by evaluating this sample? 

3.11 What is a vane shear test? Describe the apparatus. 

3.12 What are boring logs? 

3.13 Describe the basic construction and features of observation wells. 

3.14 Can a split-spoon sampler penetrate a typical rock formation? Can a flight 
auger penetrate a rock formation? Explain. 

3.15 Shelby tubes are usually pushed into the strata. However, some practitioners 
regard driving the tube an acceptable approach. How might the disturbance 
be affected by the two methods for each type listed below? 

(a) Very soft clay 

(b) Hard clay 
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(c) Fine sandy silt 

(d) Sandy soil 

3.16 What is drilling mud? What is bentonite? 
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CHAPTER 4 


Physical and Index 
Properties of Soils 


4.1 INTRODUCTION 


When evaluating a building site, the geotechnical engineer essentially seeks answers 
to two basic questions: 

1. How suitable is the in-situ formation to serve a designated function? 

2. What are the design criteria, based on existing or modified soil properties, 
that are to be used when formulating viable foundation options. 

Essentially, the geotechnical engineer first defines the problem and then scruti¬ 
nizes possible solutions. 

The details related to the actual design of foundations are invariably tied to the 
stratum that supports these foundations. Following are some of the questions that 
may be in need of answers in this regard: 

• How well will the strata serve under in-situ conditions? For example, does the 
stratum possess sufficient bearing capacity (discussed in Chapter 14) to support 
a given load; or would it permit excessive seepage (discussed in Chapter 7) if 
it were part of a dam design; or will it undergo excessive settlement (discussed 
in Chapter 9) under certain loads? 

• Is the soil subject to significant alterations from imposed conditions? For exam¬ 
ple, will a large sustained load consolidate a clay layer; or will dynamic loads 
transform a loose sand stratum into a dense one; or will fluctuation of the 
water table affect the shear strength of a clay? 
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• By what means can one improve on the undesirable characteristics of a given 
formation? For example, a loose sand and gravel formation may be compacted 
into a more dense stratum by various means. Similarly, a stratum of relatively 
low shear strength may be improved by an injection of cement grout or chemical 
or other stabilizing agents. 

• Might replacing an undesirable formation with a new one be a viable alternative? 

For example, sometimes the removal of an existing poor fill and its replacement 
with an engineered fill may be a cost-effective and reliable alternative to options 
such as special or deep foundations. 

The answers to some of these questions are closely tied to the physical and index 
properties of the soil. Indeed, information regarding such properties usually be¬ 
comes the indispensable basis for formulating the type and design criteria of a 
foundation. 

Properties of soils vary not only with soil types (e.g., cohesive, cohesionless), but 
also with the grain arrangement and moisture content. For example, while it may 
be generally safe to assume that sand and gravel soils will behave differently than 
clays, one cannot say that all sands will behave alike or that all clays will behave 
alike. A loose sand will behave differently from the same sand in a dense state. A 
saturated clay will behave differently from the same clay in a dry state. Hence, the 
engineer proceeds to evaluate the properties of a given soil in terms of its grain 
characteristics (e.g., size, shape, specific gravity) as well as the arrangement of the 
particles within the mass (e.g., relative density for cohesionless soils, consistency 
for cohesive soils) and the degree of moisture (3). It is the purpose of this chapter 
to establish a rational basis for classifYingsoils according to their physical and index 
properties. 


4.2 VOID RATIO AND POROSITY 


Soils consist of a combination of solids and voids. In geotechnical engineering the 
term voids is assumed to encompass both the volume of water and the volume of 
air. Hence, a total soil mass will be assumed to be composed of solid soil particles 
(although there may exist some negligible voids within the solid particles them¬ 
selves), water, and air. For convenience, the mass is separated into these three basic 
components, as illustrated by Fig. 4.1. One notes that the volumetric relationship 
takes into account all three quantities. On the other hand, the weight of the air is 
negligible relative to that of the water and solids and is, therefore, neglected in 
the overall weight consideration. 

The void ratio, e, of the mass is defined as the ratio of the volume of voids, Vv, 
to the volume of solids, V;,given by Eq. 4-1: 



(4-1) 


The void ratio is expressed as a number and falls in the range of 

0 < e < oo 


The porosity, n, of the soil mass is defined as the ratio of the volume of the voids, 
V., to the total volume of the mass, V. It is given by Eq. 4-2: 
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Figure 4.1 Phase diagram illus¬ 
tration of volume Vand weight 
W as parts of a unit mass of soil. 


7i = X 100 

Porosity is expressed as a percentage and falls in the range of 

0 < n < 100 

The relationship between porosity and void ratio is given by Eq. 4-3: 

V, . V, _ VJV, e 

” V v s + V,, (V.+ VJ/V, l + e 

where Yv - volume of voids 
VI - volume of solids 
V - total volume of soil mass 


(4-2) 


(4-3) 


Although all materials deform if subjected to stress, the relative deformation of 
soil particles, when viewed in the context of the entire soil mass, is quite negligible. 
Hence, it is common to assume that the volume of the solids VI in a given mass 
remains a constant, regardless of any imposed stress conditions. The value of Yv, 
however, is altered by a change in the volumes of air or water or both. Hence, the 
void ratio varies in direct proportion to the change in Yv. On the other hand, in 
the expression for n (Eq. 4-3) one notes that both the numerator and the denomina¬ 
tor are a function of the "variable" Yv. Thus, of the two, the void ratio is the 
more explicit and, therefore, the more widely used expression for the volumetric 
relationship between voids and solids. 

The porosity for natural sand depends to a great degree on the shape of the 
particle and the uniformity of the particle's size, as well as on circumstances related 
to sedimentation and deposition. The porosity of most sand masses falls in the 
range of 25 to 50%. As is the case for all soils, the porosity cannot exceed 100%. 

Although the void ratio can theoretically range from zero to infinity, the common 
range is between 0.5 and 0.9 for sand and gravel soils and between 0.7 and 1.5 for 
most clays. It may, however, reach higher values, perhaps exceeding 3 or 4, for 
some colloidal-type clays. 


4.3 WATER CONTENT AND DEGREE OF SATURATION 


The water or moisture content, w, is defined as the ratio of the weight of water to the 
weight of the solid particles. This is expressed by Eq. 4-4: 
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W 

w = —7 X 100 

W. 


(4-4) 


where I'K = weight of water 
Vl^ = weight of solids 

The water content is expressed as a percentage and falls in the range of 

0 < w < co 

The degree of saturation, S, expressed in percent, is defined as the ratio of the 
volume of water to the volume of voids. It may be written as 


S = -jf X 100 

'v 


(4-5) 


where V w - volume of water 
Vv - volume of voids 

One may view the degree of saturation as the volume of void spaces occupied by 
water relative to that which could be occupied if all the pores were full of water. 

From Eq. 4-5 one notes that the degree of saturation varies from S = 0 for a 
completely dry soil to S = 100% for a totally saturated state. From a practical point 
of view, however, the two extremes are seldom approached and never actually 
reached for soils in their natural states. For example, even for submerged soils, a 
certain percentage of air exists within a soil mass, and therefore the volume of 
water may approach but never quite equal the volume of the voids; that is, S < 
100% even for submerged conditions. 

The water content can exceed 100%, as indicated byEq. 4-4. In sands it generally 
varies between 10 and 30%, while in clay it may vary from perhaps less than 5% in 
a dry stratum to over 300%; the large values are usually associated with very-fine 
grain, loosely deposited clays. The degree of saturation and the water content in 
a soil mass may have a significant effect on some of the characteristics and behavior 
of that soil. This is particularly true for a fine-grain soil. For example, a high water 
content may greatly reduce the shear strength of a clay stratum or its bearing 
capacity or both, or the amount and rate of consolidation may be appreciably 
influenced by the degree of saturation. 


4.4 SPECIFIC GRAVITY 


The general definition for specific gravity is the ratio between the unit weight of a 
substance and the unit weight of pure water at 4° C. This may be represented by 
Eq. 4-6: 

G S u!» = — (4-6) 

7w 

where G subs = specific gravity of a substance 
Tsubs — unit weight of substance 
y„ = unit weight of water at 4° C (1 g/cnr 3 = 9.807 kN/m 3 ) 
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Table 4.1 Specific Gravity of Some 
Selected Minerals 


Mineral Specific Gravity 


Gypsum volcanic ash 2.32 

Orthoclase 2.56 

Kaolinite 2.61 

Quartz 2.67 

Calcite 2.72 

Dolomite 2.87 

Magnetite 5.17 


The specific gravities of different minerals vary rather widely, with that of the 
majority of soil particles ranging between 2.6 and 2.8. Soils with high organic 
content will have lower values. The value commonly used for the specific gravity 
of soil particles is 2.7, and unless specified otherwise, this value would be assumed 
as a reasonable average in our example problems and discussions. Table 4.1 gives 
the specific gravities for a selected group of minerals. 

The unit weight of water varies, but rather insignificantly, with temperature. For 
example, it varies from 1.0 g/cm 3 = 9.807 kN/m 3 at 4° C to approximately 0.996 
g/cm 3 = 9.768 kN/m 3 at 25° C (77° F). For our purpose of calculations, and for 
the degree of accuracy generally expected in soil mechanics, a unit weight of 
1 g/ cm 3 = 9.807 kN/m 3 is a value deemed acceptable. Similarly, the corresponding 
unit weight of water in the foot-pound-second (fps) system is 62.42 Ib/ft 3 . 


Example 4.1- 

Given The following are useful relationships 


(a) 

Unit weight of mass 

G+ Se 

y = , , r» 

1 + e 

(b) 

Unit weight of mass 

1 + w „ 

y = , , G y « 

1 + e 

(c) 

Dry unit weight 

G 

y d = , , Td 

1 + e 

(d) 

Submerged or 
buoyant unit weight 

G- 1 

1 + ,* 

(e) 

1 + e 

(f) K = V 

1 + e 

(g) 

V = Se V 
w 1+e 

Se 

(h) W„ = ——Vy w 

1 + e 

(i) 

W, = rr^- VG,„y K 

1 + e 

(j) ^-° l+ fvy. 


G 

1 + wG/S yw 
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Find 

Procedure 


Answer 


Answer 


Answer 


where 


y = unit weight of mass 
y h = submerged unit weight 
y A = dry unit weight of soil 
y s = unit weight of solids 
W = total weight of soil mass 
V = total volume of soil mass 
G = specific gravity of solids 


The other terms have already been defined. 

Derive all of these expressions from basic definitions. 


w it; i it; (»; u;,)/i; 

V K + Vy (K+V v )/T s 

G+ SV v /V, 

— - v* 


G+ V /V 

' , — - y w ; but K = SI' . Thus, 


y = 


G+ Se 
1 + e 


Tw 


W,+ W w (W,+ WJ/W^ 1 + a; 

V.+ K (K+K)/W, (V,+ K)/%K 


1 + w ^ 

y = t — = Gy K 

1 + e 


y = 


1 + w 
I + e 


Gy w 


(c) From (a) above, S = 0, 


Td = 


G + 0 
1 + e 


7w 


Td = 


G 

1 + e 


7w 


(c') 


W_ + W w 
V~ V,+ V Y 


If dry, W„ = 0. Hence, 

W„ W t /V t Gy, 

y,i K+ V, W+V Y )/V, l + K/K 
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But K = K VS; K = W w /y v ; y = iy/Gy w or 

_ Gy-, = <? 7 * 

7d ~ 1 + y/yS _ 1 + W w G/W s S 


Answer 


7d = 


Gy v 

1 + zuG/S 


(d) Using (a) above and 5=1, and an upward lift = y w , 

G+ Se 


7b = y ~ y« = 

'G+ e- 


7b 


1 + e 
1 - e 


y. 


G + e . 

y.= |—r'lr- 


1 + 


Answer 


7b = 


G- 1 
1 + e 


7w 


(e) V v = <?y = «( u - V y ) = eV - eV v and V, 4- eV v = eV. Thus, 


Answer 


y = 


eV 

1 + e 


(f) V, = V- y = V- eV s and y(l + e) = V. Thus, 


Answer 


y = 


V 

1 + e 


(g) y = 5y,; but y = eV/ (1 + e ) from (e) above. Thus, 


y = s 


_eV_ 
1 + < 


y = 


SeV 
1 + e 


Answer 
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(h) W w = W- W, = Vy - V s Gy w . From (a), 


y = 


G+ S e 

1 + 


Tw 


and from (f). 


K = 


1 + e 


V 


Thus, 


W = V 


G+ Se 
1 + e 


7w 


1 


1 + e 


V Gy„ 


Answer 



(i) = W- 

Then, 


W'w = Vy m - Ky., = V 


G m + Se 
1 + e 


7w 


Se 

1 + * 


Vy w 


Answer 


= 


1 

1 + e 


G m Ty w 


(j) W= W w + W, = Fy w + G m v% 

1 + e l + e 

Thus, 


Answer 


W = 


Se 4 - G m 
1 + e 


Vy w 


Example 4.2 


Given A moist soil sample weighs 346 g. After drying at 105° C its weight is 284 g. The 
specific gravity of the mass and of the solids is 1.86 and 2.70, respectively. 

Determine (a) The water content, (b) The void ratio, (c) The degree of saturation, (d) 
The porosity. 


Procedure The air is assumed to be weightless; y w 

^346 - 284 ^ 


1 gm/cml 


(a) W ~w" 


284 


X 100 
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Answer 


Answer 


Answer 


Answer 


w = 21.83% 


(b) e = V,/V s and 


W, 284 , 

V, = —— = ——- , — = 105.18 cm’ 


(2.7) (1) 

The volume of mass V is: 


V=- 


346 


= 186.02 cm 3 


and 


Thus, 


G m y w (1.86) (1) 

V,. = V- V s = 186.02 - 105.18 = 80.84 cm 3 

T v 80.84 


V. 105.18 


e = 0.77 


(C) S=y = 

r v 


346 - 28 4 
80.84 


X 100 


S = 76.69% 


(d) n = - = 


V y ( 80.84 


186.02 


X 100 


n = 43.46% 


Example 4.3 _ 

Given A soil deposit is being considered as a fill for a building site. In its original state 
in the borrow pit the void ratio is 0.95. Based on laboratory tests, the desired 
void ratio in its compacted state at the building site is to be no greater than 
0.65. 

Find The percentage decrease (or loss) of volume of the deposit from its original 
state. 
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Procedure Let V = initial total volume and V f = final total volume. Then 

iv)r 095 

*-($,- 065 

Assuming no change in V s (typical assumption), 

Ki = Kf 


or 

Vn . V« 

0.95 0.65 


But 


Vi = Va + V s = 0.95 L + K = 1.95 V, 
V f = Kf + K = 0.65 K + V s = 1.65 V, 


The volume loss due to compaction is then 

(LM-W. xioo 

1.95V 


Answer 


Volume loss due to compaction = 15.38% 


Example 4.4 


Given A Shelby-tube sampler is cut such that the volume of the soil in the cut piece is 
determined to be 413 cm'. (From the constant cross section or area and the 
average length of the specimen, one can estimate the specimen’s volume expedi¬ 
ently and reasonably accurately.) The weight of the mass was 727 g. After drying, 
the sample’s weight is 607 g. Assume G = 2.65; y w = 1 gm/cm 3 = 9.807 kN/m 3 . 


Find 


Procedure 


(a) The water content. 

(b) The void ratio. 

(c) The porosity. 

(d) The degree of saturation. 

(e) The specific gravity of the mass. 


(a) 



( 727 - 607 \ 
V 607 ) 


X 100 


Answer 


w = 19 . 77 % 





4.4 Specific Gravity 95 


(b) 



607 

1(2.65) 


229.06 cm 3 


V, = V- K = 413 - 229.06 = 183.94 cm 3 


V, 183.94 
V s 229.06 


Answer 


e = 0.80 


V 

(c) n = -1 = 


/ 183.94 \ 
V 413 ) 


X 100 


Answer 


n — 44.54% 


(d) 



/ 727 - 607 \ 
V 183.94 ) 


X 100 


Answer 


S = 65.24% 


(e) 


W. 727 
m V 413 


Answer 


G m = 1.76 


Example 

4.5 _ 

Given 

A soil 

Find 

(a) 


(b) 


(c) 


(d) 

Procedure 

(a) 


G m = 1.9 and G = 2.66. 


soil in order to bring the water content to 13%, assuming that the void 
ratio remains constant. 

(a) Assume = 100 g; = 8 g; and y w = 1 gm/cm 3 = 9.807 kN/m 3 . 


11 / = 100 
Gy„ _ (2.66) (1) 


37.60 cm 3 
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Therefore, 


and 


V„ = 8 cm 3 


W _ W 

'Yrt i 'Yw 


w,+ w„ 
(1.9)(I) 


108 

1.90 


56.84 cm 3 


V v = V- V s = 56.84 - 37.60 = 19.24 cm 3 


19.24 

37.60 


Answer 


e = 0.51 


(b) S 


K 

v. 


8 


19.24 


X 100 


Answer 


S = 42% 


(c) 



/ 19.24 \ 
\56.84/ 


X 100 


Answer 


n = 34% 


(d) The volume added per 56.84 cm 3 is (13 — 8)/56.84 = 5 g/56.84 cm 3 . By 
proportion, since 1 m = 100 cm, 

5 g _ x 
56.84 cm 3 ~ (100) 3 

5 X 10 6 

* = T^r = 8 - 80xl04 g = 88k g 


Ansiuer 


Thus, the total weight of water per cubic meter is 88 kg 


Example 4.6_ 

Given Two sites are being considered for “borrow” soil. The in-place (in-situ) unit 
weight of the soil of the first site is 101 lb/ft 3 ; the water content was found to 
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be 10%. On the second site the unit weight of the soil was found to be 96 lb/ 
ft3 and its water content 14%. The construction site required 35.000 yd of soil 
in a compacted state, at a unit weight of 126 Ib/ft3, at a water content of 14%. 
The soil from the one site required some additional water. The cost for the 
"borrow" material was based on volumes of soil removed from the respective 
sites. That is, more volume would have to be removed from the site that had 96 
Ib/ft3 weight than from the other one. The unit price from each site was $3.00 
for the material and $4.00 for transportation, for the respective cubic yards. In 
addition, for the material that required the additional water, $.50/yd was esti¬ 
mated to be the additional cost. 


Find The cost for the material from each site. Assume G = 2.65 for each site. 

f \ + w\ 


Solution 


Thus, 


site 1 


site 2 


y = 


1 + e 


Gy„ 


yi = 101 = 


1 + 0.10 


1 + e 

e, = 0.802 => Vi = 1.802 V s 


(2.65) (62.4) 


y 2 = 96 


( \ + 0.14 
V 1 + e 


(2.65) (62.4) 


Constr. 

site 


= 0.963 => 14= 1.963 V s 
'1 + 0.14' 


126 = 


(2.65) (62.4) 


1 + e c 

e c = 0.495 => V c = 35,000 = 1.495 V s 
V s = 23,411 yd 3 = constant 


Hence, 

V, = 1.8203(23,411) = 42,140 yd 3 
V 2 = 1.963(23,411) = 45,952yd 3 


Ansxoer 


site 1 = (42,140) (3 + 4 + 0.5) = $316,050 
site 2 = (45,952) (3 + 4) = $321,664 


Example 4.7 ----— ---—— -- 

Given A contractor gets prices for delivered “borrow’ material from three borrow pits. 
The pertinent data are given below. Site 3 is $11,000 and $3,900 cheaper than 
sites 2 and 1, respectively. He needs 34,000 yd 3 in a compacted state such that 
e = 0.7. 
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Find 


(a) Unit cost (C 2 = ?) for site 2. 

(b) Void ratio, e, for site 1. 

(c) Volume of earth involved for each site. 

(d) Amount paid by the contractor. 


Item 

Borrow Site 

Project 

Site 

1 

2 

3 

Cost ($/yd 3 ) 

6.00 

c 2 

5.50 


e 

e\ 

0.88 

0.95 

0.70 

u mass (yd 3 ) 

U 

V 2 


34,000 

Cost (Tot $) 

•S, 

s 2 

5 3 



Solution Project site: 

V v + V s = 0.7 V s + V s = 54,000 yd 3 

.. 34,000 non J3 

K = ——— = 20,000 yd 3 = constant 

Borrow site 3: 

V 3 = V s (l + e s ) = 20,000(1 + 0.95) = 39,000 yd 3 
S 3 = 39,000(5.5) = $214,500 

Borrow site 2: 

U 2 
& 

■’■Cl 

Borrow site 1: 

1 $6/yd 3 6 6 


= V s (l + e 2 ) = 20,000(1 + 0.88) = 37,600 yd 3 
= Si + $11,000 = 214,500 + 11,000 = $225,500 


S 2 _ 225,000 
V 2 37,600 


: $6/yd 3 


5, 


S 3 + 3900 214,500 + 3900 


or 


V, = 36,400 yd 3 

Hence, 


V, = V s (l + «,) = 20,000(1 + «,) = 36.400 yd 3 
=> e x = 0.82 


Contractor purchased from site 3: 


.'. Contractor cost = $214,500 
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4.5 RELATIVE DENSITY OF GRANULAR SOILS 


The state of compactness of a natural granular soil is commonly expressed by its 
relative density D r . It is defined as 

D r =( e ) X 100 (4-7) 

\ ^max ^nin / 


or 


where C max 


e 


'Ydmax 
'Yd min 
'Yd 


D _ T^max x 

yi 


yd ydmin 

7d max - yd min 


void ratio of soil in loosest state 
void ratio of soil in densest state 
void ratio of soil deposit (in-situ state) 
dry unit weight of soil in densest state 
dry unit weight of soil in loosest state 
dry unit weight of soil deposit (in-situ state) 


(4-7a) 


In determining the void ratios one is confronted with the problem of measuring 
solid volumes. Since it is much easier to measure unit weights, the second expression 
(Eq. 4-7a) is more appealing (see Example 4.8). The procedure for determining 
the unit weights is detailed in various ASTM standards (ASTM D-2049-69 for Yd max 
and 'Ydmin; ASTM D-2167-66, 1977; D-1556-66, 1974; D-2922-70, etc., for Ydy Briefly, 
Ydmin is determined by pouring, from a fixed height, dry sand into a mold in the 
loosest form. Ydmax is determined by vibrating a sample subjected to a surcharge 
weight. The largest Yd max obtained from densifYing either a dry or a saturated sample 
is used (dry or wet method). Yd may be obtained by any of several ASTM approved 
methods. 

Relative density is commonly used as a measure of density of compacted fills 
(e.g., part of the specification requirements), or as an indication of the state of 
compactness of in-situ soils. Indirectly, it also reflects on the stability of a stratum. 
For example, a loose (small Dr) granular soil is rather unstable, especially if subjected 
to shock or vibrating loads; vibratory loads would "compress" it into perhaps more 
dense and more stable formation (6-9) (see Example 4.9 for perfect spheres). 

The state of compactness and the relative density are related in a rather empirical 
way (10). For example, for very loose sand. Dr is very small; for very dense sand. Dr 
is very large. A commonly used range of values for Dr and the associated descriptions 
for the state of compactness are given in Table 4.2. During subsurface exploration 
the Standard Penetration Test (SPT) (described in Section 3.7) is a commonly 
used method to characterize the density of a natural soil (see Fig. 3.5). 


Example 4.8 

Given A test of the density of soil in place was performed (explained in more detail 
in Section 13.2) by digging a small hole in the soil, weighing the extracted soil, 
and measuring the volume of the hole. The soil (moist) weighed 895 g; the 
volume of the hole was 426 cm 3 - After drying, the sample weighed 779 g. Of the 
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Table 4.2 Commonly Used 
Designations Associated with 
Relative Density for 
Granular Soils 


Designation 

A (%) 

Very loose 

0-15 

Loose 

15-35 

Medium dense 

35-70 

Dense 

70-85 

Very dense 

85-100 
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where units are relative. Then 


= L89 / 1.83 - 1,45 \ 

1.83 \1.89- 1.45/ 


X 100 


Answer 


D r = 90% 


Note that part (b) was determined without knowledge of the value of G. 


Example 4.9___ 

Given A soil sample consists of sand grains uniform in size and spherical in shape. 

Find A general expression for the relative density, assuming this sand to be perfectly 
cohesionless. 

Procedure Ideally the range of void ratios e lnm /e mM for a sand of uniform size and round 
particles approaches that for perfect spheres. Hence, we shall assume the sand 
to consist of perfect spheres of equal size. 

Figure 4.2a is a plan view showing the loosest arrangement of identical spheres. 
This is known as simple packing, with each sphere making contact with its adjacent 
sphere (four from sides, one from top, and one from bottom). Each of the 
spheres may be assumed to fit within a cube of side dimtension d, as shown in 
Fig* 4.2c. Thus, the volume of the cube Vc is d 3 . The volume of the sphere kg is 




(0 



Figure 4.2 Soil sample, assuming perfect spheres, (a) Simple cubic 
packing, (b) Face-centered cubic, (c) Cubic element from simple cu¬ 
bic. (d) Cubic element from face-centered cubic. 
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7rd ! /6. Thus, the maximum void ratio (loosest state) is 


K Pc - Vs d 3 - ltd? /6 
T s T s ltd?/ 6 


Now assume that the total column is permitted to translate horizontally along 
a 45° line with respect to the x axis such that each sphere falls within the pocket 
formed by four adjacent spheres in a layer below. This forms a face-centered cubic, 
as shown in Fig. 4.26. Now let us extract a typical cube as shown in Fig. 4.2 d. 
This is a top view, which shows a hemisphere on the top plane and four octants. 
There is a direct duplication of this arrangement at the bottom and four vertical 
sides of the cube. Hence, we note a total of six hemispheres and eight octants, 
or a total of four complete spheres. The volume of the cube, therefore, is equal 
to (cN 2) 3 = 2d s V2, and that for the spheres equals 4(jtd 3 /6) = §7 id 3 . Hence 
the minimum void ratio (densest state) is 


^nin 


2d 3 V2 ■ 


§7 Td 3 


= 0.35 


Substituting the corresponding values in our basic definition for relative density, 
we have 


Answer 


A = 


0.91 - g 
0.56 


4.6 CONSISTENCY OF CLAYS; ATTERBERG LIMITS 


In the previous section we developed some rather broad guidelines for describing 
the physical state of a granular stratum in terms of its relative density (Table 4.2). 
This is not an adequate description for the state of fine-grain soils. For clays and 
silts the usual classification is derived from their engineering properties under 
varying conditions of moisture. Consistency is a term that is frequently used to 
describe the degree of firmness (e.g., soft, medium, firm, or hard). The Atterberg 
limits are an empirically developed but widely used procedure for establishing and 
describing the consistency of cohesive soil. The limits were named after A. Atterberg, 
who first introduced the concept; subsequent modifications were made by Terzaghi 
(13) and later by Casagrande (4,5), who improved on the test procedures and 
amplified upon the relationship these limits hold to various soil types. 

The consistency of cohesive soils is greatly affected by the water content of the 
soil. A gradual increase of the water content, for example, may transform a dry 
clay from perhaps a solid state to a semisolid state, to a plastic state, and, after 
further moisture increase, into a liquid state. The water contents at the correspond¬ 
ing junction points of these states are known as the shrinkage limit, the Plastic limit, 
and the liquid limit, respectively. This is shown schematically in Fig. 4.3. The detailed 
test procedures for determining these limits may be found in most laboratory 
manuals dealing with soil tests or in ASTM, AASHTO standards, and so on. 

The liquid limit, wi (LL), is the water content at the point of transition of the 
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Indices 


Liquid state 


Plastic state 

: Liquid limit, w l 

Semisolid state 

- Plastic limit, a; p 

Solid state 

: Shrinkage limit, w s 


Plasticity index, 7 p 
I p =w,-w p 

Flow index, /, 

I t = slope of flow curve 
(Fig. 4.5) 

Toughness index, /, 
_ h = V'f 


Figure 4.3 Atterberg limits 
and indices. 


clay sample from a liquid state to the plastic state, whereby it acquires a certain 
shearing strength (ASTM D-423). Briefly, the liquid limit of a clay is the water 
content, in percent, at which a grooved sample in a standard apparatus, which was 
cut by a standard tool, closes along the groove for approximately 10 mm when 
subjected to 25 drops in a liquid-limit apparatus, shown in Fig. 4.4. By trying a 



Figure 4.4 (a) Hand-cranked liquid-limit test apparatus. 
(Courtesy Soil Test Inc., Lake Bluff, Ill.) (b) Motorized liq¬ 
uid-limit test apparatus. (Courtesy Gilson Company Inc., 
Worthington, Ohio.) 
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Blows 

Figure 4.5 Liquid limit chart. 

number of moisture contents, a series of points could be plotted on a semilogarith- 
mic scale as shown in Fig. 4.5. For the sample shown, the liquid limit is 47.5. 

The Plastic limit, w p (PL), is the smallest water content at which the soil begins 
to crumble when rolled out into thin threads, approximately 3 mm in diameter 
(ASTM D-424). Briefly, the samples are rolled slowly at decreasing water contents 
until the water content is reached at which a thread of approximately 3-mm diameter 
begins to crumble. This may be done by hand on a glass or some other smooth 
surface. 

The shrinkage limit, w, (SL), is the smallest water content below which a soil sample 
will not reduce its volume any further, that is, it will not shrink any further with 
further drying (ASTM D-427). Briefly, the test is conducted by measuring the volume 
at the various water contents in the process of drying. 

As mentioned above, the Atterberg limits are of a somewhat empirical nature, 
but frequently these limits do provide useful information regarding soil strength, 
behavior, stability, type, and state of consolidation, or classification of a clay as 
organic or inorganic. For example, the liquid limit appears to be directly propor¬ 
tional to the compressibility of the clay; the strength of dry inorganic clay is signifi¬ 
cantly greater than that of the organic. Usually organic soils have a dark-gray or 
black color and possess certian odors of organic matter. 

As was discussed in Seeton 2.6, clay absorbs water to its surface. As a guide, 
therefore, the water absorbed by a soil provides some estimate of the amount of 
clay present in that soil. Skempton (12) proposed a relationship between the 
plasticity index and the percentage (by weight) of clay sizes finer than 2 !-tm. He 
called it the activity of clay A, which is expressed by 

A _ h. _ 

% finer than 2 ptm 

Information regarding "activity" may provide one with an inclination as to the 
type of clay present, and subsequently the behavioral nature of the soil. The follow¬ 
ing is an approximate relationship between the activity of clay (A) and its behavioral 
tendency to volume changes. 
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Activity, A Classification 


A < 0.7 
0.7 <A < 1.20 
A > 1.2 


inactive clay 
normal clay 
active clay 


Generally, the relative level of activity expected is low for kaolinite, and thus 
stable; medium for illite, and thus normal stability; and high for montmorillonite 
and subject" to large volume changes (e.g., certain results reported by Skempton 
indicated that the level of activity for kaolinite was less than 0.5; for illite, it was 
approximately 1; and for mon tmorilloni te, greater than 7). 

Because of the high degree of disturbance during the extraction, handling, and 
testing phases, a typical soil specimen may display properties that are appreciably 
different from those of an in-situ soil. This observation may be particularly applicable 
to the Atterberg limits. That is, except for the shrinkage limit, appreciable remolding 
and structural disturbances of the clay specimen are inherent in the test procedures, 
not to mention the disturbance from sampling and handling. Further evidence of 
the effects of disturbance is manifested clearly in the results from unconfined 
compression tests (ASTMD-2166-72). The strength of an undisturbed clay is several 
times that of the remolded clay. The ratio of the compressive strength of an undis¬ 
turbed sample to that of a remolded sample is referred to as the degree of sensitivity. 
Hence, the results of tests from disturbed samples, including the Atterberg limits 
tests, should be viewed within the context of such limitations, and should be re¬ 
garded only as a part of or a supplement to a more detailed evaluation program. 


4.7 SOIL CLASSIFICATION 


Up to now we have categorized different soils mostly by such general terms as 
coarse grained or fine grained, cohesive or cohesionless. We associated sands or 
gravels with the coarse-grain particles and regarded them as cohesionless; silts and 
clays were viewed as fine grained and cohesive. Such classifications are too general; 
they provide neither a reasonable delineation of these categories nor an acceptable 
description of a mixture of different size grains. More systematic and uniform identi¬ 
fication means are needed for grouping soils for engineering purposes and to 
establish a more unified and rational basis for communicating their properties 
from one user to another. 

The classification systems are empirical in nature. Most were developed to serve 
a specific need related to a particular type of engineering work. For example, the 
AASHTO (American Association of State Highway and Transportation Officials, 
formerly the Bureau of Public Roads) system provided a systematic grouping of 
various soils in accordance with their suitability for use in highway subgrades and 
embankment construction. The Unified Classification System evolved mostly in 
connection with Casagrande's work (4) on military airfields. The Corps of Engineers 
has developed a classification for soils that display similar frost behavior. 

The early classification systems were generally based on grain size. Although such 
classifications are widely used and may prove useful in many instances, they are 
generally inadequate. For example, it is not good practice to predict the permeability 
of two soils of like grain sizes; the permeability is affected to a significant degree 
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by the grain shape. Similarly, it may be folly to compare the compressibility of two 
clays of identical particle sizes, using size as the relevant characteristic, and ignore 
the mineral content, environmental factors, and behavioral nature of the clays (see 
Section 2.4). Hence, many proposals have been made to expand the classification 
system to include properties beyond those based on grain size. 

Of the number of classification systems proposed over the past few decades, the 
Unified Classification System and the AASHTO system appear to be the most widely 
used by current-day practitioners. However, most adopt the grain-size characteristics 
as a basis for separating the ingredients into gravel, sand, silt, or clay. Also, the 
Atterberg limits are normally used as an additional criterion for identifying consis¬ 
tency and plasticity characteristics of the fine-grained particles. 


Classification Based on Grain Size 

Figure 4.6 shows the delineation between various different grain-size fractions (e.g., 
gravel, sand, silt, or clay) for some of a number of classification systems. The textural 
composition of coarse-grained soils is usually determined by screening the soil 
through a series of sieves of various sizes, weighing the material retained by each 
sieve. This is usually referred to as sieve or mechanical analysis. Figure 4.7 shows a 
typical sieve analysis apparatus. Material finer than the openings of a No. 200 mesh 
sieve (see Table 4.3) is generally analyzed by a method of sedimentation. The most 
common test, the hydrometer test, is based on the principle that grains of different 
sizes fall through a liquid at different velocities. The essence of this concept is that 
a sphere falling through a liquid will reach a terminal velocity expressed by Stake's 
law: v = (Y, - 'Yw)D/181L, where Y, and Yw are unit weights of sphere and liquid, 
respectively, IL is the viscosity of the liquid, and D is the diameter of the sphere. 
The details for performing these tests may be found in laboratory manuals dealing 
with soil testing or ASTM D-442-63. 

The results of a grain-size analysis are commonly represented in the form of a 
graph as shown in Fig. 4.8. The aggregate weight, as a percentage of the total 
weight, of all grains smaller than any given diameter is plotted on the ordinate 



liirtf ® I ffifn 


^1 

7,,,, 


H 

Gravel 

_ 

Sand 

Fines (silt and clay) 

i fessvad 

75 4.75 

0.075 


..;ui 

H 

Gravel 

Sand 

Silt 

Clay 


75 



0.05 0.002 

MIT 

Gravel 

Sand 

Silt 



2 0.06 0.002 


Gravel 

Sand 

Silt 

Clay 



4.75 

0.075 0.002 

IPSifj 

cobbles 

Gravel 

Sand 

Silt 

Clay 


2 0.05 0.002 


Figure 4.6 Soil classification based on grain size. 
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Figure 4.7 (a) Typical sieve, 
(b) Sieves stacked in a motor¬ 
ized shaker in order of decreas¬ 
ing size opening, from top 
down. The pan at bottom re¬ 
tains any material passing 
through all the sieves. (Cour¬ 
tesy of Gilson Lab Equipment, 
Worthington, Ohio.) 


using an arithmetic scale; the size of a soil particle, in millimeters, is plotted on 
the abscissa, which uses a logarithmic scale. Reference is made to Fig. 4.8, showing 
the typical results of a mechanical analysis test plotted in this case using the MIT 
system. One notes the range of particle sizes for the three basic designations of 
sand, silt, and clay, with each further subdivided into categories of coarse, medium. 


Table 4.3 U.S. Standard Sieve Sizes 



>ieve 

No 

4 

6 

8 

10 

16 

20 

30 

40 

50 

60 

100 

140 

200 

bC 

C 

C 

<u 

0- 

0 

in. 

0.187 

0.132 

0.0937 

0.0787 

0.0469 

0.0331 

0.0232 

0.0165 

0.0117 

0.0098 

0.0059 

0.0041 

0.0029 

mm 

4.76 

3.36 

2.38 

2.00 

1.19 

0.840 

0.590 

0.420 

0.297 

0.250 

0.149 

0.105 

0.074 
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Figure 4.8 Grain-size distribution curves, MIT classification. 


or fine grained. This scale of classification is typical of several arbitrarily chosen 
such scales. 

Some relevant and useful information may be obtained from a grain-size curve, 
such as indicated in Fig. 4.8: (1) the total percentage of a given size, (2) the total 
percentage larger or finer than a given size, and (3) the uniformity or the range 
in grain-size distribution. One indication of the gradation is given by the uniformity 
coefficient, C u , attributed to Allen Hazen, and defined as 


„ _ Ao 

n 

■C'lO 


(4-8) 


It expresses the ratio of the diameter of the particle size at 60% to the diameter 
of the particle size at 10% finer by weight on the grain-size distribution curve (see 
Example 4.10). A large coefficient corresponds to a large range in grain sizes, and 
the soil is regarded as well graded. A coefficient of 1 would represent soil sizes of 
the same magnitude. Generally, soils whose coefficient is less than 4 are considered 
uniform. 

Another is the coefficient of curvature (or coefficient of concavity ) C z , sometimes used 
as a measure of the shape of the grain-size distribution curve. It is defined as 


C z = 


Dio 

AoAo 


(4-9) 


For a C z value of about 1, the soil is considered well graded. For a C z much less 
or much larger than 1, the soil is viewed as poorly graded. 
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Unified Soil Classification System 

Subsequent to the airfield classification system developed by Casagrande (4), the 
Bureau of Reclamation and the Army Coips of Engineers developed the Unified 
Classification System in 1952. The soils are divided into two main groups, coarse 
grained and fine grained, and defined by a set of two letters, a prefix and a suffix. 
The coarse-grain designation is assigned to soils for which over 50%, by weight, of 
the material is retained by the No. 200 sieve (0.075 mm). Within the coarse-grained 
group, the prefix G is assigned to the soil if more than 50% of the particles are 
retained by the No.4 sieve (4.76 mm), and S if more than 50% pass through the 
No.4 sieve. G or S is followed by a suffix that describes the gradation: W-well 
graded; P-poorly graded; M-containing silt; C-containing clay. For example, 
a well-graded gravel would be represented by GW; a poorly graded sand by SP. This 
is shown in Fig. 4.9. 

The fine-grained designation represents the soils for which more than 50% pass 
the No. 200 (0.075 mm) sieve. These are divided into silts (M), clays (C), and 
organic silts or clays. The suffix following one of these designations is L-low 
plasticity, or H-high plasticity (L for a liquid limit < 50%, H for a liquid limit> 
75%). The fine-grained soils are classified according to their plasticity index and 
liquid limit via the plasticity chart of Fig. 4.9. The A line separates the inorganic 
clays from the silts and organic soils. The general classification criteria are given 
in Fig. 4.9. 


AASHTO Classification System 

As mentioned previously, the AASHTO classification system is a widely used method 
for classifying soils for earthwork structures, particularly subgrades, bases, subbases, 
and embankments. Its present form represents the culmination of several revisions 
and alterations since its development by the U.S. Bureau of Public Roads about 
1929. It classifies soils into seven groups (A-l through A-7) based on particle-size 
distribution, liquid limit, and plasticity index. This is shown in Fig. 4.10, including 
subgroups for A-I, A-2, and A-7. A brief description of the various groups is given 
in Fig. 4.11 (1). The system separates soils into granular and silt-clay groups. A-I 
through A-3 are granular, with 35% or less passing the No. 200 sieve (0.075 mm). 
If more than 35% passes through a No. 200 sieve, the material falls in the silt-clay 
group. These groups are evaluated via a formula referred to as a group index (GI): 

GI = (F- 35) [0.2 + 0.005 ( LL - 40 )] + 0.01 (F - 15) ( PI - 10 ) 

1 to 40 1 to 20 1 to 40 1 to 20 

where F = percentage passing No. 200 sieve, expressed as a whole number. 

This percentage is based only on the material passing the No. 200 
sieve. 

LL = liquid limit 
PI = plasticity index 

The higher the value of GI, the less the suitability (e.g., a material of GI = 15 is 
less suitable than one whose GI = 1). Likewise, A-l is more suitable than A-4, as 
indicated in Fig. 4.10. 
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Major Divisions 


Group 

Symbols 


Typical Names 


Coarse-Grained Soils 
More than 50% retained on 
No. 200 sieve* 


Gravels 

50% or more of 
coarse fraction 
retained on No.4 sieve 


Sands 

More than 50% of 
coarse fracti on 
passes No.4 sieve 


Clean 

gravels 

-200 

<5% 


GW 


GP 


Well-graded gravels and 

gravel-sand mixtures, little or 

no fines 

Poorly graded gravels and 
gravel-sand mixtures, little 

or no fines 


Gravels 

with 

fines 

-200 

> 12 % 


GM 


GC 


Silty gravels, gravel-sand-silt 
mixtures 

Clayey gravels, gravel-sand-clay 
mixtures 


Clean 

sands 

-200 

<5% 


Sands 

with 

fines 

-200 

> 12 % 


SW 


SP 


SM 


Well-graded sands and 
gravelly sands, little or 
no fines 

Poorly graded sands and gravelly 
sands, little or no fines 

Silty sands, sand-silt mixtures 


SC 


Clayey sands, sand-clay mixtures 


ML 


Inorganic silts, very fine sands, 
rock flour, silty or clayey fine 
sands 


Silts and Clays 
Liquid limit 50% or less 


CL 


Inorganic clays of low to 
medium plasticity, gravelly 
clays, sandy clays, silty clays, 
lean clays 


Fine-Grained Soils 
50% or more passes 
No. 200 sieve* 


OL 


Organic silts and organic silty 
clays of low plasticity 

Inorganic silts, micaceous or 
diatomaceous fine sands or 
silts, elastic silts 


Silts and Clays 

Liquid limit greater than 50% 


CH 


Inorganic clays of high 
plasticity, fat clays 


OH 


Organic clays of medium 
to high plasticity 


Highly Organic Soils 


PT 


Peat, muck, and other highly 
organic soils 


Figure 4,9 Unified Classification System, ASTM D-2487-69. 
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More than 12%: GM. GC 
5-12% Borderline 


Classification on Basis of Percentage of Fines 

Less than 5% pass No. 200 GW, GP. SW, SP 
sieve 

More than 12% pass No. 200 GM, GC, SM, SC 
sieve 

5-12% pass No. 200 sieve Borderline 

classification 
requiring use of 
dual symbols 


C„ = DyJDm >4 C z = — —— between 1 and 3 
D |o /?60 


Not meeting both criteria for GW 

Atterberg limits plot below 

A line or plasticity index 
less than 4 

Atterberg limits plotting in 
hatched area are 
borderline classifications 

Atterberg limits plot above 

A line and plasticity index 
greater than 7 

requiring use of dual 
symbols 

£>5o 

C. = DJD m >6 C 2 = — j- 

- between 1 and 3 

0 

Not meeting both criteria for SW 


Atterberg limits plot below Atterberg limits plotting in 
A line or plasticity index hatched area are 

less than 4 borderline classifications 

requiring use of dual 

Atterberg limits plot above symbols 

A line and plasticity index 
greater than 7 



Visual-manual identification, see ASTM D-2488. 


* 0.075-mm sieve. 











2 
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Description of Classification Groups 

Subgroup 

A-la 

Includes those materials consisting predominantly of stone 
fragments or gravel 

Subgroup 

A-lb 

Includes those materials consisting predominantly of coarse 
sand, either with or without a well-graded soil binder 

Subgroup 

A-3 

Fine beach sand or fine desert loess sand without silty or 
clay fines or with a very small amount of non plastic silt 

Subgroups 

and 

A-2-4 

A-2-5 

Include various granular materials containing 35% or less 
passing the 0.075-mm sieve and with a minus 0.425 mm 
in having the characteristics of the A-4 and A-5 groups 

Subgroups 

and 

A-2-6 

A-2-7 

Include material similar to that described under subgrades 

A-2-4 and A-2-5, except that a fine portion contains 
plastic clay having the characteristics of the A-6 or A-7 

group 

Subgroup 

A-4 

The typical materials of this group are the nonplastic or 
moderately plastic silty soils 

Subgroup 

A-5 

Similar to that described under group 2-4, except that it is 
usually of diatomaceous or micaceous character 

Subgroup 

A-6 

Usually a plastic clay having 75% or more passing the 

0.075-mm sieve 

Subgroup 

A-7-5 

Includes materials with moderate plasticity indexes in 
relation to liquid limit 

Subgroup 

A-7-6 

Includes materials with high plasticity indexes in relation to 
liquid limit 


Figure 4.11 Description of AASHTO groups. 

Example 4.10 

Given The grain-size distribution shown in Fig. 4.8 and the corresponding values for 
wi and w p shown. 

Find The coefficient of uniformity for soil A. 

Procedure For soil A, D60= 0.38 mm, dio = 0.28 mm, and G, = D60/ dio = 1.36. The soil is 
considered uniform in size. 


Example 4.11 


Given The data shown in Fig. 4.8. 

Find Classification for the three soils based on the unified soil classification system. 

Procedure For Soil A. From Fig. 4.8 we see that more than 50% (virtually 100%) is retained 

by the No. 200 sieve (0.075 mm). Thus the soil is coarse grained. Also, since 
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more than 50% passes through the No.4 sieve (4.75-mm size), the soil is 
sand, S. Furthermore, since less than 12% passes through the No. 200 sieve, 
the soil is poorly graded, P. Hence, the material is a poorly graded sand, 
SP. 

For Soil B. From Fig. 4.8 we note that more than 50% passes through No. 200 
sieve. Thus, the soil is fine grained. We determine the classification from 
the plasticity chart. Fig. 4.9. For WI= 36 and Ip = 14, the material plots just 

above the A line. Thus, the material may be classified as SC. 

For Soil C. Since more than 50% (virtually 100%) passes the No. 200 sieve, the 

soil is fine grained. For wi = 42 and Ip = 16. the soil plots almost on the A 

line. Hence, an approximate classification is CL. 


Example 4.12 


Given The data of Fig. 4.8. 

Find The AASHTO classification for the three soils. 

Procedure For Soil A. The amount of soil passing the No. 10, 40, and 200 sieves is 


No. 10 (2-mm) sieve 100% 

No. 40 (0.425-mm) sieve 70% 

No. 200 (0.075-mm) sieve 0% 


Hence, the classification is A-3 (excellent to good category). 
For Soil B. The amount passing, for corresponding sieves, is 

No. 10 sieve 82% 

No.40 sieve 72% 

No. 200 sieve 57% 

For wj — 36 and Ip = 22, the soil is A-6, clay. 

For Soil C. The amount passing, for the respective sieves, is 

No. 10 sieve 100% 

No. 40 sieve 100% 

No. 200 sieve 100% 


For WI = 42 and Ip = 16, the soil is A-7, clay. 

The group index is 

GI = (F- 35)[0.2 + 0.005(wl - 40)] + O.OI(F- 15) Up - 10) 

= (100 - 35)[0.2 + 0.005(42 - 40)] + 0.01(100 - 15)(16 -10) 
= 40(0.2 + 0.010) + 0.01 (85) (6) 

= 8.4 + 2.4 = 10.8 (say 11) 


Answer 


GI = 11-Clay 
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Problems 


For the following problems assume Yw = 1 gm J cm 3 = 9.807 kN/ m 3 and, unless 

specified othelWise, G = 2.7. Gm = Gma„- 

4.1 Why is the dry weight (weight of solids) rather than the total weight used in 
defining the water content? Can the water content exceed 100%? Explain. 

4.2 A soil sample was determined to possess the following characteristics: G = 
2.74, e = 0.69, and w = 14%. Determine the: 

(a) Degree of saturation 

(b) Porosity 

(c) Unit dry weight of the sample 

4.3 A moist soil sample was found to have a volume of 22.3 cm 3 and to weigh 
29.7 g. The dry weight of the sample was determined to be 23 g. Determine 
the: 

(a) Void ratio 

(b) Water content 

(c) Porosity 

(d) Degree of saturation of the sample 

4.4 Laboratory tests on a soil sample yielded the following information: G = 
2.71, G m = 1.92, w = 13%. Calculate the: 

(a) Void ratio 

(b) Degree of saturation 

(c) Porosity 

4.5 A soil sample was determined to have a water content of 8% and a degree 
of saturation of 42%. Mter adding some water, the degree of saturation was 
altered to 53%. Assuming no change in the volume of the voids, determine 
the: 

(a) Void ratio 

(b) Water content 

(c) Specific gravity of the mass of the sample in the altered state 

4.6 A soil sample taken from a borrow pit has an in-situ void ratio of 1.15. The 
soil is to be used for a compaction project where a total of 100,000 m 3 is 
needed in a compacted state with the void ratio predetermined to be 0.73. 
Determine how much volume is to be excavated from the borrow pit. 

4.7 Laboratory tests determined the water content in a certain soil to be 14% at 
a degree of saturation of 62%. Determine the: 

(a) Specific gravity of the mass 

(b) Porosity 

(c) Void ratio of the mass 

4.8 A soil in its natural state was found to have a void ratio of 0.88 and a degree 
of saturation of 72%. Determine the: 

(a) Specific gravity of the mass 

(b) Water content 

(c) Porosity of the soil mass 
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4.9 Material for an earth fill was available from three different borrow sites. In 
the compacted state the fill measured 100,000 m 3 at a void ratio of 0.70. The 
corresponding in-situ void ratio and cost (material and transportation) of 
the material for the three sites is as follows: 


Total Cost per 


Borrow Site 

Void Ratio 

Cubic Meter 

I 

0.8 

$6.40 

2 

1.7 

$6.00 

3 

1.2 

$5.15 


Determine the most economical site. 

4.10 A saturated soil sample weighs 1015 g in its moist, natural state and 704 g 
after drying. 

G == 2.68, G m == 1.68. Determine the: 

(a) Water content 

(b) Void ratio 

(c) Porosity 

4.11 The mass specific gravity of an undisturbed soil sample was determined to 
be 1.96 at a water content of 14%. The void ratios in the loosest and densest 
states were determined to be 0.81 and 0.48, respectively. Determine the 
relative density of the mass. 

4.12 The relative density of a soil sample was found to be 0.81. The void ratio in 
its natural state was 0.53 and in its densest state it was 0.48. Determine the 
void ratio of the sample in its loosest state. 

4.13 An undisturbed soil mass has a weight of 788 g and a volume of 406 cm 3 - 
The weight of the dry sample was 670 g, G == 2.65. The void ratios in the loosest 
and densest states were found to be 0.77 and 0.52, respectively. Determine the 
relative density of the mass. 

4.14 During compaction, a I-m-thick stratum was consolidated a total of 3 cm via 
a vibrating roller. Initially the void ratio was determined to be 0.94, the water 
content 16%, and G == 2.67. Determine the: 

(a) Void ratio 

(b) Porosity 

(c) Specific gravity of the mass in the compacted state 
Use the following data for Problems 4.15 through 4.20: 


Percent Passing 



Sieve 



Soil Sample 



No. 

Opening 

(mm) 

A 

B 

C 

D 

E 

F 

4 

4.76 

100 

90 

100 

100 

94 

100 

8 

2.38 

97 

64 

100 

90 

84 

100 


continued 
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Percent 

Passing ( continued) 





Sieve 



. Soil Sample 





Opening 







No. 

(mm) 

A 

B 

C D E 


F 


10 

2.00 

92 

54 

96 77 72 


98 


20 

0.85 

87 

34 

92 59 66 


92 


40 

0.425 

53 

22 

81 51 58 


84 


60 

0.25 

42 

17 

72 42 50 


79 


100 

0.15 

26 

9 

49 35 44 


70 


200 

0.075 

17 

5 

32 33 38 


63 




Characteristics of - 

40 Fraction 




LL-w] 


35 

— 

48 46 44 


47 


PL-Wp 


20 


26 29 23 


24 

4.15 

Draw the grain-size 

distribution 

curves 

for samples A, C, and 

E. 


4.16 

Draw the grain-size 

distribution 

curves 

for samples B, D, and 

F. 


4.17 

Classity 

soil samples 

A, C, and 

E by the 

unified classification 

system. 

4.18 

Classity 

soil samples 

B, D, and 

F by the 

unified classification 

system. 

4.19 

Classity 

soil samples 

A, C, and 

E by the 

AASHTO classification 



4.20 

Classity 

soil samples 

B, D, and 

F by the 

AASHTO classification. 




BII3L10GRAPHY 


1. American Association of State Highway and Transportation Officials, pt. 1, Specifica¬ 
tions (M 145-73),1974. 

2. Atterberg, A., "Uber die Physikalishe Bodenuntersuchung und tiber die Plastizitat 
der Tone," Int. Mitt. Boden., vol. 1, 1911. 

3. Bishop, A. W., "Soil Properties and Their Measurements," 5th Int. Can! Soil Mech. 
Found. Eng., vol. 3, 1961. 

4. Casagrande, A., "Research on the Atterberg Limits of Soils," Public Roads, Oct. 1932. 

5. Casagrande, A., "Classification and Identification of Soils," ASCE J Geotech. Eng. Div., 
June 1947. 

6. D'Appolonia, E., "Loose Sands-Their Compaction by Vibroflotation," ASTM Spec. 
Tech. Publ. no. 156, Soil Mech. Found. Eng., Am. Soc. Test. Mater., Philadelphia, Pa., 1967. 

7. D'Appolonia, D.]., and E. D'Appolonia, "Determination of the Maximum Density 
of Cohesion less Soils," 3rd Asian Can! Soil Mech. Found. Eng., 1967. 

8. D'Appolonia, D.]., R. V. Whitman, and E. D'Appolonia, "Sand Compaction with 
Vibratory Rollers," ASCE Speciality Can! Placement and Improvement of Soil to Support Structures, 
1968. 

9. Forssblad, L., "Investigation of Soil Compaction by Vibroflotation," Acta Poly tech. 
Scand., no. Cl34, Stockholm, Sweden, 1965. 

10. Holtz, W. G., "The Relative Density Approach - Uses, Testing Requirements, Reliabil¬ 
ity, and Short-Comings," ASTM Spec. Tech. Publ. no. 523, Am. Soc. Test Mater., Philadelphia, 
Pa., 1973. 

11. Moorhouse, D. C., and G. L. Baker, "Sand Densification by Heavy Vibratory Compac¬ 
tor," 3rd Pan Am. Can! Soil Mech. Found. Eng., 1968. 




118 Chapter 4 • Physical and Index Properties of Soils 


12. Skempton, A. W., "The Colloidal Activity of Clays," Proe. 3rd Int. Con! Soil Meek. 
Found. Eng., vol. 1, 1953. 

13. Terzaghi, K., "Principles of Soil Mechanics II-Compressive Strength of Clay," Eng. 
News Rec., vol. 94, 1925. 

14. Wagner, A. A., "The Use of the Unified Soil Classification System by the Bureau of 
Reclamation," 4tk Int. Con! Soil Meek. Found. Eng., London, England, vol. I, 1957. 



CHAPTER 5 


Permeability of Soils 


5.1 INTRODUCTION 


As used in geotechnical engineering, permeability is that property of the soil which 
permits water to flow through it-through its voids (8). Thus, soils with large voids 
are more permeable than those whose voids are small. Furthermore, since most 
soils with large voids usually have large void ratios, we may deduce that, other 
factors notwithstanding, permeability increases with increasing void ratios. 

Among the engineering problems where soil permeability may play quite a promi¬ 
nent role are 


1. Quantity of leakage through and under dams (discussed in Chapter 7) 

2. Rate of consolidation and related settlements (discussed in Chapter 9) 

3. Infiltration into and dewatering of deep excavations 

4. Stability of slopes, embankments, and hydrostatic uplift evaluations 

5. Seepage velocity through the soil which may create erosion (piping effects) 
via transportation of fine-grained particles 


The resistance to flow is greatly affected by the size and geometry of the voids 
(9). In turn, the void characteristics are related to the size, shape, and the degree 
of packing of the soil grains. Generally, a coarse-grain soil is more permeable than 
a fine-grain soil such as clay. A greater resistance to flow is offered by the much 
smaller pores associated with the small-grain-size soils (1. 4, 5, 7). 


119 
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5.2 FLOW THROUGH CIRCULAR CAPILLARY TUBES 


The voids in a soil are interconnected with each other, resembling a series of 
irregularly sized and shaped, winding, and twisted conduits through which the 
water flows. This is apparent even in fine-grained soils (3). Obviously, therefore, 
the flow through soils is not in a straight line, as may be expected in an ordinary 
tube, does not occur at a constant velocity throughout, and, generally, does not 
comply with the typical assumptions made in fluid mechanics courses. Nevertheless, 
experience has shown that a reasonable tie exists between flow through soils and 
flow through tubes when appropriate "adjustments" are made. 

Pipe flow may be laminar or turbulent. In laminar flow the particles of water follow 
a designated path such that the path of one particle never intersects the path of 
any other; the flow is irregular and unsteady for turbulent flow. In fluid mechanics 
courses where paths of flow are well defined, Reynolds' number may be used with 
reasonable accuracy to determine the zones of laminar and turbulent flow. In soil 
mechanics this number is not directly relevant. The concept of steady and laminar 
flow, however, is of appreciable value in our effort to analyze the flow in soils and 
in explaining the phenomenon of groundwater movement. On the other hand, 
while turbulent flow is common in pipes, in most soils it is rather unlikely; it may 
be found at times in coarse-grain soils. Hence, our analysis will assume laminar 
flow. 

For laminar flow in tubes the velocity varies from zero at the wall to a maximum 
at the center, as shown in Fig. 5.1. Over a distance L the change in head is (hi - 10.). 

The pressure difference, therefore, is yw(hi - 10.). The corresponding difference 

in end thrusts at points I and 2 is lTrYw(hi - 10.). This must be balanced by the 

shearing stresses on the sides of the annular ring. The unit shear force at distance 
r is proportional to the coefficient of viscosity ).L and the velocity gradient 
(-dv/dr). The minus sign indicates that the velocity decreases with an increase 
in radius. The total shear force acting on the surface of the annular cylinder is 
(21TrL)j.Lfdv/ dr). Summing forces and recognizing that the shear force is opposite 



Figure 5.1 Laminar flow through pipes. 
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to the direction of flow, we obtain 

7ir-y v (h-h) =2nrLtxiy~ ^ ( a ) 

or, separating variables, 

1?L (— -—^ r dr= — dv (b) 

2/t\ L ) 

The value of (h x - fh)/f. is known as the hydraulic gradient i. Hence, integrating 
Eq. (b), we get 

_ v = 2i '-ir*+C (c) 

4p 

where Cis the constant of integration. At the tube’s walls r = R and v = 0. Hence, 
from Eq. (c), we get 

t ,= ^L( J R2_ r 2)j (d) 

4p 

The rate of flow through the annular ring is v dA, or 

Q= J* v L 2nrdr= ^ t J" (i? 2 - r‘ 2 )rdr . (e) 


Integrating and substituting limits, we get 

0=^1R A 

K 8 p. 

In terms of tube’s area, A = tt/L, Eq. 5-1 becomes 

Q=— R 2 iA 

K 8 p 

The average velocity of flow is QJA, or 


8 p 


(5-1) 


(5-la) 


(5-lb) 


5.0 DARCY'S LAW __— 

In 1856 the French hydraulic engineer Henri Darcy demonstrated experimentally 
that the rate of flow of water through a soil is proportional to the hydraulic gradient. 
Referring to Fig. 5.2 and assuming laminar flow, Darcy’s law may be written as 

Q = kiA (5-2) 



A 


(5-2a) 
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Figure 5.2 Uniform gravitational flow through soils. 


where Q 
k 
i 

A 
A h 
L 


- rate of flow 

= coefficient of permeability, sa (y v /8 from Eq. 5-la 
= gradient or head loss between two given points, ={h\ —h 2 )/L 
= total cross-sectional area of tube 
= difference in heads at the two ends of soil sample 
= length of sample 


In Fig. 5.2 one notes that the “tube” velocity v of the water must necessarily be 
different from the velocity of the water through the soil voids, or seepage velocity v s 
since the tube area, A, is much larger than the cross-sectional area of the voids, 
A v . For continuity of flow, the quantity of flow Qmust be the same throughout the 
system. Hence, 


Q= Av = Ay t/ s 

from which 



(a) 


(b) 


or 

u s = - v (5-S) 

n 

or 

v = nv s (5-3a) 

where V = total volume of mass 
Vy = volume of voids 
n = porosity ratio 

It is rather obvious then that the velocity v is a superficial velocity; the use of v 
instead of v s , however, is a convenient and widely used notation. 
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From Eq. 5-2, Q/A = v = ki. Hence, substituting in Eq. 5-3a, 

ki 


(5-4) 


The common units for k are those of velocity, usually centimeters per minute oi 
centimeters per second. 

From Eq. 5-4 we note that the coefficient of permeability k of a soil is the constant 
of proportionality between the tube velocity v and the hydraulic gradient i. This is 
not to imply a constant value for a given soil. Indeed, as we shall see in subsequent 
discussions, the value of k may vary quite greatly for a given soil with the direction 
of flow. 


Example 5.1 -——- 

Given A soil sample L cm long and 7.3 cm diameter is tested with the following results: 
The dry weight was 880 g; the weight of the water 160 g; n = 0.44; G s = 2.6. 

Find (a) L = cm; S = %. 

(b) The seepage velocity if the discharge quantity during a permeability test 
is 15 g/min. 

OOA 

Solution V s = — = 338.4 cm s 

From 

n = = 0.44 

1 + e 

e — 0.786 

and 

E = = (0.786) (338.46) = 265.90 cm 3 

E ol = 265.9 + 338.4 = 604.3 cm 3 

Also 

3) 2 = 604.3 


Answer 


(a) L = 14.4 cm 

Vw 160 
V, 265.9 


X 100 = 60.2% 


15/- (7.3) 2 
V Q/A / 4 


(b) v s = - - 

n n 


0.44 


= 0.815 


Ansiuer 
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5.4 LABORATORY PERMEABILITY TESTS 


There are two basic designs of apparatus used in laboratories for estimating the 
coefficient of permeability k of soils: the constant-head and the falling-head perniea- 
meters. Permeability is sometimes also estimated from the rate of consolidation, 
but the values are generally unreliable. There are other factors influencing the 
consolidation rate that are difficult to account for in a relevant manner. A more 
advisable procedure entails subjecting the specimen to a constan t-head permeability 
or falling-head permeability test, as discussed in the following. Only the constant- 
head and variable-head permeability tests will be presented in this section. 


Constant-Head Permeameter 

Figure 5.3 is a schematic illustration of a constant-head permeameter. The hydro¬ 
static head remains constant, with the quantity of water flowing through the soil 
sample f~ any period of time measured by means of a graduate. Besides the 
quantity Q, one measures the length of the soil sample L, the gross cross-sectional 
area A, the value for h, and the time over which Q is collected in the graduate. 
From Darcy's law. 




(5-5) 



Figure 5.3 Schematic of constant-head permeameter test setup. 
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L and A are shown in Fig. 5.3; Q is the total volume of water collected during 
time t. 

The constant-head permeability test is most reliable and accurate for relatively 
permeable soils, such as sand, where the quantity of discharge is rather large. For 
impervious soil the accuracy of this test decreases appreciably. Flence, the falling- 
head permeameter is preferable in that case. 


Falling-Head Permeameter 


For most fine-grain soils the falling-head permeameter, shown in Figs. 5.4 and 5.5, 
gives results that are better than those of the constant-head type. As in the case of 
the constant-head test, the length of the specimen is denoted by L and the cross- 
sectional area by A. The area of the standpipe is given by a. The discharge Q is 
measured by means of a graduate. If we let h.J./t, and h f represent the head at the 
beginning, at any intermediate time, and at the end of the test, respectively, we 
may derive an expression for the coefficient of permeability as follows: The discharge 
dQ through the soil may be expressed as the area of the standpipe times the velocity 
of fall. Since the head decreases with time, the velocity will be negative. Flence, 
dQ — -a(dh/dt). From Darcy's law we can write dQ = kiA. Equating the two expres¬ 
sions, we get 


Ah 


— a 


At 


kiA = 



A 


Meter or 
yard stick 



Figure 5,4 Schematic of falling-head permeability test setup. 




126 Chapter 5 • Permeability of Soils 



Figure 5.5 Falling-head per¬ 
meability apparatus. (Courtesy 
of Gilson Co., Worthington, 
Ohio.) 


or, separating variables, we have 



The only variables are the head and time. Thus, 


f*,d h k . p f , 

-a ~T = 7 A dt 

J \) h JL J *o=o 


Integrating and solving for k, we get 


G 

II 

-it 

(5-6) 

or 


7 O Q 1 ^0 

k - 23 M ,OS '% 

(5-6a) 


Example 5.2 _— 

Given A soil sample in a constant-head permeameter is 7.30 cm (2.875 in.) in diameter 
and 14 cm (5.5 in.) long. 320 cm 3 of water pass through the soil in 3 hr 22 min. 
The difference in head between points of intake and discharge (value of h in 
Fig. 5.3) is 24 cm. 

Find The coefficient of permeability of the soil. 
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Procedure Using Eq. 5-5, we have 


k = 


QL 

hAt 


= _ 320 X 14 _ 

(24) [77(7.3)74] X (180 + 22) 

= 2.21 X 10~ 2 cm/min = 3.68 X 10 _4 cm/s 


Hence, from Eq. 5-2, 


£ = __L58_ 
tA 1.71 X 41.35 


= 2.21 X 10~ 2 cm/min 


Answer 


k = 3.68 X 10“ 4 cm/s (1.21 X 10' 5 ft/s) 


Example 5.3_ 

Given A soil sample in a variable-head permeameter 7.30 cm (2.875 in.) in diameter 
and 14 cm (5.5 in.) long. The standpipe has a diameter of 1 cm (0.4 in.). The 
head on the sample dropped from 130 cm (51.2 in.) to 72 cm (28.3 in.) in 1 hr 
18 min. 

Find The coefficient of permeability. 

Procedure In Eq. 5-6a 


a = ^ (l) 2 = 0.785 cm 2 

A = |( 7.3)* = 41.85 cm 2 

t{— t 0 = 78 min 

h 0 = 130 cm; h f = 72 cm 
log 10 (W) = 0.2566 


Hence, 

k = 2.3 ^ || (0.2566) = 1.99 X 10“ 3 cm/min = 3.32 X 10- 5 cm/s 


k = 3.32 X 10' 5 cm/s (1.09 X 10“ 6 ft/s) 


Answer 





128 Chapter 5 • Permeability of Soils 


5.5 AUTHENTICITY OF /(VALUES FROM LABORATORY TESTS 


The coefficient of permeability determined via laboratory tests may be far different 
from that of the in-situ soil. Among some of the factors that affect such deviations 
are 

1. Environmental differences. It is readily apparent that a soil extracted from some 
depth undergoes changes from its in-situ state: 

(a) Effective stress* as well as pore pressure changes may be substantial. 

(b) Degree of saturation may be altered; under laboratory conditions, 
near saturation is typical and usually higher than for in-situ state. 

(c) Density is likely to be less for test samples, especially for the more 
granular soils. 

2. Disturbance. The process of carving into the soil formation, extracting, han¬ 
dling, and testing results in at least some, perhaps large, sample disturbance: 

(a) The void ratio is likely to be altered in the process. 

(b) The particle arrangemen t (grain structure) may experience some rele¬ 
vant changes. 

3. Test conditions. We may deduce that in-situ conditions are virtually impossible 
to duplicate in the laboratory. In fact, in most instances we do not know the 
degree and quantity of the conditions we should duplicate. 

(a) The hydraulic gradient of the test sample is usually, for expediency, 
much higher than that which the in-situ soil experiences. 

(b) It is virtually impossible to measure such elements as air content, 
degree of saturation, pore pressure, and particle orientation, and to 
subsequently duplicate them in the laboratory. 

(c) It is difficult to account for the boundary effects associated with a 
small test sample. 

4. REpresentative sampling. It is difficult to ascertain the reliability of test results 
from rather minute samples and subsequently to correlate them with and 
predict the behavior of a relatively large formation of the in-situ soil. 

5. Direction of flow. The orientation of the "test" flow is usually transverse to 
the usual stratification since, generally, the typical sample extracted is a 
"vertical" one, usually via a Shelby tube through conventional drilling meth¬ 
ods. Yet the coefficient of permeability in the horizontal direction is apprecia¬ 
bly larger than that in the vertical direction, perhaps as much as 1000 times 
or more. 

From the above, it is apparent that the laboratory-determined value of k is in 
question. Using "undisturbed" samples, to the extent that this is practical, is a step 
in the right direction. The author has designed and built such an apparatus whereby 
a thin-wall Shelby tube anywhere from 3 to 50 cm in length could be tested; longer 
samples may also be used by merely using longer clamping rods. A rubber ring 
seal is used at the pressure end of the tube, with a screen at the discharge end. 
The cross-sectional area A is calculated by using the inside diameter of the tube. 


Effective stress is introduced in Chapter 8. 
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Besides being expedient, this setup provides for some additional distinct advantages: 
(1) it minimizes the disturbance of the sample, (2) it permits a permeability reading 
over a greater length, (3) it permits the testing of a granular sample that may 
otherwise fall apart during the extraction and setup process. 


5.6 FIELD TESTS FOR PERMEABILITY 


As mentioned in the preceding section, tests for permeability are not fully reliable 
if the test sample has been disturbed. Yet some disturbance, particularly apparent 
in sandy samples, is a virtual certainty to varying degrees, depending on the type 
of soil and the method and diligence associated with the testing effort. Furthermore, 
the relatively small samples may not even be representative of the whole stratum 
when one considers the lack of homogeneous and isotropic characteristics associ¬ 
ated with the typical soil stratum. This emerges as particularly conspicuous when 
one considers the differences in the values for k in the vertical and horizontal 
directions. For this reason, various attempts have been made to determine the 
coefficient of permeability of the soil in its natural state. One such method is 
represented in the following discussion. 

Figure 5.6 presents the basic schematic of one of several methods used in de¬ 
termining the coefficient of permeability in the field. The method involves the use 
of three wells (although two wells may suffice) and a pump. A perforated casing 
is sunk through the pervious stratum into the impervious stratum, if one does exist, 
or to a considerable depth below the water table if an impervious stratum does not 
exist. This is to be used as the test well. Two additional perforated casings are sunk 
at some distance from the test well (perhaps 30- to 60-rn spacing) to a depth well 
below the anticipated draw-down curve shown in Fig. 5.6. These are observation wells. 



Figure 5.6 Diagram of a typical setup for the field permeability test. 
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The water in the test well is then pumped out until a steady-state flow into the 
well is apparent. This could be determined by observing that the level of water in 
the test well remains at a relatively fixed elevation with continuous pumping. When 
this occurs, the level of the water in the two observation wells is recorded; also 
recorded is the distance of each observation well from the test well. 

Now let us assume that the water flows into the well in a horizontal, radial 
direction through the walls of the casing. The surface area of a cylindrical section 
of radius rand height his 2rrrh. Hence, using Eq. 5- 1 . where / = dhjdr, and assuming 
that the total discharge Q equals the flow into the well (steady-state flow). 


Q = 2irk 



Separating variables, 


Qp 2 — = 2itk f * 2 hdh 
J r Y r J *1 

£ln- = xr&(/il- h\) 


from which 


, Qln (r 2 /n) 
Ti(h\ — h\) 


(5-7) 


Example 5.4 ________________________________________ 

Given Refer to Fig. 5.6. The steady-state discharge is 189.6 X 10“ 3 m 3 /min, h x — 4.3 m 
(14.1 ft), and /^ = 4.5 m (14.7 ft). The radial distances r\ and r 2 are: r\ = 22 m 
(72.2 ft), r 2 = 40 m (131.2 ft). 

Find The coefficient of permeability. 

Procedure From Eq. 5-7, 

Qln (r 2 /n) _ 189.6 X 10“ 3 ln (40/22) 

7 T{hl - h\) *(4.5 2 - 4.3 2 ) 

k = 20.5 X 10" s m/min 


Answer 


k = 3.42 X 10“ 2 cm/s (1.12 X 10“ 3 ft/s) 


5.7 FACTORS THAT INFLUENCE PERMEABILITY 


As was mentioned throughout this chapter, permeability varies (1) with the constit¬ 
uents within a given stratum and (2) with stratification. 
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Constituents 


The late D. W. Taylor (10) derived an equation that relates the coefficient of 
permeability k to a number of factors. 




y« 




1 + e 


(5-8) 


where I), 

e 

C 


representative or effective grain diameter of the sphere of equiva¬ 
lent volume-to-area ratio 
coefficient of viscosity (or viscosity) of water 
void ratio of soil mass 

shape factor, which depends on shape and arrangement of pores 


Stratification 

It is sometimes desirable to express the composite effects on permeability of a 
number of layers by an equivalent coefficient of permeability k c for all the strata. 
For example, the quesiton may be posed as to what is the equivalent horizontal 
and/or vertical coefficient of permeability for a stratified arrangement as shown 
in Fig. 5.7. To evaluate this condition, the following are assumed: 

1. k x and k, for given layers are average constants for the thicknesses of the 
respective layers; k x / k, 

2. One-dimensional flow, either horizontal or vertical 

3. Continuity of flow 


Horizontal Flow 

For a unit thickness (normal to the page) and for a uniform gradient i, the quantity 
of flow in each layer may be expressed by (from q = kiA) 



q\ = K\iHu 

(J 2 ^x2 , 

k xn iHn 




^Flow 

T 




Hi 

i 

Ki 

Hi 

_4_ 


t 

h 2 

i 

K.2 

t 

h 2 

_J_ 

Si 

—f- 

f 


t 

_ \ _ 

*y3 

—r~ 

t 

^xn 

t 

H„ 

^yn 

__I- 

(a) 


(b) 


Figure 5.7 Undirectional flows through a stratified formation, (a) Horizontal 
flow, (b) Vertical flow. 
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Also, the total flow is q = k„iH m = q-, + q-> + • • • + q„, and 

i 2 H n i 2 (k x H) n 


Thus, the equivalent coefficient of permeability k„ for the strata is 


2 (KH) n 


(5-9) 


Vertical Flow 


Assuming flow normal to a uniform cross section A and a hydrostatic head for each 
layer of h u h>, etc., we have 

= ky 1 (/t) A; q2 = ky ~ {h~) A ’ q " = * y ” (h„) a 

From continuity of flow, q = = q 2 = • • • = q n . Thus, 


fe„zA = /f,i I 77 ) A = A, 
ci 1 


/^2 

#2 


A = 


-MS 11 


Hence, 


h\ __ H| ^2 _ Hz. h n _ H n 

kyfl kypl foy'i kypl kyil 


r:.2w.-S r 


k ye i 


But i = 2 (/i)„/2 (/f)„. Thus, 


2(fl), 

kyg 


= 2 


H 

ky j n 


or 


_ 2(H),, 

" 2 (HA),, 


(5-10) 


Sometimes an estimate of the coefficient of permeability is all that is needed. 
Table 5.1 provides a rough approximation of the range of permeability values for 
different soils. 

The values for permeability given in Table 5.1 should be used with caution. They 
are merely rough estimates for various types of soil. Nevertheless, for someone 
familiar with soil who is able to classify the soils (particularly granular soils) via 
visual examinations, these values may be useful for comparadve purposes. 


Example 5.5 


Given 

1 m k x = 4 X 10 3 cm/s; 1, = 2 X 10 4 cm/s 

' 


2 m k x = 3 X 10 4 cm/s; k y = 5 X 10" 3 cm/s 


3 m k x = 1 X 10 -4 cm/s; k y = 3 X 10' 5 cm/s 



Problems 
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Table 5.1 Approximate Range of Values of 
Coefficient of Permeability k 


Particle Size 

Coefficient of Permeability k 
(X 10“ 4 cm/s) 

Sand 

Coarse 

3000-5000 

Medium 

1000 

Fine 

50-150 

Silt 

Coarse, sandy 

1-20 

Medium 

0.1-1 

Fine, clayey 

rH 

o 

1 

o 

o 

Clay 

Coarse, silty 

0.001-0.01 

Medium 

0.0001-0.001 

Fine, colloidal 

0.00001-0.0001 


Find The equivalent coefficients of permeability in the x and y directions, k„ and k ye . 
Procedure From Eq. 5-9, 

_ (4 X 10 3 cm/s) (1 m) + (3 X lQ- 4 cm/s)(2m) + (1 X 1(T 4 cm/s)(3 m) 

" (1 + 2 + 3) m 

49 X 10“ 4 

"w a 


Answer 


k„ = 8.17 X 10 4 cm/s 


From Eq. 5-10, 


= _ (1 + 2 + 3) m _ 

(1 m/2 X 10~ 4 cm/s) + (2 m/5 X 10 -5 cm/s) + (3 m/3 X 10~ 5 cm/s) 


Answer 


k r = 4.14 X 10 5 cm/s 


Problems 


5.1 A coarse-sand sample, 12 cm long and 7.3 cm in diameter, was tested in a 
constant-head permeameter under a head of 100 cm for 1 min 12 s. The 
quantity discharged was exactly 5 liters. Determine the coefficient of perme¬ 
ability. 
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5.2 How much water, per hour, would pass through a mass of soil described in 
Problem 5.1, if the mass is 60 cm long and 100 cm 2 in cross section, under 
a constant head of 2 m? 

5.3 A constant-head permeability test is run on a soil sample 9.6 cm in diameter 
and 20 cm long. The total head at one end of the sample is 100 cm; at the 
other end the head is 26 cm. Under these conditions the quantity of flow is 
determined to be 20 cmVmin. Determine the coefficient of permeability. 

5.4 How much water, per minute, would flowthrough the mass of soil in Problem 
5.3 if the length was changed to 30 cm and the distance between the head¬ 
water and tail-water surfaces was 174 cm? 

5.5 A constant-head permeability test was run on a soil sample 7.3 cm in diameter 
and 14 cm long, Q = 10 c nr/m in, h = 100 cm. The soil (grains) has a dry 
weight of985 g, a specific gravity of 2.7, and a void ratio of 0.610. Determine: 

(a) The coefficient of permeability. 

(b) The seepage velocity v r 

(c) The superficial velocity v. 

5.6 Determine the quantity of flow per minute through a soil sample 7.3 cm in 
diameter and 28 cm long under a constant head of 100 cm if the coefficient 
of permeability is 5 X 10- 5 cm/ s. 

5.7 A falling-head permeability test was run on a soil sample 7.3 cm in diameter 
and 18 cm long. The diameter of the standpipe was 1 cm. The water level 
in the standpipe dropped from 65 cm to 50 cm in 3 hr 13 min. Determine 
the coefficient of permeability. 


Flow 



Figure P5.ll Constant-head test setup. 
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5.8 How much would the water level in Problem 5.7 be expected to drop in 
6 hr? 

5.9 A falling-head permeability test was run on a soil sample 9.6 cm in diameter 
and 10 cm long. The head at the start of the test was 90 cm. Determine how 
much head was lost during the first 30 min if the coefficient of permeability 
of the soil was found to be 5 X 10- 6 cm/ s. The diameter of the standpipe 
was 1 cm. 

5.10 How much water would flow through the soil sample of Problem 5.9 in 30 
min under a constant head of 90 cm? 

5.11 The quantity of discharge from a constant-head permeability test of a sandy 
silt averaged 23 cmVmin during the first few minutes and 26 cm /min later. 
Assuming the test setup to be as represented in Fig. P5.ll, determine: 

(a) The coefficient of permeability that you feel is most reliable for this 
sample if h = 100 cm. 

(b) Explain the probable reasons for the difference in discharge quantities 
given above. 

(c) Which discharge of the two is probably more representative of the 
permeability characteristics of the soil? 

5.12 The coefficient of permeability of a soil sample to be tested under a falling- 
head test setup schematically shown in Fig. P5.12 is 4.3 X 10- 6 cm/ s. How 
long would it take for h to be reduced from 200 to 160 cm? 

5.13 A 16-cm-diameter perforated casing is sunk in a sandy stratum a depth 
of 13 m below the water table to an impervious stratum. Two observation 
wells were installed at 20 m and 40 m distance from the test well. During 
steady-state pumping of 200 liters/min the water level in the two wells 
was lower by 145 and 125 cm, respectively. Determine the coefficient of 
permeability. 



Figure P5.12 Falling-head test setup. 
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of Soils 


5.14 Four soil layers have the following characteristics: 


k (cm/s) 


H (m) 

1.5 

2 

2 

3 


kx 


8 X 10-3 

2 X 10-3 
4 X 10- 1 2 3 4 

3 X 10- 4 


4 X 10- 4 
1.5 X 10- 4 
3 X 10- 5 6 7 8 9 10 11 
2 X 10- 5 


Determine the equivalent coefficients of permeability in the horizontal and 
vertical directions for the strata. 
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CHAPTER 6 


Capillarity 


6.1 INTRODUCTION 


We might expect water to seep down through the soil and regard this phenomenon 
as a natural occurrence related to forces of gravity. We may not be quite so ready 
to admit, however, that water moves in the upward direction as well, thereby defYing 
gravitational forces. Yet if we were to immerse the end of a dry wick, the edge of 
a piece of paper, cloth, or the like, into water, the observation would be made that 
these items will gradually become moist for some height above the water level. 
Obviously, water has been sucked up or absorbed by these articles. Similarly, if one 
were to immerse the end of a very-small-diameter tube into water, one would notice 
a certain rise of the water into the tube for some height above the free-water surface. 
Perhaps in a less explicit manner, a similar occurrence would emerge if a fine- 
grain soil mass came in partial contact with water. The forces that pull up water 
into the tube, a soil mass, and so on, above the free-water surface are known as 
caPillary forces. The height of the water column thus drawn up or retained is called 
caPillary head. The phenomenon that explains this rise is known as caPUlarity. 

The basis of soil capillarity and related forces stems from the interaction of water 
and soil particles. The water rise above the free surface is attributed to a combination 
of surface tension (to be discussed in the next section) and the tendency of the water 
to "wet" the soil particles. That is, cohesion (molecular attraction of like particles) 
is responsible for the development of a state of tension of the surface water mole¬ 
cules, while adhesion (molecular attraction of unlike particles) results in the "wet¬ 
ting " of the soil particles. 

Capillarity is at least in part responsible for some soil moisture above the water 
table. In other words, except for some entrapped moisture and/or some surface 
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infiltration, soils above the groundwater table would eventually dry up were it not 
for capillary forces. Capillarity makes it possible for a dry fine-grained soil to draw 
up water to elevations well above the water table or to retain moisture above this 
table. Depending upon a given set of circumstances, soil engineers may view such 
moisture as beneficial or detrimental. For example, capillary forces may develop 
an increase in intergranular pressure and, thereby, improve the stability and shear 
strength of some fine-grained soils. On the other hand, capillary moisture near 
the surface may cause pavement heave during frost through the formation and 
subsequent growth of ice crystals or ice lenses in colder regions. 


6.2 SURFACE TENSION 


Virtually all liquids display a molecular attraction such that surfaces ofliquids appear 
to possess filmlike characteristics. This interaction of surface molecules creates a 
condition where water is in a state of tension analogous to a thin flexible membrane 
subjected to tension. 

The phenomenon of surface tension manifests itself via numerous examples: an 
insect can travel on a water surface without breaking through; a drop of mercury 
assumes an almost spherical shape on a clean glass plate; the surface of water in a 
glass is not perfectly level-it is somewhat curved where the liquid conies in contact 
with the walls of the container; the water rises in a small-diameter tube; a razor 
blade or a pin will float if carefully placed on the surface of still water. 

If the pin or razor blade in the above example were to be released under the 
surface of the water, it would sink quite readily. Perhaps this is not unexpected 
since the unit weight of these metals is approximately 8 times that of water. This 
serves to demonstrate that (1) the interaction of the molecules below the surface 
of the liquid is different from that of the surface, and (2) the molecular attraction 
at the surface develops sufficient surface tension to provide for the support of the 
razor blade or pin. 

Although the explanation of the molecular interaction has not been completely 
unified, experimental findings have established numerical values of acceptable 
accuracy for a number of liquids, including some given in Table 6.1. Generally, 


Table 6.1 Typical Surface Tension Values 
for Some Common Liquids 
at 20° C ( 68 ’ F) 

Surface Tension 


Liquid (dynes/cm) 


Water 72.8 

Mercury 

In air 514.6 

In vacuum 486.8 

Carbon tetrachloride 26.8 

Alcohol, ethyl 22.3 

Oil, lubricating 36.6 
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these values decrease somewhat with an increase in temperature. For water, the 
value decrease is approximately 0.2 dynes/ cm/° C. 

6.3 PRESSURE, CURVATURE, AND SURFACE-TENSION RELATIONSHIP 


It is rather obvious that a balloon would not stay inflated if pressure differences 
did not exist between the inside and outside of the balloon. When inflated, the 
difference in pressure is resisted by tensile forces within the skin of the balloon. 
As we may remember from engineering mechanics in connection with thin-wall 
pressure vessels, a basic relationship could be developed between pressure differ¬ 
ences, container curvature, and skin stresses. The analysis of a thin flexible mem¬ 
brane under tension provides a suitable analogy relating surface tension, pressure 
differences, and curvature associated with capillary moisture. 

Figure 6.1 represents an element from a curved surface with two radii of curvature. 
For example, this may be a segment from a thin-wall pressure vessel with more 
than one radius of curvature, such as a football or an elliptical balloon. 

Let T represent a surface tensile force per unit length and IIP = P; - Po the 
difference in pressure between the inside and outside of the membrane. The total 
force on the projected surface of the element must be resisted by the surface tension 
components. From L. F, = 0, we have 

(r 2 A0 2 )(r 1 A0,)AP = 2(TA6 2 r 2 ) sin + 2(TA0 1 r 1 ) sin 

For small angles the values of sin(A0/2) = A6/2. Thus, 

r\ r 2 AP = 7V 2 + Tr x 
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or 


A P = T| — + — 
r i r 2 


When the radii are the same (e.g., spherical shape), Eq. 6-1 becomes 

A p= 21=11 

r d 


( 6 - 1 ) 


( 6 - 2 ) 


A value for T = 75 dynes/cm (= 75 X 10 8 kN/cm) is frequently assumed for 
water temperatures below 20° C. Thus, for water as a special case, Eq. 6-2 becomes 

. „ 2 T 4T A 75 X 1(T 8 kN/cm 300 Xl(r\ 7/ , 

A P= —- = — = 4-----=---kN/cm 2 

r a a (cm) a 


or 


A P 


0.03 
d(c m) 


kN/m 2 


(6-2a) 


where r is the “single” radius of curvature, such as in a straight pipe or sphere, 
and d — 2 r. 


6.4 CAPILLARY RISE IN TUBES 


We mentioned previously that if we were to insert the end of a small-diameter tube 
(capillary tube) into water, the water would rise into the tube, as indicated in Fig. 
6.2. Surface tension combines with the attraction between the glass and water 
molecules (adhesion) to pull the water up into the tube to a height h c , known as 
height of capillary rise. 

The surface of the liquid meets the tube at a definite angle a, known as the 
contact angle. Pure water meets a clean glass at a contact angle a = 0°; the contact 
angle for mercury is approximately 140°. The surface of the water is curved rather 
than flat, forming what is known as a meniscus. When a = 0°, and for small-diameter 
tubes, the curvature of the meniscus is about equal to the radius of the tube. 

In Fig. 6.2 point 1 is under atmospheric pressure; point 2 is under equal pressure 
since it is at the same level as point 1. However, point 3 (just under the meniscus) 
is higher than point 2 by an amount equal to h c . Hence, it experiences a pressure 
less than the atmospheric pressure by an amount of A P = h c y w . If the liquid is 
water, Eq. 6-2 can be written as 


A P = 



4 T 
d 


h c = 


4 T 
d 


(6-3) 


For the special case where T — 75 dynes/cm and for y w = 9.807 kN/m s , Eq. 6-3 
becomes 


, 0.306 

‘■'too™ 


(6-3a) 
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Figure 6.2 Capillaryrise of water in a small-diameter tube. 


where he - height of capillary rise 
T = surface tension of water 

r = radius of curvature of meniscus""" radius of tube 
d - 2r 

Yw unit weight of water 

Equation 6-3 could also have been derived by assuming the column of water in 
the tube to be supported by the surface tension over the circumference of the tube. 
The weight of the water is he (7Td 2 / 4)yw. The surface tension force is 7TdT cos a. As 
mentioned previously, for a clean tube a = 0°. Therefore cos a = cos 0° = 1. Thus, 
equating the weight of the water to the surface tension forces, one obtains again 
Eq. 6-3. 


Example 6.1 

Given Two capillary tubes A and B of diameters dA — 0.10 mm = 0.01 em and dB = 
0.01 mm = 0.001 em. 

Find (a) The capillary rise in each tube heA and heB . respectively. 

(b) The change in and values of capillary pressures in tubes A and 6 at a 
point just under the meniscus. 
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Procedure 


Answer 


Answer 


Answer 

Example 

Given 

Find 

Procedure 


Assume 7 = 75 dynes/cm and y w = 9.807 kN/m 3 . Equations 6-2a and 6-3a apply. 
From Eq. 6-3a, d is in centimeters, 


h C A 


0.306 

d 


0.306 

0.01 


= 30.6 cm (12.05 in.) 


hrH — 


0.306 

0.001 


= 306 cm (120.5 in.) 


h cA — 30.6 cm (12.05 in.) 
h cB = 306 cm (120.5 in.) 


From Eq. 6-2a, 


AD 0.03 0.03 ..... , 

A P rA - — ; — = = 3 kN/m 2 


A P rt 


d 0.01 
0.03 


= 30 kN/m 2 


A P cA = 3 kN/m 2 
A P cB = 30 kN/m 2 


1 atmosphere = 1.013 X 10 6 dynes/cm 2 = 101.3 kN/m 2 (absolute) 
P cA = 101.3 - 3 = 98.3 kN/m 2 (14.27 psi) 
7 C « = 101.3 - 30 = 71.3 kN/m 2 (10.47 psi) 


P cA = 98.3 kN/m 2 (14.27 psi) 
P cB = 71.3 kN/m 2 (10.47 psi) 


6.2 ________________________ 

The end of a clean glass tube, d = 0.1 cm, is to be immersed in mercury held 
in a large container. 

The level of the mercury in the tube relative to that in the container. 

a = 140° and y Hg = 13.6 X 9.807 = 133.4 kN/m 3 . From Table 6.1, 7= (514.6 
dynes/cm) (10~ 8 kN/dyne) = 514.6 X 10 -8 kN/cm. From Eq. 6-3, for correspond¬ 
ing terms, 

_ 4(514.6 X 1Q~ 8 kN/cm) cos 140° 

(133.4 kN/m 3 ) (0.1 cm) 

h= -118.2 X 10 4 m = -1.18cm (-0.465 in.) 
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Answer 


h = - 1.18 cm (-0.465 in.) (below) 


6.5 CAPILLARY TUBES OF VARIABLE RADIUS 


Figure 6.3 will be used to illustrate the effects of the tube diameter on the capillary 
rise of water into the tube. Assume the tube shown in Fig. 6.3a-d to be of small 
diameter d, except for the one section that bulges out to an appreciably larger 
diameter di- If the tube is lowered into the water as shown in Fig. 6.3a, the water 
level will rise into the tube to a height he commensurate with the terms given by 
Eq. 6-3. If the tube is further lowered, as indicated in Fig. 6.3b, the water rise into 
the large section of the tube will be less than for Fig. 6.3a. Again, the capillary rise 
must correspond to that calculated on the basis of Eq. 6-3 with the corresponding 
diameter of d 2 - If the tube is pushed further into the water, as shown in Fig. 6.3c, 
the rise hcl will reach a definite value as dictated by Eq. 6-3 for a value of d r 
However, if the tube is raised as shown in Fig. 6.3d, the capillary rise of hcl will be 
maintained. The same would occur in the case of Fig. 6.3a and 6.3b if the water 
table were to rise above the level of hcl' then subsequently lower. The water would 
theoretically remain in the tube at the height of hcl when the water level outside 
the tube was lowered to its original level. In the same manner, if a water supply 
from above fills the tube, the water level in the tube would remain at the height 
hcl' once equilibrium was reached. 

Figure 6.3e depicts a tube oflarge diameter filled with soil particles. For the sake 
of discussion, it is assumed that the soil pores or voids form continuous (although 
not necessarily straight) capillary tubes of a size corresponding to a diameter d[. 
Theoretically the water would rise to a height hcl within the tube where the soil is 



(a) (b) (c) (d) (e) 


Figure 6.3 Capillary rise in tubes of variable cross sections. 
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present. Note that in the part of the tube where no soil is present, no capillary rise 
takes place in view of the assumed very large diameter. 

6.6 CAPILLARY PHENOMENON IN SOILS _ 

Unlike capillary tubes, the voids in soil are quite irregular in shape and size and 
not necessarily continuous (interconnected) or vertical. Indeed, the conditions 
regarding surface tension, capillary rise, and pressure variations in soils are much 
more complex than for the capillary tube discussed in the previous section, and 
perhaps rather impossible to investigate with any degree of accuracy. The concept 
presented in connection with capillary tubes, however, does serve as a good basis 
for describing the capillary phenomenon in soils. 

One of the difficulties in applying the theory developed for capillary tubes to 
soils lies in determining the value for r or d. The voids within the typical soil mass 
may vary greatly in size and shape. Even for uniformly sized grains the voids are 
likely to vary in both size and shape. But for nonuniform grain sizes this variation 
in void characteristics is even more pronounced. Also, variations in soil stratification 
further add to this problem. Hence, our evaluation of capillarity in soils is perhaps 
more qualitative than quantitative in nature. 

It is convenient to relate the void sizes or pathways to the sizes of the soil particles. 
Generally, as the grain size decreases, the size of the voids or pores also decreases. 
Conversely, larger grain sizes would imply larger voids between soil particles. Thus, 
the height of capillary rise in soils is tied, in part, to the size of the soil particles. 

Figure 6.4a depicts a column of fine-grained soil, uniform in size, for which the 
amount of capillary rise is denoted by he. In Fig. 6.4b the soil column is composed 
of fine-grain particles separated by a layer of much coarser particles and presumably 
correspondingly larger voids. Since the capillary rise is inversely proportional to 
the size of the voids, the column of water cannot rise much past the fine-grain 
sizes (h:) if the voids of the coarse material are very large. On the other hand, if 
that same layered mass is lowered into the water and raised again, or if the water 
table is raised and then lowered, the water within the soil mass would remain at a 
height equal to he; that is, h~ = ho as shown in Fig. 6.4. This is analogous to the 
conditions discussed in the previous section. 



■r>i» ••A*? 

-—-- - 


Figure 6.4 Capillary rise in col¬ 
umns of soil of varying grain 


(a) 


(b) 


sizes. 
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The rise of water in soils through capillary action does not necessarily mean total 
saturation. Far to the contrary, even at small heights above the free surface the 
degree of saturation for many soils is well below 100%, with even lower saturation 
percentage at higher elevations. Furthermore, not all moisture in a soil mass is 
necessarily related to the capillary phenomenon. Surface infiltration is a common 
source for soil moisture. Fluctuation in the groundwater table may be still another 
source. Also, moisture may get trapped and collect in minute voids within the soil 
mass and may be retained indefinitely. Such moisture is commonly referred to as 
contact moisture. It may disappear through evaporation if near the surface, but it is 
unlikely to be drawn down by gravity. 

Because of the complex nature of the soil voids, a theoretical prediction of 
capillary rise in soils is not only of dubious accuracy, but is likely to be even 
misleading. Perhaps the most reliable approach is by direct observation of this 
behavior, preferably in situ if possible. Allen Hazen suggested a formula for approxi¬ 
mating the capillary rise. This is given by Eq. 6-4: 


C 
eD\ o 


(6-4) 


where 


Dio = Hazen’s effective size (e.g., 10% size of grain-size analysis curve), in 
centimeters 

C = empirical constant, which usually varies from 0.1 to 0.5 cm 2 
e = void ratio 


Another approximation, perhaps equally empirical, is the use of Eq. 6-3a, where 
D is approximately Dio/5, given in millimeters. The numerator ofEq. 6-3a is adjusted 
accordingly to account for the change in units: 


K = 


0.0306 

iDio(mm) ’ 


m 


(6-5) 


6.7 CAPILLARY FORCES 


For convenience Eq. 6-2 will be presented again at this point: 



( 6 - 2 ) 


The quantity b.P represents the caPillary pressure. In Section 6.2 we have shown b.P 
to be equal to the differences in pressure between the inside and the outside faces 
of the thin membrane. Another way to view the above equation is that for a given 
capillary tube diameter, the larger the difference b.P, the larger the surface tension 
in the liquid. 

Figure 6.5a shows the surface tension, T, at the contact angle a relative to the 
walls of the tube. The vertical component, T cos a, results in axial compressive 
stresses within the wall of the tube. Component T sin a results in compressive 
stresses in the wall of the tube in a circumferential direction. In an analogous 
manner, contact moisture, present in appreciable amounts in fine-grained soils, will 
form menisci, which develop surface tension forces. In turn, these forces will pull 
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(b) 


Figure 6.5 Capillary stresses. 


adjacent soil grains together and in the process develop intergranular pressure. Figure 
6.5b shows contact capillary moisture around portions of adjacent soil grains. Figure 
6.5c shows an enlarged condition of one such contact point. The water around this 
point forms a meniscus, and thereby surface tensions are developed, analogous to 
that shown in Fig. 6.5a. The vertical component of surface tension around the 
point of contact develops the normal forces N, similar to the compressive forces 
developed in the walls of the tube in the axial direction. Quite apparently the 
normal forces N translate into intergranular pressures, which are directly related 
to the magnitude of pull of the menisci on the soil grains. 

Such increase in intergranular pressure may have appreciable effect upon the 
increase in the shearing strength in a given soil mass. This phenomenon may be 
demonstrated by reflecting upon the shear strength of a fine sand under three 
moisture conditions: (1) perfectly dry, (2) completely saturated, and (3) barely 
damp. For either a totally saturated or a totally dry sand no capillary forces exist; 
hence, the shear strength of the sand is relatively small. On the other hand, in a 
damp condition the capillary forces increase the shear strength of the sand, thereby 
giving it more stability and increased resistance to deformation. This is readily 
apparent to one walking on a sandy beach when the soil is either totally dry or 
totally saturated; in both instances the walking is more difficult than for the damp 
condition. The damp state provides a relatively rigid surface and relatively minimal 
penetration compared to the totally saturated or dry state. This could be further 
demonstrated by being able to cut a steep cut in a moist sand versus a much 
shallower slope in the case of a totally dry or totally saturated sand. The capillary 
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effects give the sand added shear strength, or apparent cohesion, which is nonexistent 
when the sand is either totally dry or totally saturated. 

The total normal stress on a particular soil particle is equal to the sum of effective 
and neutral stresses (or intergranular pressure and pore pressure, respectively) 
discussed in Section 8.2. The combined stresses may be expressed by Eq. 6-6: 

o'\ = (j + Uw (6-6) 

where o', - total (combined) pressure from weight and capillary pressures 

(j = normal component of intergranular pressure 

u w - pore presure 

The total normal stress across any unit area within a soil mass remains about 
constant. However, the stress in the water (pore stress) may vary appreciably. For 
example, at a height h above the free-water level, the hydrostatic pressure in the 
water Uw — -hyw' Thus, from Eq. 6-6 we see that when the stress in the water is 
negative, the intergranular pressure must be greater than the combined pressure 
by an amount equal to the pore-water pressure Uw- 

Significant reversal in pore-water stress may be introduced with fluctuations of 
the water table or alterations in the general state of the sample. For example, say 
a clay sample at some depth below the surface is subjected to an intergranular 
pressure plus a neutral pressure of (j and u, respectively. Obviously the combined 

pressure is o 't — (j + u. If the sample were extracted from the ground, the combined 

pressure would become 0. Hence, it has a tendency to expand. However, it is likely 
to be restricted against expansion by the capillary forces formed in the process. 
That is, the menisci are formed at the surface of the soil grains, and thereby capillary 
forces will be likewise developed. Thus, the pore-water pressure changes from a 
pressure of magnitude u to a tension of magnitude (j in the extracted state (i.e., 
u = (j, provided the "tensile" strength of water is not exceeded). 

6.8 SHRINKAGE, SWELLING, AND FROST HEAVE 


A large reduction of the moisture content in wet clayey soils introduces intergranular 
pressures, as described above and similar to those caused by overburden pressures. 
In the process significant reduction in volume, or shrinkage, will develop. This could 
be easily demonstrated by running a shrinkage test as described in Section 4.6. 
Conversely, if a dry clay is exposed to moisture, the clay will experience swelling. 
As discussed in Section 2.4, this maybe attributed to a number of the clay properties: 
(1) the clay minerals' affinity for water, (2) the base exchange behavior and electrical 
repulsion feature, (3) the expansion of entrapped air, and (4) the elastic rebound 
of the soil particles. If a clay whose water content is below the shrinkage limit is 
immersed in water, capillary attraction forces the water into the soil voids. In the 
process, air that entered the voids during drying becomes compressed by the 
entering water. In turn, this increases the interparticle tension until an explosion 
of the voids occurs, with subsequent disintegration of the soil. This is known as 
slaking. 

In cold regions a common problem related to capillarity is frost and frost heave. 
If outside cold temperatures persist for some time, the soil near the surface may 
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freeze. However, the soil below a certain depth, the frost line, will be above 0° C 
(32° F). Hence, if sufficient saturation exists, some of the water in the voids will 
freeze, thereby creating some moisture deficiency and increased capillary tension 
in areas adjoining the ice crystals. Thus, additional water is sucked up from below 
the frost line, thereby adding to the size of or enlarging the ice crystals. This process 
results in the formation of ice lenses, which increase in size with prolonged low 
temperatures, causing the familiar frost heave so common under pavements. 

Prevention or minimizing of frost damages may be accomplished by removing 
the frost-susceptible soil to near the frost line and replacing it with clean (e.g., free 
of silt or clay) sands and gravels. When the water source is via capillarity from the 
water table, one possible remedy may be to lower the water table by means of drains 
or ditches if the topography permits natural gravitational flow. Impervious blankets 
such as plastics or asphalt cements may be an effective but perhaps more costly 
approach. On the other hand, the removal of water from surface infiltration is 
equally important if frost-susceptible surface material is present. 

Problems 

6.1 Determine the capillary rise of water in clean glass tubes of: (a) cl = 0.04 
mm. (b) d = 0.08 mm. (c) d = 0.15 mm. Assume the water temperature at 
20° C. 

6.2 Determine the rise of water in Problem 6.1 if the contact angle is 30°. 

6.3 The rise in a capillary tube is 52 cm above the free-water surface. Determine 
the surface tension if the radius of the tube is 0.03 mm. 

6.4 What is the diameter of a clean glass tube if water rises to a total of 76 cm 
at approximately 20° C temperature? 

6.5 Determine the water pressure in the capillary tube of Problem 6.3. 

(a) At 30 cm above the free surface. 

(b) At 40 cm above the free surface. 

(c) just below the meniscus. 

(d) just 1 cm above the free-water surface. 

6.6 Determine the water pressure in the capillary tube of Problem 6.4. 

(a) At 30 cm above the free surface. 

(b) At 50 cm above the free surface. 

(c) just below the meniscus. 

(d) just 1 mm above the water surface. 

6.7 The effective size of a sandy silt is 0.04 mm and its void ratio is 0.7. Determine 
the approximate capillary rise for this soil. Assume C = 0.32. 

6.8 Rework Problem 6.7 using Eq. 6-5. How do the two results compare? Give 
plausible reasons for the difference. 

6.9 Rework Problem 6.7 for different void ratios: (a) 0.8. (b) 0.9. (c) 0.95. (d) 1.0. 
How does the void ratio appear to affect the capillary rise? Explain. 

6.10 Rework Problem 6.7 for different effective sizes: (a) 0.05 mm. (b) 0.06 mm. 
(c) 0.07 mm. (d) 0.08 mm. Plot the values of he vs. grain sizes. What appears 
to be the relationship between the two? 




CHAPTER 7 


7.1 INTRODUCTION 


It may be quite apparent that if one were to pour water on a sandy or gravelly 
surface, the water would disappear into the ground. It may be equally apparent 
that one may not be successful in constructing an efficient dam from a sandy or 
gravelly soil; the water would seep out through the dam quite easily. On the other 
hand, the water flow through a fine-grain soil, such as silt or clay, would take place 
with more difficulty. In short, the quantity of flow, other conditions being equal 
(hydrostatic heads, stratum thickness, time, etc.), would be much greater in the 
granular soil than in the silty or clayey soil. The process of water flow through soil 
is commonly referred to as seepage. 

Problems associated with the seepage phenomenon are likely to fall into one of 
the three groups dealing with (1) flow into pits or out of reservoirs, (2) seepage 
pressures and related effects that they may have on the stability of slopes, cuts, 
foundations, and the like, and (3) drainage from fine-grain soils subjected to load 
Increase. 

Like so many problems in soil mechanics, seepage analysis is frequently not much 
more than a reasonable estimate. The reason for this may very likely lie in the many 
assumptions that are made and that are most difficult to verify with any degree of 
accuracy. For example, it is not unusual to assume that (1) the stratum characteristics 
(e.g., permeability, thickness, stratification) are homogeneous, yet it is far more 
probable than not that this is not so; (2) the laws of hydraulics (e.g., hydraulic 
gradient, flow pattern, continuity) are suitable tools and applicable in the flow 
analysis; (3) any apparent variables (e.g., permeability differences in the vertical 
and horizontal directions, boundary conditions, steady-state flow) could be antici- 
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pated and accounted for with reasonable accuracy. Yet accuracy of these assumptions 
is perhaps more a matter of conjecture than of substantiated proof. Nevertheless, 
methodologies do exist that give acceptable results. It is the purpose of this chapter 
to present and evaluate some of the techniques for analyzing seepage flow. For the 
sake of simplicity, only a two-dimensional analysis will be presented here. 


7.2 SEEPAGE FORCES 


Figure 7.1 will be used as the basis of our discussion in connection with seepage 
stresses and seepage forces. 

In Fig. 7.1b we show a soil sample totally submerged. For convenience we shall 
assume total saturation, although, as we have noted in previous sections, total 
saturation is virtually impossible. 

Figure 7.1a depicts the pressures associated with this arrangement. Assuming no 
water flow in the upward or downward directions, we note that a force from the 
hydrostatic head acts in all directions on a given particle of soil. Obviously this 
force would tend to compress the particles, but would not tend to move them 
relative to each other. Thus, this force does not create any shear effects between 
soil particles. This type of pressure is commonly referred to as neutral pressure or 
pore water pressure. On the other hand, the weight of the particles above any given 
level of soil is supported by the corresponding particles beneath. In the process, 
forces between particles are induced by this weight. It is rather evident that the 
lower particles will thus experience greater stress or pressure from such loads than 
is experienced by the higher level particles; they simply carry more overburden 
(see also Section 8.2). This is referred to as intergranular pressure or effective pressure. 
In Fig. 7.1a 'YwL is equal to the pore water pressure, and 'YbL is the intergranular 
pressure. 
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Figure 7.1 Water pressures on soil sample of cross section A. 
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+ (7c + 7 b )il 
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Figure 7.2 Forces on soil sam¬ 
ple, section 1-1 in Fig. 7.1b. 


. 1 


Area = A 
Ayjh + L+ Z) 


Now let us reflect on Fig. 7.1c. This is a sketch of the hydrostatic pressures 
induced by the column of water. Since the pressure will act in all directions, the 
particles of soil at a given section, say 1-1 in Fig. 7.1b at the bottom of soil column, 
experience downward as well as upward loads. This is indicated in Fig. 7.2 for an 
assumed cross section A. The horizontal pressures on the vertical faces of the sample 
cancel. Hence, by summing forces in the y direction, we get 

Fi-i = A(h + L + Z)y. - A[y w Z + L(y a + y b )] 

Simplifying, 

Fi -1 = (y w h - y b L)A (7-1) 


where yJiA 
y b LA 


seepage force 


buoyant force = 


y»L 


( G+ Se 
\ 1 + e 



A 


Fi_i = net force at section 1-1 


G, S, e are specific gravity of solids, degree of saturation, and void ratio, respectively. 

The term Ywh in Eq. 7-1 represents the seepage pressure, while the product Ywh A 
represents the seepage force. Seepage forces may be visualized as being the result 
of the drag force by water against the soil particles and the associated reaction by 
the soil particles to the water. These forces are in the direction of flow. 

Equation 7-1 represents the net force on the soil particles at section 1-1. One 
notes that without the seepage forces given by the expression YwhA the net force 
at this section would be the buoyant force. Hence, the intergranular pressure would 
simply be ybL. Thus, it is readily apparent that the introduction of the seepage 
force alters the net force at this particular section. In turn, the seepage force alters 
the intergranular pressure in the soil mass. An important consequence of this effect 
will be illustrated in the following section. 


7.3 QUICK CONDITION 


Reference is made to Eq. 7-1. As mentioned in the previous section, this equation 
represents the net force at section 1-1 of Fig. 7.1. By increasing the seepage 
pressures Ywh, a point may be reached where the two terms in parentheses would 
be equal. That is, at this point the seepage forces would equal the buoyant forces. 
This may be viewed as a condition of impending upward movement. Obviously, 
any further increase in the seepage force would result in actual movement. Such 
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a buoyant condition is generally referred to as a quick or a boiling condition (condi¬ 
tions that result in impending upward movement of soil and water). 

At a point at which a quick condition exists, the net force would equal 0. Hence, 
equating Eq. 7-1 to 0 and solving for the ratio of h to L for which boiling occurs, 
we have 


0= (Ywh- YbL) A; A#0 


Thus, 


0 = yji - y h L = yji - y^L 


G + Se 
1 + e ' 


1 


Assuming total saturation (S = 1) and expanding, we get 

'G- l' 


h=L 


1 + e 


or 

(7-2) 

By definition, the ratio of h to L is referred to as gradient whose magnitude is 
given by (G - 1) /(1 + e). When its value equals 1, it is commonly known as 

the critical gradient-the condition for impending boiling. Hence, for some rather 
common values of G = 2.7 and e = 0.7 (approximately), hi L is about unity. 

As mentioned above, the quick condition was based on a net or effective stress 
equal to 0. At this point the shear strength of the soil would theoretically appear 
to be lost. However, the zero effective stress does not necessarily mean boiling in 
cohesive soils since they display some shear strength even at zero effective stress. 
On the other hand, a fine-grained cohesionless soil (fine sand, for example) is 
most likely to be subject to boiling. Furthermore, the probability of boiling is greater 
for fine sand than for coarse sand or gravel strata. The coarse-grain soils display a 
greater porosity and permeability. Therefore, a larger supply of water would be 
needed to maintain a gradient of unity-the critical gradient. Hence, although it 
is theoretically possible to have a quick condition in coarse-grained soils, the volume 
of water necessary for the critical gradient makes such an occurrence unlikely. 

Boiling frequency occurs in fine sands when the depth of excavation is a certain 
distance below the water table. That is, although the sides of the excavation are 
shored and properly supported laterally, the bottom of the excavation may flow 
upward when the critical gradient is reached. Sometimes a solution to such a 
problem may be found by driving sheet piling to depths such that L is large enough 
to reduce the gradient hi L to a value of 1 or less. Other common examples may 
include boiling due to artesian pressures and boiling near the downstream part of 
an earth dam. 


h _ G - \ 
L~ 1 + e 


Example 7.1 

Given A pit is to be excavated in a fine-sand stratum completely saturated up to the 
ground surface. It was found that a 1 ft3 container filled with dry sand had a 
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weight of 117 lb and that it would take about 20 lb of additional water to 
completely fill the air voids in the sand sample. The container's weight = 10 lb. 
The pit was to be dug to a 21-ft depth. To stabilize the bottom of the excavation 
(prevent "boiling") it is decided to drive steel sheet piles to act as "cut-off" 
walls that encircle the excavation (e.g., similar to a box). 


Find 


Solution 


The minimum depth sheet piling would have to be driven for an impending 
"quick" condition. 


V„ = 


20 

62.4 


0.32 ft 3 


V s = 

W 5 = 

G s = 


1 - 0.32 = 0.68 ft 3 

117 lb — 10 lb container = 107 lb 


107 

(0.68) (62.4) 


= 2.53 


K _ 0-32 
V s 0.68 


0.47 


h _ G - 1 h( 1+g) 

L 1 + e G — 1 


or 


21(1 + 0.47) 
2.53 - 1 


20.3 ft 


Total length = h + L = 21 + 20.3 — 41.3 ft 


7.4 ELEMENTS OF FLOW NET THEORY 


Let us consider the element shown in Fig. 7.3 taken from a soil mass through which 
we assume a steady-state laminar flow. Furthermore, assume that the permeability 
in the x, y, and z directions varies; the coefficients of permeability in the x, y, and 
z directions will, therefore, be designated ask" ky, and k" respectively. If the total 
head in the element is h, then the gradient in the x direction, over a distance dx, 


dx 



d;y dz 


Figure 7.3 q„ = quantity of flow into element in the x direction. q m 
— quantity of flow out of element in the x direction. 
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i s i x = -dh/dx, with the minus sign indicating a loss of head with distance in the 
direction of flow. The change in the gradient i„ per unit distance in the x direction 
may be written as di x /dx = —d 2 h/dx 2 . Thus, using Darcy s law, the component of 
flow into the element q„ is 


q , k x i x dA h x 
Similarly, the flow q xo out of the element is 


dh 

dx 


dy d z 


(a) 


^ = { k * + f; dx ){-f x -B dx ) dydz 

Expanding, we obtain 

l dh\ (. d 2 h dk x dh dk x d 2 h\ , , /V,-, 

(“W d,d ^^ ^ ’ 

Now let A q x represent the difference in water volume entering and exiting. Thus 
we have 


A q x = q x i - q x 


, d 2 h , dk x dh^dk x , d 2 h\ 
dx 2 dx dx dx dx 2 ) 


(c) 


If the permeability in the x direction does not change, then dkjdx - 0 and Eq. 
(c) becomes 


A q x = kj^dxdy dz 


(d) 


Similarly, the corresponding expression for flow in the y and z directions may be 
written as 


A q y = dx dy dz 

A q, = k z ^~dxdydz 
1 dz 2 

Thus, the expression for total flow is 

A q = A q x + A q y + A q t 

or 

/, d 2 h , ,d*A , , d 2 h\ 

A « = \ k *Jj +k >Jf +K^)dxdydz 


(e) 

(f) 


' dz 4 


(g) 


But since we assumed a steady-state condition, Ay = 0. Also, for two-dimensional 
flow (say, in the y-z plane), the flow in the y direction is zero. Hence, for two- 
dimensional flow and steady-state condition, Eq. (g) becomes 


d 2 h d 2 h\ , „ 


But since dx dy dz f 0, Eq. (h) becomes 

d 2 h . d 2 h 


(h) 
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Z 



X 


Figure 7.4 Stream lines and equipotential lines. 


For the special case where the permeability in both the * and the z directions is 
the same, Eq. 7-5 becomes 


dflh dflh 
dx 2 dz 2 


(7-4) 


This is Laplace’s equation, which gives the fundamental relationship for steady- 
state flow in isotropic soils. Simply, it states that gradient change in the x direction 
plus gradient change in the z direction equals zero. It represents the equation of 
families of two groups of curves that intersect in the x-z plane. One group is 
referred to as stream lines or flow lines’, the second group consists of lines of constant 
head, or equipotential lines. Furthermore, the lines of the groups intersect at right 
angles. This could be shown as follows. Let .S) and S 2 in Fig. 7.4 represent two 
stream lines, and H\ and H 2 two equipotential lines, as shown. Let v represent the 
tangential velocity of a fluid particle passing through a point M(x, z); the x 
and z components of v are v x and v z , as shown. Hence, vj v t = dx/ dz. But v x = 
— k ( dh/dx ) and v x — —k ( dh/dz ). Therefore, 

dx _ dh/dx 

dz dh/dz 


Along an equipotential line (say, Hi ) dh = 0. Thus, 


— dx + —dz= 0 
dx dz 


or 

dx_ dh/dz 
dz dh/ dx 

Equation (j) is the negative reciprocal of Eq. (i), thus completing the proof. 
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Plotting the flow or stream lines and the equipotential lines results in what is 
commonly referred to as a flow net, to be discussed in the next three sections, for 
two-dimensional flow. The more common condition of flow is for k x ^ k.. 

7.5 FLOW NETS—TWO-DIMENSIONAL FLOW 


Seepage losses through the ground or through earth dams and levees and the 
related flow pattern and rate of energy loss, or dissipation of hydrostatic head, are 
frequently estimated by means of a graphical technique known as a flow net (3). 

Figure 7.5 represents an example of a flow net. The path followed by a particle 
of water as it moves through a saturated soil mass is called a flow line or stream line. 
These are shown as solid lines. Assuming laminar flow (typical assumption for such 
analysis), the flow lines never cross each other. Each of the flow lines in Fig. 7.5 
starts at a point where the hydrostatic head is equal to h and ends up on the free 
surface where the hydrostatic head is equal to 0. The viscous friction in the soil 
mass has dissipated a hydrostatic head of value h in each of these flow lines along 
its path of flow. Hence, along each flow line there must be a point where the total 
head or energy is the same for any other line. A line that connects these points of 
equal head is called an equipotential line. In Fig. 7.5 the dashed lines are identified 
as equipotential lines. It is readily apparent that an infinite number of flow lines 
and corresponding equipotential lines exists for any given condition. 

The hydraulic gradient between two adjacent equipotential lines is the difference 
in head divided by the distance between these two lines, that is, i = A/i/AL. The 
gradient is a maximum along a flow path perpendicular to the equipotential lines. 
Since AZ. is the shortest distance, i has a maximum value for any given A h. Hence, 
the flow lines cross the equipotential lines at right angles, since in isotropic soil, 



Impervious 


Figure 7.5 Flow net for sheet pile cofferdam. 
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flow occurs along paths of greatest or steepest gradient. Therefore, the flow lines 
and the equipotential lines in Fig. 7.5 form a family of mutually orthogonally 
intersecting curves. This was shown in Section 7.4. 

Although an infinite number of flow lines and equipotentiallines could be drawn 
for any given condition, in drawing a flow net it is convenient to limit the number 
of flow lines and equipotentiallines. The number should be greatly influenced by 
one important consideration: the geometricfigures formed fly the equiPotentiallines and 
flow lines in the construction of a flow net should approach a square shape as much as 
possible. Obviously not all of the blocks in Fig. 7.5 are squares. What is important, 
however, is to proportion the majority of these figures into approximate squares. 
If this is adhered to, then (1) the diagonals of the "squares" will have approximately 
equal lengths, and (2) the intersection of the equipotential and flow lines will be 
a 90° angle. 

Figure 7.5 illustrates a flow net for a two-dimensional case. It assumes that all 
flow conditions in other parallel planes are similar. Although the flow of water 
through a soil mass usually poses a three-dimensional situation, the analysis for the 
three-dimensional case is rather complex and of limited practical value for the 
purpose of illustrating the fundamentals involved in flow net construction. Hence, 
our discussion will be limited to the two-dimensional case. 


7.6 BOUNDARY CONDITIONS 


Prior to the construction of a flow net, one needs to evaluate the hydraulic boundary 
conditions associated with that particular problem and, subsequently, establish the 
characteristics of the flow lines and equipoten tiallines. Sometimes these conditions 
are well defined and easily established. However, quite frequently the conditions 
have to be established on the basis of a combination of subsurface exploration and 
testing, reasonable assumptions, and sound judgment. 

For a given set of boundary conditions and steady-state flow through a soil mass, 
only one flow net could be drawn. Should the boundary conditions be altered, 
however, adequate time must be provided for the flow to reach steady state. Hence, 
a new flow net could be drawn to conform to the new or altered conditions. For 
example, let us assume that instead of the sheet piling wall shown in Fig. 7.5 we 
were to use a heavy concrete wall as shown in Example 7.2. Obviously the pattern 
of flow, and therefore the flow net, is appreciably different from that for the 
sheet piling case. Furthermore, should the stratum support a very heavy concrete 
overburden and be a highly compressible one, additional changes may occur in 
the flow rate as a result of the changes in the permeability of the soil mass. In fact, 
some time would pass before a steady flow would be resumed and until a new flow 
net could be drawn to reflect on the changed conditions. 

Let us refer to Fig. 7.5 and focus on the boundary conditions associated with 
this particular case: 

1. On the upstream face (face of the dam) line AB represents an equipotential 
line of a value equal to h. 

2. On the downstream face the surface of exit denoted by line DE is an equipo- 
tentialline of value equal to 0. 
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3. The line Em following on each side of the sheet piling is a flow line. 

4. The boundary between the pervious and the impervious strata designated 
by line FG is a flow line. 

The boundary conditions are not always as well defined or easily determined. 
For example, the delineation of a pervious and an impervious layer is not always 
as well established, nor is the degree of permeability and the transition from one 
to the other quite as idealistic as presented. Furthermore, frequently the stratum 
that is classified as pervious may indeed vary from the upstream to the downstream 
surface. Also, the hydrostatic head on the upstream side may vary with changes in 
topography (e.g., sedimentary deposits) and water elevation or pool level. 

The actual head at any time is the combination of pressure head and elevation 
head; the velocity head is inconsequential. In Fig. 7.5 we see manometers that could 
be used for direct measurement of the head. For any given equipotentialline, the 
reading on the manometers would be the same for the same equipotential line. 
This method could be used throughout the site and, in fact, is used on occasion 
to determine the new flow conditions when the boundary conditions appear to be 
appreciably altered or the flow appears to be different from that anticipated by the 
flow net determination. 

7.7 DRAWING OF FLOW NET FOR TWO-DIMENSIONAL FLOW 


Although flow nets for many hydraulic structures may be obtained experimentally 
via model studies, the graphical or trial-and-error method is generally the most 
practical, least expensive, quickest, most convenient, and, perhaps, the most com¬ 
mon. Other methods such as electrical analogy or mathematical analogies (4. 7, 
10) are generally more demanding, requiring special knowledge or elaborate equip¬ 
ment, or both. They are, however, sometimes used as a check on the graphical 
method. Hence, in this section we shall summarize the steps required for the 
successful determination or construction of a flow net. 

The following procedure should prove helpful in the construction of flow nets: 

1. Draw the hydraulic structure, the head water elevation (and tail water, if 
any), and the soil profiles to a convenient scale. 

2. Establish the boundary conditions. Usually this means two boundary flow 
lines and two boundary equipotentiallines. 

3. Sketch one flow line or one equipotentialline adjacent to a boundary flow 
line or a boundary equipotentialline. Keep in mind that they must intersect 
at right angles. 

4. Expand the sketching to more equipotential lines and flow lines, always 
keeping in mind that roughly square figures should result in the process. In 
spite of the fact that many of the figures are far from square (in fact, none 
are perfect squares), this procedure gives remarkably accurate results. 

5. Examine the flow net as it is drawn up to this point. It is very unlikely that 
a completely acceptable flow net will be obtained during the first trial. It is 
seldom that even the experienced sketcher will draw a totally acceptable or 
accurate flow net during the first trial. Hence, look for apparent flaws in the 
net result (usually nonsquare shapes and poor angles of intersection between 
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equipotential and flow lines) and redraw the flow net correcting some of 
these apparent inaccuracies. Usually two trial approaches are sufficient for 
most instances. 

Five or six flow lines are usually sufficient for most cases. In fact, too many flow 
lines, especially during the first trial, usually prove cumbersome and rather difficult 
to maintain in conformity with the stipulated conditions of squares and right angles. 


7.8 DETERMINATION OF SEEPAGE QUANTITY FROM FLOW NETS 


The typical soil mass is not isotropic. Normally the coefficient of permeability in 
the horizontal direction is considerably greater than that in the vertical direction. 
Flence, we must transform the section of the hydraulic structure to account for 
this difference. 

Let us refer to Fig. 7.5. In a general way we may think of the quantity of discharge 
q as the product of the number of flow paths n,f and the quantity of flow per flow 
path A q. Thus, 

q = n f Aq (a) 

The total head h is equal to the product of all the equipotential drops, n d , and the 
increment of head loss Ah. Thus we may express the above as 


h — n A Ah (b) 

From Darcy’s law the quantity of flow through any “square” is 

Aq=kib—k~b (c) 

where b represents the distance between flow paths, and l is the distance between 
equipotential lines, as shown in Fig. 7.5. Since we regard these as square figures 
and therefore l = b, Eq. (c) may be written as 

A q = kAh (d) 

Substituting Eqs. (a) and (b) into Eq. (d), we get 

q = — kh (7-5) 

n A 

One notes that the value of n { and, therefore, n d may vary for any given situation, 
but the ratio n,/ n A should remain a constant if the flow net is properly drawn. 

In the case of anisotropic soils (say, k x > It .), the flow net is drawn for the 
transformed section. In Fig. 7.6 we see the same section to transformed and natural 
scales. The quantities of flow A q T and Ae/ N through the two respective sections may 
be expressed by 

Aq-j = k e -j- b = k e Ah (a) 

and 


A hb 

' K r kjk l 


= k x 


Ah 

VkJ~k z 


a^ n = k . 


(b) 
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Flow 
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1 


Figure 7.6 (a) Transformed 

(a) (b) scale, (b) Natural scale. 


But A q T = Aq K . Thus, we have 

... , A h 

k e A h = k x - 

Vkjk t 

(c) 

Simplifying, we have 

k e = vX& 2 

(7-6) 

where k x = coefficient of permeability in x direction 



k, = coefficient of permeability in z direction 
k, = effective coefficient of permeability 

Example 7.2 _ 

Given k x = k L = 22 X 10“ 4 cm/s for arrangement shown in Fig. 7.7. 

Find (a) The seepage loss per meter of width, (b) The pressure heads (pore pressure) 
at the 12 points shown in Fig. 7.7. 

Procedure The flow net is drawn as shown in Fig. 7.7. 

(a) w f = 4, n A = 10. Thus, 

<7 = — kh = to (22 X 10 4 cm/s) (7 m) (100 cm/m) (100 cm/m width) 
w d 


Answer 


q = 61.60 cm 3 /s/m 


Point 

Elevation 

Head 

(m) 

Dissipated 

Head 

(m) 

Total 

Head 

(m) 

Pressure 

Head 

(m) 

1 

100.00 

0 

100.00 

0 

2 

93.00 

0 

100.00 

7.00 

3 

91.40 

0.70 

99.30 

7.90 

4 

89.40 

1.40 

98.60 

9.20 

5 

87.40 

2.10 

97.90 

10.50 

6 

86.30 

2.80 

97.20 

10.90 

7 

86.00 

3.50 

96.50 

10.50 

8 

86.30 

4.20 

95.80 

9.50 
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Figure 7.7 Flow net for a thin cutoff wall. 


Point 

Elevation 

Head 

(m) 

Dissipated 

Head 

(m) 

Total 

Head 

(m) 

Pressure 

Head 

(m) 

9 

87.40 

4.90 

95.10 

7.70 

10 

89.40 

5.60 

94.40 

5.00 

11 

91.40 

6.30 

93.70 

2.30 

12 

93.00 

7.00 

93.00 

0 


Answer 


Sample: (pressure head) 5 = 97.90 — 87.40 = 10.50 m 


Example 7.3 


Given k x = k, = 30 X 10 4 cm/s; other data as shown in Fig. 7.8. 
Find The quantity of discharge q per meter of width. 

Procedure n f = 4, n d = 11. Thus, 


? = 



n f 
«d 


(30 X 10' 4 cm/s) (6.5 m) 
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Impervious 

Figure 7.8 Flow net for a dam. 

or per 1 m = 100 cm of width, 

q = (n)(30 X 10~ 4 cm/s)(6.5 m)(100 cm/m)(100 cm/m width) 

Answer 

Example 7.4 __ ... _____ 

Given Refer to Example 7.3. For the given boundary values assume k, = 30 X 10 
cm/s, but k. = 6 X 10~ 4 cm/s. 

Find The quantity of discharge q per meter of width. 

Procedure Figure 7.9 shows the transformed section n { = 4, n A — 8. Thus, 

?= (V) k 'h=fyVkAh 

q = (|) (V30 X 6) (10 -4 ) (6.5 m) (100 cm/m) (100 cm/m width) 
q = 43.60 cm 3 /s/m 



Answer 


q = 4.3 X 10 5 mVs/m width 
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Example 7.5 _ 

Given k x = k z = 30 X 10~ 4 cm/s (see Example 7.3). There is a 5-m cutoff wall (only 
difference from Example 7.3). See Fig. 7.10. 

Find The quantity of discharge q per meter width. 

Procedure n f = 3.5, n d = 13. Thus, 

(30 X 10~ 4 cm/s) (6.5 m) (100 cm/m) (100 cm/m width) 

q = 52.50 cm 3 /s/m 



6.5 m 



5.5 m 




mmww 


Impervious 


Figure 7.10 Flow net for a concrete dam with cutoff wall. 
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Amwff 


q = 5.25 X 10- 5 m7s/m 


Note. In comparison with Example 7.3, the cutoff wall reduced q by 26%. 

7.9 SEEPAGE THROUGH EARTH DAMS 


The same basic idea employed in the construction of flow nets for underdam flow 
(concrete, cutoff walls, etc.) is applicable to earth dams. However, the boundary 
conditions for the latter must be adjusted as described below. 

The upstream face of the dam, AD in Fig. 7.11, is an equipotentialline; DC is a 
flow line. Line AB represents the top flow line. All the seepage through the dam 
occurs below this line. Furthermore, the pressure head is zero on all points on this 
line, that is, the pressure in the soil water is equal to atmospheric pressure, and 
therefore the total head is equal to the elevation head. This line, commonly referred 
to as a phreatic line, forms the upper flow boundary and is the line of demarcation 
between the saturated and the relatively dry soil in the earth dam. 

Except for the rock-filter toe, the material for the dam in Fig. 7.11 is assumed 
reasonably homogeneous and isotropic. Hence, the flow line AB is perpendicular 
to equipotential line AD, and the flow net would be shaped as shown. However, 
both the upstream and the downstream or discharge points may be different from 
those shown in Fig. 7.11, thereby resulting in a different flow line character. Figure 
7.12 shows some additional forms of dam cross sections and the corresponding 
upper or top flow lines. With the top flow line established and, therefore, the 
corresponding boundary condition determined, one may proceed to construct the 
flow net in the manner outlined previously. 

The top flow line is close to parabolic in shape for most of its length. It deviates 
from a parabola (the character of the deviation varies with the cross section of the 
dam, e.g.. Figs. 7.11 and 7.12) only at the upstream and downstream faces. Hence, 
Casagrande (1) suggests that the flow line be shaped as a parabola, with the necessary 
corrections at the upstream and downstream faces to be made by eye, so as to 
conform to the basic conditions for flow net sketching. 

The parabola is the locus of all points that are equidistant from a fixed point, 
called the focus, and a line, called the directrix. Figure 7.13 illustrates some basic 
characteristics of a parabola. Point 0, the vertex of the parabola and also a point 



Figure 7.11 Flow net for steady-state flow through a homogeneous dam. 
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\WA7AW 


Impervious 


Figure 7.12 Top flow lines for various earth dam cross sections. 

on the curve itself, is the midpoint of distance FE. By definition, since 0 represents 
a point on the curve, it must be equidistant between the focus and the directrix. 
Similarly, distances FA = AB and FD = DC, and so on. 

If vertex 0 is taken as the origin of the rectangular coordinates X, T, the equation 
of the parabola can be determined as follows: 



Figure 7.13 A parabola. 
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DC=?+X 


(a) 


(FDf=Y 2 +^x-?J (b) 

However, DC = FD, by definition. Hence, we have 

(l +x f‘ r ' + ( x -IJ < c > 

Simplifying Eq. (c), we get the equation of the parabola 

F 2 = 2 PX (7-7) 

where 2 P is the parameter of the parabola. 

The following discussion will reflect on the construction of the top flow line by 
fitting the parabola to the particular physical characteristics of the dams. 


CASE A Horizontal Underdrainage, Figure 7.14 

The case where the discharge is into a drainage gallery is typified by Fig. 7.14. The 
dam’s cross section is drawn to scale; that is, the slopes, water level, and drainage 
gallery are represented by a relative proportionate size. Hence, we may proceed to 
construct the top flow line for this case. 

Casagrande recommends that GS = 0.3 HS (Fig. 7.14). The focus point Tmay be 
assumed as the end of the drainage gallery, as shown. Since point G is on the 
parabola, distance GF = GI, by definition; that is, with GF as a radius and point G 
as a center, we can draw an arc that intersects the water line extension at point I. 
The vertical line through point / is the directrix IE. Point 0 is halfway between F 
and E. We now have points 0 and G on the parabola. As many additional points as 
desired may be obtained quite readily by keeping in mind that the distance from 
any point on the parabola to focus Tis the same as that to the directrix. For example, 
distances FJ = JK and FL = LM, thereby determining points /and /. on the parabola. 
The additional point (e.g., point L) can be located as follows. Draw a vertical line 
(parallel to the directrix) through an arbitrary point (say, N). With the distance 
from the directrix to that point (say, EN) as the radius and F as the center, draw 
an arc. The intersection of that vertical with the arc is a point on the parabola (say, 



Figure 7.14 Development of top flow line from parabola. 
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L). Once the parabola is constructed, a perpendicular is drawn to line AB at point 
S and gradually blended into the parabola curve. This could be done by eye. 

With the top flow line and thus the boundary line established, the rest of the 
flow lines and equipotential lines could be drawn to complete the flow net. q = 
(nd/ nf) kh gives the quantity of seepage, as previously described. 

CASE B Sloping Discharge Faces, Figure 7.15 

The discharge end of the parabola needs to be modified to fit the particular type 
of discharge face. Figure 7.15 depicts several configurations of downstream portions 
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of dams. In each of these sketches the focus pointFis the intersection of the bottom 
flow line with the discharge face. The angle a, which the discharge face makes with 
the horizontal, is measured clockwise. The segments designated Aa represent the 
actual distances from the breakout point R to the parabola. The segments desig¬ 
nated a are distances from the breakout point to the focus point F. The relationship 
between the slope of the discharge face a and the ratio Aa/ (a + Aa) is given in 
Fig. 7.15e (after A. Casagrande). 

With the focus point F established, the procedure for developing the parabola 
is much the same as described above and illustrated in Fig. 7.14. More specifically, 
let us reflect on the cross section shown in Fig. 7.15a. Once the cross section is 
drawn to scale, point Gis determined as shown. Flence, we have the distance GF 
as the radius of the arc FI whose center is G. Subsequently, we determine point /, 
the directrix, and point 0. Any other points, such as J, can be determined and, 
subsequently, the parabola drawn as shown. For the slope a the value of a + Aa = FS 
can be measured directly. Also, from Fig. 7.15e the value of A a/(a + Aa) can be 
obtained for the particular a. Subsequently, we determine the breakout point R. 
The transition section between R and the parabola can be sketched by eye; similarly 
the segment between F and the parabola can be completed as before to give us 
the top flow line. Note that Fig.7.15e is limited to angles aof30°to 180°. Incidentally, 
case A (Fig. 7.14) is a particular case for a = 180°. 

With the top flow line established, the flow net can be completed and the seepage 
quantity calculated. If the flow net resembles the flow net constructed from confocal 
parabolas (usually for a > 30°), the quantity of seepage can be calculated with 
acceptable accuracy by assuming a truly parabolic net. Using Darcy's law. 


q = kiA = 



(a) 


Referring to Fig. 7.13 and assuming unit dam thickness equals 1, the cross section 
for flow A becomes 


A = F(l) = Y 

From Eq. 7-7, Y = VZPX. Thus, 

A = V2 PX 

and 

dF_ P 
dX V2PX 

Thus, 


(b) 

(c) 


(7-8) 

The value of P may be easily related to the characteristics of the parabola shown 
in Fig. 7.14: 


FG= GI= m+ P 


(d) 


Also, 


(. FG ) 2 = h 2 + m~ 


(e) 
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Substituting, 

m + P = V/r + m 2 

Solving for P, we get 

P = V/t 2 + wt 2 — OT 

Thus, Eq. 7-8 becomes 

q = A(VA 2 + tw 2 — wi) 


(f) 

(g) 
(7-9) 


CASE C Nonhomogeneous Sections 

If the permeability of the soil changes along the flow paths, the flow lines are 
deflected at the junction point of the two soil masses. Figure 7.16 shows the flow 
lines entering and leaving the interface of two soil masses of permeability k, and 
k 2 . Lines AC and BD are equipotential lines. The drop in head over length TP and 
CD will be designated A h. Thus, 


*’(§)*> 

But AB/AC = tan a x and CD/BD = tan a,. Hence, 

k, _ tan O] 


When the permeability of the second mass is 10 times or more greater than that 
of the first, the second may be assumed as an open drain (no resistance to flow), 
and therefore no deflection correction is necessary. 

If stratification exists (e.g., k x > k.) and this is uniform throughout, the procedure 
consists of transforming, finding the effective permeability coefficient, and subse¬ 
quently proceeding to evaluate as described in Section 7.8. 



Figure 7.16 Change of direc¬ 
tion of flow line in soil masses 
of permeabilities A, and k 2 . 
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Example 7.6 _ 

Given See Fig. 7.17. 

Find The quantity of seepage, (a) Via parabolic flow net construction, (b) Via Eqs. 
7-8 and 7-9 per meter of width. 

Procedure Figure 7.18 shows the dam drawn to scale (arbitrarily selected). GS = 0.3 HS = 
30 m. Using G as center and GF as radius, an arc drawn as shown determines 
the directrix. At arbitrary points A, B, C, D, F, etc., draw verticals. With F as center 
and distances AE, BE, CE, DE, and FE as radii, we determine points 2, 3, 4, 5, 
and 1, respectively. These are points on the parabola, drawn as shown. Figure 
7.18b shows the flow net where the parabola curve from Fig. 7.18a was used in 
determining the top flow line. 

(a) From flow net, w f = 3; n d = 13, and q = ( n f /n d )kh. Thus, 

q = (|)(4X 10~ 4 cm/s) (40 m) (100 cm/m) (100 cm/m width) 


Answer 


q = 36.92 cm 3 /s/m width 


(b) From Eq. 7-8, 

q = kP 

where P~ distance EE, Fig. 7.18a; also see Fig. 7.14. P= 9.5 m as measured 
in Fig. 7.18a. Thus, 

q = (4 X 10~ 4 cm/s)(9.5 m)(100 cm/m) (100 cm/m width) 


Answer 


q = 38 cm 3 /s/m width 


From Eq. 7-9, 

q = k(\/ h 2 + m 2 — m ) 



Figure 7,17 Earth dam with under-drainage gallery. 
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Figure 7.18 (a) Dam drawn to scale and construction of parabola curve, (b) Construction 
of flow net using parabola construction as guide for top flow. 


From Fig. 7.18a (also see Fig. 7.14), M = 90 m and h — 40 m. Thus, 
q = *(V40 2 + 90 2 - 90) = *(8.49) 

q — (4 X 10~ 4 cm/s)(8.49m)(100cm/m)( 100 cm/m width) 


Answer 


q = 33.9 cm 3 /s/m width 


Problems 


7.1 Determine the seepage per lineal meter of wall under the sheet pile wall 
shown in Fig. P7.1 for * = 3 m, S = 6 m, ii=3m, and k x — k, — 6 X 10 4 
cm/s. 

7.2 For Problem 7.1 determine the pore pressures at each point where the 
equipotential lines meet the sheet piling on each side. See Example 7.2. 

7.3 Determine the seepage, per lineal meter of wall, under the sheet pile wall 
shown in Fig. P7.1 if h = 6 m, S = 12 m, d = 6 m, and k x = k z = 6 X 10~ 4 
cm/s. Compare this result with that from Problem 7.1 and reflect on the 
effect these changes have on the seepage quantity. In q = ( n { /n A )kh , would 
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Impervious Figure P7.1 Thin cutoff wall. 


one expect a change in nr! ndifthe above-mentioned changes were made? Ex¬ 
plain. 

7.4 For the data in Problem 7.3 determine the pore pressure at each point where 
the equipotential lines meet the sheet piling, on each side. How do these 
values compare with those of Problem 7.2? 

7.5 (a) Redraw the section in Fig. P7.5 to true scale and construct the flow 

net for this section. 

(b) Determine the seepage loss in cubic meters per day per meter of dam. 

7.6 (a) Redraw the section in Fig. P7.6 to true scale and construct the flow 

net for this section. 

(b) Determine the seepage loss in cubic meters per day per meter of dam. 

7.7 (a) Redraw the section in Fig. P7.7 to tme scale and construct the flow 

net for this section. 

(b) Determine the seepage loss in cubic meters per day per meter of dam. 



Impervious 


Figure P7.5 Concrete dam. 
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Figure P7.6 Concrete dam. 



k x = 7 x 10 5 cm/s 
k, = 1 x 10“ 5 cm/s 


\WAW WAVAW 

Impervious 


Figure P7.7 Concrete dam with cutoff wall. 


7.8 


7.9 


(a) Redraw the section in Fig. P7.8 to true scale and construct the flow 
net for this section. 

(b) Determine the seepage loss in cubic meters per day per meter of dam. 

(c) Compare the seepage loss of this problem to that of Problem 7.7. 
Does the location of the cutoff wall affect the seepage flow here? 

(a) Redraw the section in Fig. P7.9 to true scale and construct the flow 
net for this section. 

(b) Determine the seepage loss in cubic meters per day per meter of dam. 
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Figure P7.8 Concrete dam with cutoff wall. 



k x = 7 x 10 5 cm/s 
= 1 * 10 -5 cm/s 


wavaw mwAV 

Impervious 

Figure P7.9 Concrete dam with cutoff walls. 


7.10 


(c) Compare the seepage loss of this problem to that of Problem 7.8. Is 
it reasonable to assume that the seepage would be reduced directly 
as a function of the number of cutoff walls? Explain. 

(a) Redraw the section in Fig. P7.10 to true scale and construct the flow 
net for this section. 

(b) Determine the seepage loss in cubic meters per day per meter of dam. 



Problems 175 



Figure P7.10 Concrete dam. 


7.11 (a) Redraw the section in Fig. P7.ll to true scale and construct the flow 

net for this section. 

(b) Determine the seepage loss in cubic meters per day per meter of dam. 

7.12 (a) Redraw the section in Fig. P7.12 to true scale and construct the flow 

net for this section. 

(b) Determine the seepage loss in cubic meters per day per meter of dam. 

7.13 (a) Sketch the flow net for the example shown in Fig. P7.13. 

(b) Calculate the seepage from the flow net diagram. 

(c) Calculate the seepage by the formula of the parabolic case. 



Figure P7. 11 Concrete dam. 




Figure P7.14 Earth dam with downstream face-drainage filter. 


7.14 (a) Sketch the flow net for the example shown in Fig. P7.14. 

(b) Calculate the seepage from the flow net diagram. 

(c) Calculate the seepage by the formula of the parabolic case. 

7.15 (a) Sketch the flow net for the example shown in Fig. P7.15. 

(b) Calculate the seepage from the flow net diagram. 

(c) Calculate the seepage by the formula of the parabolic case. 
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Figure P7.16 Earth dam with toe rock filter. 


7.16 (a) Sketch the flow net for the example shown in Fig. P7.16. 

(b) Calculate the seepage from the flow net diagram. 

(c) Calculate the seepage by the formula of the parabolic case. 
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CHAPTER 8 


Stresses In Soils 


8.1 INTRODUCTION 


Within the context of geotechnical engineering analysis it is convenient to view the 
in-situ soil stress, at a given depth, in terms of the components of total stress: 

1. Stresses induced by the weight of the soil above that level 

2. Fluid pressures 

3. Stresses introduced by externally applied loads (if any) 

Such resolutions facilitate the evaluation and changes in current stress conditions 
due to different causes. For example, pore pressures may be altered by a fluctuating 
water table; perhaps this may affect the shear strength of a soil or the stability of 
a slope. Changes in the overburden loads (e.g., glaciers, buildings, excavation) 
may provide some reasonable basis for estimating bearing capacity, consolidation 
predictions, and the like. It is within the scope of the soil engineer's responsibility 
to assess the various stress conditions as they exist, to evaluate the effects of any 
changes, and to relate these findings to the proposed "project" requirements. 

It is difficult to measure with any degree of accuracy actual stresses in a soil mass 
by experimental means. For example, while piezometers are frequently used to 
estimate pore-pressure conditions, gauges embedded in a soil mass for the purpose 
of measuring stress are not really reliable; their very presence would disrupt the 
stress field that existed prior to their implantation. Hence, common approaches for 
estimating stresses entail a combination of experimental data, analytical evaluations, 
relevant experience, and engineering judgment. This chapter will be devoted pri¬ 
marily to the presentation of commonly used procedures for estimating stresses 
due to surface loads. 
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8.2 EFFECTIVE STRESS 


Stress is regarded as intensity of force, generally defined as load per unit area; 
symbolically, u = PIA. In soils, stresses are separated into (1) intergranular-stress 
resulting from particle-to-particle contact, and (2) pore water-the stress induced 
by water pressures. The former is commonly referred to as effective stress, while the 
latter is frequently termed neutral stress (or neutral pressure). The sum of the effective 
and neutral stresses is called the total stress. 

Depicting the various types of stresses is facilitated by Fig. 8.1. The analysis focuses 
on a sphere. A, selected at some arbitrary depth, h. as shown. In the analogy, the 
spheres are considered soil grains of weight W; W b represents the submerged weight 
of each sphere. The pore pressure due to the hydrostatic head, h, is Ywh and acts 


Totally 
submerged h 
spheres 



mwAW 



Resultant loads 


Analogous stresses 
Neutral, u 
(pore water) 


(a) 


(e) 


i = y w /r 



(b) 


(c) 


mwmv 

(d) 



(f) 


(g) 


w + Aw 


(h) 


Effective, a 
(intergranular) 


1111 


Total,o = a + w o = g + u 


G, + u + Aw 


cr +Aa 


<T, + Ac + w 


Figure 8.1 Analogy for illustrating neutral, effective, and total stresses in soils. 







8.2 Effective Stress 181 


in all directions perpendicular to the surface of the sphere. If "additional" loads, 
such as shown in Fig. 8.1c, are superimposed on the liquid, the pore pressure will 
increase correspondingly, say by u. The common symbol used to denote neutral 
or pore water stress is u. 

The effective stress on sphere A is induced by the contact forces that sphere A 
has to withstand. It is usually represented by (j. If sphere A supports N spheres of 
weigh tn { " as shown in Fig. 8.1 b. the effective stress is ~ n{,divided by an appropriate 
cross-sectional area. Any additional "surface" loads such as in Fig. 8.Id will corre¬ 
spondingly increase the stress, say by an amount equal to (j. Note that the addi¬ 
tional load in Fig. 8.1c is supported totally by the water and, therefore, does not 
affect the intergranular or effective stress. 

At the point of contact the stresses are not really meaningful, since the contact 
area is infinitesimal. It is convenient, therefore, to express the stress as the load 
divided by a more identifiable area. The gross area of the soil mass is a commonly 
used value. Correspondingly, any such stress is a nominal rather than an actual or 
true stress. 

The stress caused by the loads above sphere A (not including surcharge load P) 
might be analogous to the overburden supported by a soil particle. Such soil stresses 
are commonly referred to as geostatic stresses. 

Let us apply the above discussion to define corresponding vertical soil stresses 
in an element within a general state formation represented by Fig. 8.2. The effects 
from surface loads are not included; their influence will be explained in subsequent 
sections. The various stresses can be expressed as follows: 

Neutral stress 


u — y w h w 


(8-la) 


Effective stress 


o- = y A h x + y b /t w 


(8-lb) 


Total stress 


a = cr + u (8-lc) 

Am may be added to Eq. 8-la to account for any changes in the neutral stress (e.g., 
fluctuating water table, imposed pressures). 



Figure 8.2 Stresses on a soil el¬ 
ement. 
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8.3 STRESSES DUE TO SURFACE LOADS; BOUSSINESQ'S EQUATIONS 


In 1885Joseph Valentin Boussinesq advanced theoretical expressions for determin¬ 
ing stresses at a point within an "ideal" mass due to surface point loads (3). 
They are based on the assumption that the mass is an (1) elastic, (2) isotropic, (3) 
homogeneous, and (4) semi-infinite medium that extends infinitely in all directions from 
a level surface. Boussinesq's equations provide a widely-used basis for estimating the 
stresses within a soil mass caused by a concentrated load applied perpendicularly 
to the soil surface. In 1938 Westergaard (17) developed a solution for stresses within 
a soil mass by assuming the material to be reinforced by very rigid horizontal sheets 
that prevent any horizontal strain. Several load conditions based on Westergaard's 
development are mentioned in Appendix A. Within this chapter, Boussinesq's 
expressions will receive the primary focus. 

Boussinesq's equations may be expressed in terms of either rectangular or polar 
coordinates. Referring to the elements in Fig. 8.3, the equations are as follows: 


In rectangular coordinates 





f x 2 z , 1 — 2/u. 

r i 

(2ft + z) x 2 

_*_"]) 

[ft 5 

3 

Lft(ft+z) 

ft 3 (ft+ z) 2 

ft 3 Ji 

JV* ^ 1 - 

| 1 

(2ft + z)? 2 

-—11 

[ft 5 

3 

_ft(ft+ z) 

ft 3 (ft+ z) 2 

ft 3 JJ 


(8-2a) 

(8-2b) 

(8-2c) 



Figure 8.3 Stresses on elements due to concentrated load Q. (a) Rectangular coordinate 
notation, (b) Polar coordinate notation. 
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3 Q_ x£ 
2tt1? 


Txy 2 TT 


xyz 1—2/a (2 R + z) xy 
_ R 5 3 R 3 (R+ z) 2 _ 


(8-2d) 


(8-2e) 


j 

,l 2 tt R 5 

In polar coordinates 

_ Q 3z 3 _ Q 

2tr (r 2 + z 2 ) 3/2 2t7z 2 


(3 cos 5 0) 


2zr L 


3^ _ 1 - 2/z 

(r 2 + z 2 ) 5/2 ^ + z 2 + Z V7T7 


3 sin 2 6 cos 3 6 


3 (1 — 2/H.) cos 2 0 


1 + cos 0 


(8-3b) 


lo- 2 ") 


(r 2 + z 2 ) 3 


= “ “ 2 ^ cos30 ' 


r 2 + z 2 4- zVr+7. 

cos 2 0 
1 + cos 8 


g 3rz 3 Q 


T " 2?t (r 2 + z 2 ) 5/2 = 2^ (3 sin 0cos4 < 8 - 3d ) 

In the above equations jx designates Poisson’s ratio, which varies between 0 and 
0.5. Although Poisson’s ratio may be readily obtained from tables for most materials, 
for soil it cannot. In fact, the experimental results in this regard vary widely and 
are inconclusive. Because it simplified some of the equations (e.g., Eqs. 8-2c, 8-2e, 
8-3b, and 8-3c), many engineers have used a value of p. = 0.5. 

The expression for vertical stress, designated cr z , is regarded as reasonably accurate 
and is widely used in problems associated with bearing capacity and settlement 
analysis. Hence, it is this expression that is primarily discussed in this chapter. 

Equation 8-3a is more conveniendy expressed in a slightly different form, as 
shown by Eq. 8-4. 


_ Q 

^ z 2 [(r/z) 2 + 1] 5/2 


&7L - 

z 2 


where A/, commonly referred to as the vertical stress coefficient, is given by 

3 


[(r/z) 2 + 1] 5/2 

Table 8.1 gives the values of Boussinesq’s vertical stress coefficient for various ratios 
of r/z. 
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Table 8.1 

Values of Boussinesq's Vertical Stress Coefficient 

n b 

r/z 

No 

r/z 

No 

r/z 

No 

r/z 

No 

0.00 

0.47746 

2.45 

0.00368 

4.90 

0.00015 

7.35 

0.00002 

0.05 

0.47449 

2.50 

0.00337 

4.95 

0.00015 

7.40 

0.00002 

0.10 

0.46573 

2.55 

0.00310 


0.00014 

7.45 

0.00002 

0.15 

0.45163 

2.60 

0.00285 

5.05 

0.00013 

7.50 

0.00002 

0.20 

0.43287 

2.65 

0.00262 

5.10 

0.00013 

7.55 

0.00002 

0.25 

0.41032 

2.70 

0.00241 

5.15 

0.00012 

7.60 

0.00002 

0.30 

0.38492 

2.75 

0.00223 

5.20 

0.00011 

7.65 

0.00002 

0.35 

0.35766 

2.80 

0.00206 

5.25 

0.00011 

7.70 

0.00002 

0.40 

0.32946 

2.85 

0.00190 

5.30 

0.00010 

7.75 

0.00002 

0.45 

0.30111 

2.90 

0.00176 

5.35 

0.00010 

7.80 

0.00002 

0.50 

0.27332 

2.95 

0.00163 

5.40 

0.00010 

7.85 

0.00002 

0.55 

0.24660 

3.00 

0.00151 

5.45 

0.00009 

7.90 

0.00001 

0.60 

0.22136 

3.05 

0.00140 

5.50 

0.00009 

7.95 

0.0000 I 

0.65 

0.19784 

3.10 

0.00130 

5.55 

0.00008 

8.00 

0.00001 

0.70 

0.17619 

3.15 

0.00121 

5.60 

0.00008 

8.05 

0.00001 

0.75 

0.15646 

3.20 

0.00113 

5.65 

0.00008 

8.10 

0.00001 

0.80 

0.13862 

3.25 

0.00105 


0.00007 

8.15 

0.00001 

0.85 

0.12262 

3.30 

0.00098 

5.75 

0.00007 

8.20 

0.00001 

0.90 

0.10833 

3.35 

0.00091 

5.80 

0.00007 

8.25 

0.00001 

0.95 

0.09564 

3.40 

0.00085 

5.85 

0.00006 

8.30 

0.00001 

1.00 

0.08440 

3.45 

0.00080 

5.90 

0.00006 

8.35 

0.00001 

1.05 

0.07449 

3.50 

0.00075 

5.95 

0.00006 

8.40 

0.00001 

1.10 

0.06576 

3.55 

0.00070 

6.00 

0.00006 

8.45 

0.00001 

1.15 

0.05809 

3.60 

0.00066 

6.05 

0.00006 

8.50 

0.00001 

1.20 

0.05134 

3.65 

0.00062 

6.10 

0.00005 

8.55 

0.00001 

1.25 

0.04543 

3.70 

0.00058 

6.15 

0.00005 

8.60 

0.00001 

1.30 

0.04023 

3.75 

0.00054 

6.20 

0.00005 

8.65 

0.00001 

1.35 

0.03568 

3.80 

0.00051 

6.25 

0.00005 

8.70 

0.00001 

1.40 

0.03168 

3.85 

0.00048 

6.30 

0.00005 

8.75 

0.00001 

1.45 

0.02816 

3.90 

0.00045 

6.35 

0.00004 

8.80 

0.00001 

1.50 

0.02508 

3.95 

0.00043 

6.40 

0.00004 

8.85 

0.00001 

1.55 

0.02236 

4.00 

0.00040 

6.45 

0.00004 

8.90 

0.00001 

1.60 

0.01997 

4.05 

0.00038 

6.50 

0.00004 

8.95 

0.00001 

1.65 

0.01786 

4.10 

0.00036 

6.55 

0.00004 

9.00 

0.00001 

1.70 

0.01600 

4.15 

0.00034 

6.60 

0.00004 

9.05 

0.00001 

1.75 

0.01436 

4.20 

0.00032 

6.65 

0.00003 

9.10 

0.0000 I 

1.80 

0.01290 

4.25 

0.00030 

6.70 

0.00003 

9.15 

0.00001 

1.85 

0.01161 

4.30 

0.00028 

6.75 

0.00003 

9.20 

0.00001 

1.90 

0.01047 

4.35 

0.00027 


0.00003 

9.25 

0.00001 

1.95 

0.00945 

4.40 

0.00026 

6.85 

0.00003 

9.30 

0.00001 

2.00 

0.00854 

4.45 

0.00024 

6.90 

0.00003 

9.35 

0.00001 

2.05 

0.00774 

4.50 

0.00023 

6.95 

0.00003 

9.40 

0.0000 I 

2.10 

0.00701 

4.55 

0.00022 

7.00 

0.00003 

9.45 

0.00001 

2.15 

0.00637 

4.60 

0.00021 

7.05 

0.00003 

9.50 

0.00001 

2.20 

0.00579 

4.65 

0.00020 


0.00003 

9.60 

0.00001 

2.25 

0.00528 

4.70 

0.00019 

7.15 

0.00002 

9.70 

0.00001 

2.30 

0.00481 

4.75 

0.00018 

7.20 

0.00002 

9.80 

0.00001 

2.35 

0.00440 

4.80 

0.00017 

7.25 

0.00002 

9.90 

0.00000 

2.40 

0.00402 

4.85 

0.00016 

7.30 

0.00002 

10.00 

0.00000 
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Example 8.1 


Given (7, a concentrated point load, acts vertically at the surface. 

Find Vertical stress <x. distribution along the depth for r = 2 m. 

Procedure Using Eq. 8-5, we have er, = ( Q/z 2 )N a , where .V B may be obtained from Table 
8.1. For r = 2 m, the values of <x 2 at various arbitrarily selected depths, as shown 
in Fig. 8.4, are given in the following table. The distribution of cr 2 with depth is 
shown in Fig. 8.4. 


Zi (m) 

r/z 


z 2 

Q/z 2 

m((?/nr) 

0 

00 

0 

0 

00 

Indeterminate 

0.4 

5.0 

0.00014 

0.16 

6.250(7 

0.0009(2 

0.8 

2.5 

0.00337 

0.64 

1.563(7 

0.0053(2 

1.2 

1.67 

0.01712 

1.44 

0.694(7 

0.0119(2 

1.6 

1.25 

0.04543 

2.56 

0.391(2 

0.0178(2 

2.0 

1.0 

0.08440 

4.00 

0.250(2 

0.0211(2 

2.4 

0.83 

0.12775 

5.76 

0.174(2 

0.0222 Q 

2.8 

0.71 

0.17035 

7.84 

0.128(2 

0.0217Q 

3.6 

0.56 

0.24372 

12.96 

0.0772(2 

0.0188(2 

5.0 

0.40 

0.32946 

25.00 

0.0400(7 

0.0132(7 

10.0 

0.2 

0.43287 

100.00 

0.0100(7 

0.0043Q 


Example 8.2 _ 

Given (7, a concentrated point load, acts vertically at the surface. 

Find Vertical stress a. distribution for depth z = 2 m. 

Procedure ,V B may be found from Table 8.1. cr, is given in the following table for various 
values of r, as shown in Fig. 8.5. 


r(m) 

r/z 

n r 

z 2 

(7/U 

o-AQ/m 2 ) 

0 

0 

0.47746 

4.0 

0.25(2 

0.1194(2 

0.4 

0.2 

0.43287 

4.0 

0.25(2 

0.1082(2 

0.8 

0.4 

0.32946 

4.0 

0.25(2 

0.0824(2 

1.2 

0.6 

0.22136 

4.0 

0.25(2 

0.0553(2 

1.6 

0.8 

0.13862 

4.0 

0.25(2 

0.0347(2 

2.0 

1.0 

0.08440 

4.0 

0.25(7 

0.0211(2 

2.4 

1.2 

0.05134 

4.0 

0.25 Q 

0.0129(7 

2.8 

1.4 

0.03168 

4.0 

0.25Q 

0.0079(2 

3.6 

1.8 

0.01290 

4.0 

0.25(7 

0.0032(2 

5.0 

2.5 

0.00337 

4.0 

0.25(7 

0.0008(2 

10.0 

5 

0.00014 

4.0 

0.25(7 

o.oooiQ 
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Example 8.3 _ 

Given Q, a concentrated point load, acts vertically at the surface. 

Find (a) cr z for various values of horizontal distances r and at z = 1, 2, 3, and 4 m. 
(b) Plot the (T z distribution for z = 1, 2, 3, and 4 m. 

Procedure Table 8.1 will be used to determine jV B . tr, for z = 2 m was determined in Example 
8.2. cr, for z = 1, 3, 4 m is given in the following tables. The a, distributions are 
shown in Fig. 8.6. 


o 



Figure 8.6 cr z distribution with horizontal distance from the point of surface load at 
several depths. 
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z = 1 m 


r(m) 

r/z 

Nb 

z 2 

Q/z 2 

MQ/m 2 ) 

0 

0 

0.47746 

1 

Q 

0.47746Q 

0.4 

0.4 

0.32946 

1 

Q 

0.32946(2 

0.8 

0.8 

0.13862 

1 

Q 

0.13862Q 

1.2 

1.2 

0.05134 

1 

Q 

0.05134Q 

1.6 

1.6 

0.01997 

1 

Q 

0.01997Q 

2.0 

2.0 

0.00854 

1 

Q 

0.00854(2 

2.4 

2.4 

0.00402 

1 

q 

0.00402(2 

2.8 

2.8 

0.00206 

1 

Q 

0.00206(2 

3.6 

3.6 

0.00066 

1 

Q 

0.00066(2 

5.0 

5.0 

0.00014 

1 

Q 

0.00014(2 

10 

10 

0.00000 

1 

Q 

o.oooooq 




z = 3 

m 



r(m) 

r/z 

n b 

2 2 

Q/z 2 

a-ZQ/n/) 

0 

0 

0.47746 

9 

Q/9 

0.0531 Q 

0.4 

0.1333 

0.45630 

9 

Q/9 

0.0507 Q 

0.8 

0.2666 

0.40200 

9 

Q/9 

0.0447(2 

1.2 

0.4000 

0.32950 

9 

Q/9 

0.0366(2 

1.6 

0.5333 

0.25555 

9 

Q/9 

0.0284(2 

2.0 

0.6666 

0.19060 

9 

Q/9 

0.0212(2 

2.4 

0.8000 

0.13862 

9 

Q/9 

0.0154(2 

2.8 

0.9333 

0.09983 

9 

Q/9 

o.oniQ 

3.6 

1.2000 

0.05134 

9 

Q/9 

0.0057(2 

5.0 

1.6666 

0.01710 

9 

Q/9 

0.0019(2 

10 

3.3333 

0.00095 

9 

Q/9 

o.oooiq 




Z = 

4 m 



r(m) 

r/z 

N B 

z 2 

Q/z 2 

o-AQ/m 1 ) 

0 

0 

0.47746 

16 

Q/16 

0.02984Q 

0.4 

0.1 

0.46573 

16 

Q/ 16 

0.02911 Q 

0.8 

0.2 

0.43287 

16 

<2/16 

0.02705 Q 

1.2 

0.3 

0.38492 

16 

<2/16 

0.02406Q 

1.6 

0.4 

0.32946 

16 

Q/16 

0.02059 Q 

2.0 

0.5 

0.27332 

16 

<2/16 

0.01708(2 

2.4 

0.6 

0.22136 

16 

Q/16 

0.01384(2 

2.8 

0.7 

0.17619 

16 

Q/16 

0.01101Q 

3.6 

0.9 

0.10833 

16 

Q/16 

0.00677(2 

5.0 

1.25 

0.04543 

16 

Q/16 

0.00284(2 

10 

2.50 

0.00337 

16 

Q/16 

0.00021 Q 
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8.4 DISTRIBUTION OF PRESSURE FROM POINT LOAD 


An analysis of Eq. 8-4 reveals that the intensity of vertical stress at a point within a 
soil mass caused by a given surface point load decreases with an increase in the 
depth and radial distance from the load to the point within the mass. This is made 
readily apparent by viewing the plotted results in Example 8.3 (Fig. 8.6). For 
convenience these results are reintroduced as part of Fig. 8.7. 

The intensity of the vertical stress, u'z. at various depths and radial distances is 
plotted to a uniform scale for all four graphs of Fig. 8.6 and is schematically 
represented in Fig. 8.7 by the arrows under the dashed lines. If one were to connect 
the points of equal stress for various depths, the result would be a series of pressure 
bulbs, as indicated by the solid lines in Fig. 8.7. That is, the pressure at each point 
of a particular pressure bulb has the same value. Hence, any number of pressure 
bulbs may be drawn for any given load, with each pressure bulb representing a 


0 



Figure 8.7 Distribution of vertical stress <r. induced by point load Q_. Dashed lines 
represent the a. distribution for various cr. values at depth z; solid lines connect points 
of equal stress. 
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particular stress magnitude. The value of any given pressure bulb could be obtained 
by merely reading the intensity of 0 ", corresponding to the point where the solid 
line intersects any of the dashed lines. 


8.5 PRESSURE CAUSED BY UNIFORMLY LOADED LINE OF FINITE LENGTH 


Boussinesq's expression for the vertical stress 0 ", as given by Eq. 8-2a is not directly 
applicable for the determination of vertical stresses induced by line loads, perhaps 
typified by continuous-wall footings. It can be modified, however, to provide us 
with a tool for estimating the vertical stress or pressure from a line load. 

Figure 8.8 shows a line load applied at the surface. For an element selected at 
an arbitrary fixed point in the soil mass, an expression for 0 ", could be derived by 
integrating Boussinesq's expression for point load as given by Eq. 8-2a. The line 
load is assumed to be of equal intensity q and applied at the surface. Furthermore, 
one notes that the intensity of q is expressed as a force per unit length (perhaps 
kilonewtons per meter or kips per foot). 

With these assumptions established, the expression for 0 ", can be determined as 
follows. From Eq. 8-2a, 


_ 3z 3 ft q dy 
2tt J o R 5 

where R = V x 2 + y 2 + z 2 . Thus, we have 


(a) 


_3z 3 ft q d y 

0-2 ~ 2tt Jo(x 2 + f- + z 2 ) 5/2 

For a specific location of the element, % and z are constants (x and z in Fig. 8.8). 

Let x- + z~ = S 2 , and y = S tan (3. Then dy = S sec 2 (3 d/3. Equation (b) becomes 

a _ 3z3 9 f 5 sec 2 (3 d/3 _ 3z 3 q r S ec 2 (3 d/3 

2 2n J S 5 ( 1 + tan 2 /3) 5/2 2jtS 4 J (I + tan 2 /3) 5/2 (c) 



Figure 8.8 Vertical stress cr z induced by line loads. 
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But 1 + tan 2 /3 = sec 2 /3. Then Eq. (c) becomes 

3z 3 q f sec 2 (3 d/3 _ 3 z 3 q r d/3 _ 3z 3 q 


o% 


<r z 


2nS 4 J (sec 2 /!) 572 2 jtS 4 J sec 3 f3 2 ttS 4 


f df3 3z’q f , „ 

l^e-^l C05 0dl3 


3z 3 q 
2 ttS 4 


sin /3 — 


sin 3 /3 


(d) 


From Fig. 8.8, tan (3 — y/S and sin [3 = y/R = y/Vx 2 + y 2 + z 2 . Thus, substituting 
into Eq. (d), we get 

3 z 3 q 


2tt(x 2 + z~) 2 lVx 2 + y 2 + z 2 3 \Vx 2 + y 2 + z 2 


Rearranging, 


q/z 

3(y 2 /z 2 ) 1/2 

( (r/z 2 ) 1/2 VI 

2tt(x 2 / z 2 + l) 2 

_Vy 2 /z 2 + 1 + x 2 /z 2 

\Vy 2 /z 2 + 1 + x~/ z 2 / . 


If we let (x/z) = m and (y/z) = n, Eq. (e) becomes 


or 


where 


A = 


q/z 

3 n 

( " VI 

2 n(m 2 + l) 2 

_Vw 2 + 1 + m~ 

V V n 2 + 1 + m 2 / . 


<T z = ^Po 



z 


1 

3n 

( n V 

2 TT(mr + l) 2 

_ V n 2 + 1 + m 2 

Wn 2 + 1 + mr) _ 


(e) 


( 8 - 6 ) 


(8-6a) 


Values for Po for various combinations of m and n are given in Table 8.2. In 
using Table 8.2 one notes that the values for m and n are not interchangeable. 
Furthermore, for values of m and n falling within the range of those given in the 
table, a straight-line interpolation may be assumed. 

The application of this expression and the use of Table 8.2 are illustrated by 
Examples 8.4 and 8.5. If the point at which the stress is desired lies between the 
two ends of the line, the effects of the load on that point are evaluated separately 
on each side of the point and subsequently added. On the other hand, if the point 
lies beyond the end of the line, the value of oi is that produced by the full length 
of the extended line minus the effect of the extension. 


Example 8.4 


Given q = 100 kN/m (22.5 kip/m = 6.85 kip/ft). 

Find a t at points 0, 1, and 2 shown in Fig. 8.9. 

Procedure (a) Point 0. m = x/z = 2/4; n = y/z = 3.2/4. From Table 8.2, P n — 0.15775. 
Thus, 


100 kN 


(0.15775) 


°7o 


■1 
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Table 8.2 Influence Values for Case of Line Load of Finite Length Uniformly Loaded 

(Boussinesq Solution) 


m 

0.1 

0.2 

0.3 

0.4 

0.5 

n 

0.6 

0.7 

0.8 

0.9 

1.0 

1.2 

1.4 

0.0 

0.04735 

0.09244 

0.13342 

0.16917 

0.19929 

0.22398 

0.24379 

0.25947 

0.27176 

0.28135 

0.29464 

0.30277 

0.1 

0.04619 

0.09020 

0.13023 

0.16520 

0.19470 

0.21892 

0.23839 

0.25382 

0.26593 

0.27539 

0.28853 

0.29659 

0.2 

0.04294 

0.08391 

0.12127 

0.15403 

0.18178 

0.20466 

0.22315 

0.23787 

0.24947 

0.25857 

0.27127 

0.27911 

0.3 

0.03820 

0.07472 

0.10816 

0.13764 

0.16279 

0.18367 

0.20066 

0.21429 

0.22511 

0.23365 

0.24566 

0.25315 

0.4 

0.03271 

0.06406 

0.09293 

0.11855 

0.14058 

0.15905 

0.17423 

0.18651 

0.19634 

0.20418 

0.21532 

0.22235 

0.5 

0.02715 

0.05325 

0.07742 

0.09904 

0.11782 

0.13373 

0.14694 

0.15775 

0.16650 

0.17354 

0.18368 

0.19018 

0.6 

0.02200 

0.04322 

0.06298 

0.08081 

0.09646 

0.10986 

0.12112 

0.13045 

0.13809 

0.14430 

0.15339 

0.15931 

0.7 

0.01752 

0.03447 

0.05035 

0.06481 

0.07762 

0.08872 

0.09816 

0.10608 

0.11265 

0.11805 

0.12607 

0.13140 

0.8 

0.01379 

0.02717 

0.03979 

0.05136 

0.06172 

0.07080 

0.07862 

0.08525 

0.09082 

0.09546 

0.10247 

0.10722 

0.9 

0.01078 

0.02128 

0.03122 

0.04041 

0.04872 

0.05608 

0.06249 

0.06800 

0.07268 

0.07663 

0.08268 

0.08687 

1.0 

0.00841 

0.01661 

0.02441 

0.03169 

0.03832 

0.04425 

0.04948 

0.05402 

0.05793 

0.06126 

0.06645 

0.07012 

1.2 

0.00512 

0.01013 

0.01495 

0.01949 

0.02369 

0.02752 

0.03097 

0.03403 

0.03671 

0.03905 

0.04281 

0.04558 

1.4 

0.00316 

0.00626 

0.00927 

0.01213 

0.01481 

0.01730 

0.01957 

0.02162 

0.02345 

0.02508 

0.02777 

0.02983 

1.6 

0.00199 

0.00396 

0.00587 

0.00770 

0.00944 

0.01107 

0.01258 

0.01396 

0.01522 

0.01635 

0.01828 

0.01979 

1.8 

0.00129 

0.00256 

0.00380 

0.00500 

0.00615 

0.00724 

0.00825 

0.00920 

0.01007 

0.01086 

0.01224 

0.01336 

2.0 

0.00085 

0.00170 

0.00252 

0.00333 

0.00410 

0.00484 

0.00554 

0.00619 

0.00680 

0.00736 

0.00836 

0.00918 

2.5 

0.00034 

0.00067 

0.00100 

0.00133 

0.00164 

0.00194 

0.00224 

0.00252 

0.00278 

0.00303 

0.00349 

0.00389 

3.0 

0.00015 

0.00030 

0.00045 

0.00060 

0.00074 

0.00088 

0.00102 

0.00115 

0.00127 

0.00140 

0.00162 

0.00183 

4.0 

0.00004 

0.00008 

0.00012 

0.00016 

0.00020 

0.00024 

0.00027 

0.00031 

0.00035 

0.00038 

0.00045 

0.00051 

5.0 

0.00001 

0.00003 

0.00004 

0.00006 

0.00007 

0.00008 

0.00010 

0.00011 

0.00012 

0.00013 

0.00016 

0.00018 

6.0 

0.00001 

0.00001 

0.00002 

0.00002 

0.00003 

0.00003 

0.00004 

0.00005 

0.00005 

0.00006 

0.00007 

0.00008 

8.0 

0.00000 

0.00000 

0.00000 

0.00001 

0.00001 

0.00001 

0.00001 

0.00001 

0.00001 

0.00001 

0.00002 

0.00002 

10.0 

0.00000 

0.00000 

0.00000 

0.00000 

0.00000 

0.00000 

0.00000 

0.00000 

0.00000 

0.00000 

0.00001 

0.00001 


Ansiver 


a z o = 3.944 kN/nr (82.4 lb/ft 2 ) 


(b) Point 1. cr tl = cr, L due to load on left + ctr due to load on right of point 1. 
From Fig. 8.10a and Table 8.2, P 0 = 0.06534. Thus, 

cr : L = -HP (0.06534) = 1.634 
From Fig. 8.106 and Table 8.2, P nR = 0.12578. Thus, 

<r :R = t 2 (0.12578) = 3.144 
er., = 4.778 kN/m 2 


Example 8.5 _ 

Given Two walls loaded as shown in Fig. 8.11. 
Find Stress q A , at z = 8 m below point A. 
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Table 8.2 ( Continued ) 


1.6 

1.8 

2.0 

2.5 

3.0 

n 

4.0 

5.0 

6.0 

8.0 

10.0 

00 

0.30784 

0.31107 

0.31318 

0.31593 

0.31707 

0.31789 

0.31813 

0.31822 

0.31828 

0.31830 

0.31831 

0 30161 

0.30482 

0.30692 

0.30966 

0.31080 

0.31162 

0.31186 

0.31195 

0.3120' 

0.31203 

0.31204 

0 28402 

0.28716 

0.28923 

0.29193 

0.29307 

0.29388 

0.29412 

0.29421 

0.29427 

0.29428 

0.29430 

0 25788 

0.26092 

0.26293 

0.26558 

0.26670 

0.26750 

0.26774 

0.26783 

0.26789 

0.26790 

0.26792 

0 22683 

0.22975 

0.23169 

0.23426 

0.23535 

0.23614 

0.23638 

0.23647 

0.23653 

0.23654 

0.23656 

0.19438 

0.19714 

0.19899 

0.20147 

0.20253 

0.20331 

0.20354 

0.20363 

0.20369 

0.20371 

0.20372 

0 16320 

0.16578 

0.16753 

0.16990 

0.17093 

0.17169 

0.17192 

0.17201 

0.17207 

0.17208 

0.17210 

0 13496 

0.13735 

0.13899 

0.14124 

0.14224 

0.14297 

0.14320 

0.14329 

0.14335 

U. 14336 

0.14338 

0 11044 

0 11264 

0.11416 

0.11628 

0.11723 

0.11795 

0.11818 

0.11826 

0.11832 

0.11834 

0.11835 

0 08977 

0.09177 

0.09318 

0.09517 

0.09608 

0.09677 

0.09699 

0.09708 

0.09713 

0.09715 

0.09716 

0.07270 

0.07452 

0.07580 

0.07766 

0.07852 

0.07919 

0.07941 

0.07949 

0.07955 

0.07957 

0.07958 

0 04759 

0.04905 

0.05012 

0.05171 

0.05248 

0.05310 

0.05330 

0.05338 

0.05344 

0.05345 

0.05347 

0 03137 

0.03253 

0.03340 

0.03474 

0.03542 

0.03598 

0.03617 

0.03625 

0.03630 

0.03632 

U.U3633 

0 02097 

0.02188 

0.02257 

0.02368 

0.02427 

0.02478 

0.02496 

0.02504 

0.02509 

0.02510 

0.02512 

0 01425 

0.01496 

0.01551 

0.01643 

0.01694 

0.01739 

0.01756 

0.01765 

0.01768 

0.01769 

0.01771 

0.00986 

0.01041 

0.01085 

0.01160 

0.01203 

0.01244 

0.01259 

0.01266 

0.01271 

0.01272 

0.01273 

0 00424 

0 00453 

0.00477 

0.00523 

0.00551 

0.00581 

0.00593 

0.00599 

0.00603 

0.00605 

0.00606 

0 00201 

0.00217 

0.00231 

0.00258 

0.00277 

0.00298 

0.00307 

0.00312 

0.00316 

0.00317 

0.00318 

0 00057 

0.00063 

0.00068 

0.00078 

0.00086 

0.00096 

0.00102 

0.00105 

0.00108 

0.00109 

0.00110 

0 00021 

0.00023 

0.00025 

0.00029 

0.00033 

0.00038 

0.00041 

0.00043 

0.00045 

0.00046 

0.00047 

0.00009 

0.00010 

0.00011 

0.00013 

0.00014 

0.00017 

0.00019 

0.00020 

0.00022 

0.00023 

0.00023 

0 00002 

0.00002 

0.00003 

0.00003 

0.00004 

0.00005 

0.00005 

0.00006 

0.00007 

0.00007 

0.00008 

0.00001 

0.00001 

0.00001 

0.00001 

0.00001 

0.00002 

0.00002 

0.00002 

0.00003 

0.00003 

0.00004 



Figure 8.9 Line surface load. 
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mr 


-1 m-► 

--2.2 m-~ 



TTTTTTTT1 

^ l 

--2.2 m-- 


(a) 


(b) 


Figure 8.10 (a) Left load. ( b) Right load. 


Solution Wall BC 

x 3 26 

26m m = - = § = 0.375; n = ^ = 3.25 =>/(m, w) = 0.26 
z 8 8 

3 4 

m = -; n = -=>f(m,ri)= 0.15 
8 8 

<7 BC = - (0.26 + 0.15) = ^ (0.41) = 3.1 kN/m 2 
z 8 

Watt CD 


3m m = | = 0.5; n = § = 0.375 =>/(m, n) = 0.09 
8 8 

4 17 

17m ?» = -; w = — = 2.125 =>/(w, n) = 0.2 

8 8 

70 

?cd = (0.2 + 0.09) = 2.5 kN/m 2 

8 


Total 


q A = 3.1 + 2.5 = 5.6 kN/m 2 



Figure 8.11 cr. induced by a 
line load. 
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(c) Point 2. <t, 2 = (7, due to actual plus extra load — a z due to extra load. 
From Fig. 8.12« and Table 8.2, P 0 = 0.1735 and from Fig. 8.12ft, 
P 0 = 0.05325. Thus, 

a z2 = t 2 (0.1735 - 0.0532) 


Answer 



8.6 UNIFORMLY LOADED CIRCULAR AREA 


The unit vertical stress on any given depth could be determined with acceptable 
accuracy by extending Boussinesq’s equation 8-2a to a uniformly loaded circular 
area. 

Two separate cases of the vertical stress under circular footings will be considered. 
Case A considers only the vertical stress under the center of the footing, while case 
B considers the vertical stress at any point in the soil, including under the center 
of the footing. 


CASE A Vertical Stress Under the Center of the Footing (Fig. 8.13) 

From Boussinesq’s equation 

_3 qz 3 f 2 x fr pd(3 dp 

° i_ 277 Jo Jo(p2+ Z 2)5/2 

Integrating with respect to (3 and substituting limits, we have 
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Figure 8.13 Vertical stress un¬ 
der center of loaded circular 
area. 


Integrating, 


cr. 


= «r 

^ L(p 2 + 2 2 ) 3/2 . 


or 


0-2 qz3 \(r* +z 2 )™ + (z 2 ) 


3/2 


Hence, 


cT t = q 


1 / 9 / 9 


1 


(rVz 2 + 1) 3/2 . 


or 


CTz = ?W 0 

where Wo, a dimensionless coefficient, is given by 

1 


W„: 


1 


(8-7) 


(8-7a) 


(r 2 / z 2 + l) s/2 _ 

Values for W 0 for various combinations of rand z are given in Table 8.3. 


CASE B Vertical Stress at Any Point in the Soil (Fig. 8.14) 

Equation 8-7 is only valid when a z is to be determined under the center of a circular 
area. Charts and tables are available, however, that provide expedient means for 
estimating cr. for points lying under as well as outside the center (2, 5, 8). A chart 
developed by Foster and Ahlvin (5) will be explained in detail. The expression for 
cr. takes the form given by Eq. 8-8: 

a l =qNz(m,n) ( 8 - 8 ) 

where N, is a shape function of dimensionless variables, m = z/r, and n = q/r. 




Table 8.3 Influence Values Wo for Vertical Stress 
Under Center of Loaded Circular Area 


r/z 

W„ 

r/z 

w„ 

r/z 

W 0 

0.00 

0.00000 

0.50 

0.28446 

1.00 

0.64645 

0.01 

0.00015 

0.51 

0.29304 

1.01 

0.65171 

0.02 

0.00060 

0.52 

0.30162 

1.02 

0.65689 

0.03 

0.00 135 

0.53 

0.31019 

1.03 

0.66200 

0.04 

0.00239 

0.54 

0.31875 

1.04 

0.66703 

0.05 

0.00374 

0.55 

0.32728 

1.05 

0.67198 

0.06 

0.00537 

0.56 

0.33579 

1.06 

0.67686 

0.07 

0.00731 

0.57 

0.34427 

1.07 

0.68166 

0.08 

0.00952 

0.58 

0.35271 

1.08 

0.68639 

0.09 

0.01203 

0.59 

0.36112 

1.09 

0.69104 

0.10 

0.01481 

0.60 

0.36949 

1.10 

0.69562 

0.11 

0.01788 

0.61 

0.37781 

1.11 

0.70013 

0.12 

0.02122 

0.62 

0.38608 

1.12 

0.70457 

0.13 

0.02482 

0.63 

0.39431 

1.13 

0.70894 

0.14 

0.02870 

0.64 

0.40247 

1.14 

0.71384 

0.15 

0.03282 

0.65 

0.41085 

1.15 

0.71747 

0.16 

0.03721 

0.66 

0.41863 

1.16 

0.72163 

0.17 

0.04183 

0.67 

0.42662 

1.17 

0.72572 

0.18 

0.04670 

0.68 

0.43454 

1.18 

0.72975 

0.19 

0.05180 

0.69 

0.44239 

1.19 

0.73373 

0.20 

0.057 13 

0.70 

0.45018 

1.20 

0.73763 

0.21 

0.06268 

0.71 

0.45789 

1.21 

0.74147 

0.22 

0.06844 

0.72 

0.46553 

1.22 

0.74525 

0.23 

0.07441 

0.73 

0.47310 

1.23 

0.74896 

0.24 

0.08057 

0.74 

0.48059 

1.24 

0.75262 

0.25 

0.08692 

0.75 

0.48800 

1.25 

0.75622 

0.26 

0.09346 

0.76 

0.49533 

1.26 

0.75076 

0.27 

0.10017 

0.77 

0.50259 

1.27 

0.76323 

0.28 

0.10704 

0.78 

0.50976 

1.28 

0.76666 

0.29 

0.11408 

0.79 

0.51685 

1.29 

0.77003 

0.30 

0.12126 

0.80 

0.52386 

1.30 

0.77334 

0.31 

0.12859 

0.81 

0.53079 

1.31 

0.77660 

0.32 

0.13604 

0.82 

0.53763 

1.32 

0.77981 

0.33 

0.14363 

0.83 

0.54439 

1.33 

0.78296 

0.34 

0.15133 

0.84 

0.55106 

1.34 

0.78606 

0.35 

0.15915 

0.85 

0.55765 

1.35 

0.78911 

0.36 

0.16706 

0.86 

0.56416 

1.36 

0.79211 

0.37 

0.17507 

0.87 

0.57058 

1.37 

0.79507 

0.38 

0.18317 

0.88 

0.57692 

1.38 

0.79797 

0.39 

0.19134 

0.89 

0.58317 

1.39 

0.80083 

0.40 

0.19959 

0.90 

0.58934 

1.40 

0.80364 

0.41 

0.20790 

0.91 

0.59542 

1.41 

0.80640 

0.42 

0.21627 

0.92 

0.60142 

1.42 

0.80912 

0.43 

0.22469 

0.93 

0.60734 

1.43 

0.81179 

0.44 

0.23315 

0.94 

0.61317 

1.44 

0.81442 

0.45 

0.24164 

0.95 

0.61892 

1.45 

0.81701 

0.46 

0.25017 

0.96 

0.62459 

1.46 

0.81955 

0.47 

0.25872 

0.97 

0.63018 

1.47 

0.82206 

0.48 

0.26729 

0.98 

0.65568 

1.48 

0.82452 

0.49 

0.27587 

0.99 

0.64110 

1.49 

0.82694 
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Table 8.3 

( Continued) 



r/z 

Wo 

r/z 

Wo 

r/z 

Wo 

1.50 

0.82932 

2.00 

0.91056 

7.50 

0.99769 

1.51 

0.83167 

2.02 

0.91267 

7.80 

0.99794 

1.52 

0.83397 

2.04 

0.91472 

8.00 

0.99809 

1.53 

0.83624 

2.06 

0.91672 

8.20 

0.99823 

1.54 

0.83847 

2.08 

0.91865 

8.40 

0.99835 

1.55 

0.84067 

2.10 

0.92053 

8.60 

0.99846 

1.56 

0.84283 

2.15 

0.92499 

8.80 

0.99856 

1.57 

0.84495 

2.20 

0.92914 

9.00 

0.99865 

1.58 

0.84704 

2.25 

0.03301 

9.20 

0.99874 

1.59 

0.84910 

2.30 

0.93661 

9.40 

0.99882 

1.60 

0.85112 

2.35 

0.93997 

9.60 

0.99889 

1.61 

0.85312 

2.40 

0.94310 

9.80 

0.99898 

1.62 

0.85507 

2.45 

0.94603 

10.00 

0.99901 

1.63 

0.85700 

2.50 

0.94877 

10.20 

0.99907 

1.64 

0.85890 

2.55 

0.95134 

10.40 

0.99912 

1.65 

0.86077 

2.60 

0.95374 

10.60 

0.99917 

1.66 

0.86260 

2.65 

0.95599 

10.80 

0.99922 

1.67 

0.86441 

2.70 

0.95810 

11.00 

0.99926 

1.68 

0.86619 

2.75 

0.96008 

11.20 

0.99930 

1.69 

0.86794 

2.80 

0.96195 

11.50 

0.99935 

1.70 

0.86966 

2.85 

0.96371 

11.80 

0.99940 

1.71 

0.87136 

2.90 

0.96536 

12.00 

0.99943 

1.72 

0.87302 

2.95 

0.96691 

12.20 

0.99945 

1.73 

0.87467 

3.00 

0.96838 

12.50 

0.99949 

1.74 

0.87628 

3.10 

0.97106 

12.80 

0.99953 

1.75 

0.87787 

3.20 

0.97346 

13.00 

0.99955 

1.76 

0.87944 

3.30 

0.97561 

13.20 

0.99957 

1.77 

0.88098 

3.40 

0.97753 

13.50 

0.99960 

1.78 

0.88250 

3.50 

0.97927 

13.80 

0.99962 

1.79 

0.88399 

3.60 

0.98083 

14.00 

0.99964 

1.80 

0.88546 

3.70 

0.98224 

14.20 

0.99965 

1.81 

0.88691 

3.80 

0.98352 

14.50 

0.99967 

1.82 

0.88833 

3.90 

0.98468 

14.80 

0.99969 

1.83 

0.88974 

4.00 

0.98573 

15.00 

0.99971 

1.84 

0.89112 

4.20 

0.98757 

15.40 

0.99973 

1.85 

0.89248 

4.40 

0.98911 

15.80 

0.99975 

1.86 

0.89382 

4.60 

0.99041 

16.00 

0.99976 

1.87 

0.89514 

4.80 

0.99152 

16.40 

0.99977 

1.88 

0.89643 

5.00 

0.99246 

16.60 

0.99978 

1.89 

0.89771 

5.20 

0.99327 

17.00 

0.99980 

1.90 

0.89897 

5.40 

0.99396 

17.40 

0.99981 

1.91 

0.90021 

5.60 

0.99457 

17.80 

0.99982 

1.92 

0.90143 

5.80 

0.99510 

18.00 

0.99983 

1.93 

0.90263 

6.00 

0.99556 

20.00 

0.99988 

1.94 

0.90382 

6.20 

0.99596 

25.00 

0.99994 

1.95 

0.90498 

6.40 

0.99632 

30.00 

0.99996 

1.96 

0.90613 

6.60 

0.99664 

40.00 

0.99998 

1.97 

0.90726 

6.80 

0.99692 

50.00 

0.99999 

1.98 

0.90838 

7.00 

0.99717 

100.00 

1.00000 

1.99 

0.90948 

7.30 

0.99750 

CIJ 

1.00000 



Depth ratio m= dr (radii) 


8,6 Uniformly Loaded Circular Area 199 



Figure 8.14 Vertical stress 
from loaded circular area. 


The value of N l can be determined from Fig. 8.15, developed by Foster and 
Ahlvin or from Table 8.4 for selected values of n = a/r > 0 (Table 8.3 gives values 
for N 0 for r = 0, i.e., under center of circle). It is based on the assumption that 
the mass is a semi-infinite elastic medium whose Poisson’s ratio is 0.5. It is applicable 
to points under as well as outside the centerline of a circular footing. Figure 8.14 


i V,(m, n) percent 

0.1 0.2 0.3 0.4 0.5 0.6 0.8 1.0 2 3 4 5 6 8 10 20 30 40 50 60 80 100 



Figure 8.15 Vertical stress cr. from uniformly loaded circular area. [By Foster and Ahlvin 
'5. D. 4671: Courtesy Hiediwav Research Board.1 











































Table 8.4 Boussinesq’s Coefficient, /V,, to be Used in Equation a, = q N z for Vertical Stress Induced by Circular-Loaded Area, for 

Some Selected Values of n > 0 
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gives a general configuration of load and stress conditions. For those interested, 
the analytical solution involves integrating the equation 


/ ?>qr \ f- 2 n p p d/3 dp 

\ 2tt ) i o J « (p 2 + z 2 + a- — 2 ap cos /3) 5/2 


Example 8.6_ 

Given A circular area, r = 1.6 m, induces a soil pressure at the surface of 100 kN/m\ 

Find The pressure at a depth of (a) 2 m directly under the center of the circular 
area, and (b) 2 m below and 2 m away from the center of the circle. 

Procedure (a) r/z = 1.6/2 = 0.8. From Table 8.3, W 0 = 0.52386. Thus, 

oy = 100 X 0.52386 


Answer 


a z = 52.386 kN/m 2 


From Fig. 8.15, for a depth ratio z/r = 1.25 radii and an offset distance = 0 
from the centerline, a/r = 0, 

% of total = 52% of 100 


Answer 


m = 52 kN/m 2 


(b) At a depth = 2 m 



_ 2 _ 

1.6 



and offset = 


2m 




cr z = 22% of 100 


Answer 


o\ = 22 kN/m 2 


8.7 PRESSURE CAUSED BY UNIFORMLY LOADED RECTANGULAR AREA 


From Boussinesq’s equation 8-2a the vertical stress under a corner of a rectangular 
area uniformly loaded with a uniform load of intensity, q, (Fig. 8.16) can be ex¬ 
pressed as 


— f» p_ dv dx 

277 J o J o (x 2 + y 2 + z 2 ) 5/2 


(a) 
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Y 


Figure 8.16 Vertical stress un¬ 
der corner of rectangular area 
uniformly loaded. 


The integral is difficult and far too long to provide a practical benefit here. The 
integration was performed by Newmark (12) with the following results: 


q 2wmVm 2 + n 2 + 1 m 2 + n 2 + 2 . 2 mn\/ m 2 + rr + 1 

- --gjj} 1 -- 

4n m l + n 2 + 1 + m 2 ri l m 2 + n 2 +1 ire + n 2 + 1 + m 2 n l 


(8-9) 


where m = a/z and n = b/z. Equation 8-9 can also be expressed as 

a, = qfAm, n) (8-9a) 

where f z (m, n) is the shape function of the dimensionless ratios m and n. The 
influence values for various combinations of m and n can be found directly from 
Table 8.5. 

When the point at which the stress is desired does not fall below a comer of the 
area, the area is “adjusted” into rectangles as shown in Fig. 8.18, such that corners 
become located over the point in question. Subsequently the effects are superim¬ 
posed, as illustrated by Example 8.7. Figure 8.17 is an expedient chart that may be 
used to estimate pressures across the widths of rectangular or square footings at 
section shown as 1-1. Figure 8.18 shows different locations of the point in question 
relative to the loaded area (solid boundaries) and the effective load combinations. 
From this figure the load is calculated as follows: 

(a) Load = load as determined directly from Table 8.5. 

(b) Load = load from AFIE + FBGI + GCHI + HDEI. 

(c) Load = load from AEFD + EBCF. 

(d) Load = load from GIAE - GHBE - G1DF + GHCF. 


Example 8.7 _ 

Given A rectangular footing 2 m by 3 m carries a total load of 120 metric tons (t) 
uniformly distributed. 

Find The stress 2.5 m below the footing at a point (a) under one corner, and (b) under 
the center. 
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Table 8,5 Influence Values f z (m, n) for Case of Rectangular Area Uniformly Loaded 

(Boussinesq Solution) 


m 

0.1 

0.2 

0.3 

0.4 

0.5 

0.6 

0.7 

0.8 

0.9 

1.0 

1.2 

1.4 

0.1 

0.00470 

0.00917 

0.01324 

0.01678 

0.01978 

0.02223 

0.02420 

0.02576 

0.02698 

0.02794 

0.02926 

0.03007 

0.2 

0.00917 

0.01790 

0.02585 

0.03280 

0.03866 

0.04348 

0.04735 

0.05042 

0.05283 

0.05471 

0.05733 

0.05894 

0.3 

0.01324 

0.02585 

0.03735 

0.04742 

0.05593 

0.06294 

0.06859 

0.07308 

0.07661 

0.07938 

0.08323 

0.08561 

0.4 

0.01678 

0.03280 

0.04742 

0.06024 

0.07111 

0.08009 

0.08735 

0.09314 

0.09770 

0.10129 

0.10631 

0.10941 

0.5 

0.01978 

0.03866 

0.05593 

0.07111 

0.08403 

0.09472 

0.10340 

0.11034 

0.11584 

0.12018 

0.12626 

0.13003 

0.6 

0.02223 

0.04348 

0.06294 

0.08009 

0.09472 

0.10688 

0.11679 

0.12474 

0.13105 

0.13605 

0.14309 

0.14749 

0.7 

0.02420 

0.04735 

0.06859 

0.08735 

0.10340 

0.11679 

0.12772 

0.13653 

0.14356 

0.14914 

0.15703 

0.16199 

0.8 

0.02576 

0.05042 

0.07308 

0.09314 

0.11034 

0.12474 

0.13653 

0.14607 

0.15370 

0.15978 

0.16843 

0.17389 

0.9 

0.02698 

0.05283 

0.07661 

0.09770 

0.11584 

0.13105 

0.14356 

0.15370 

0.16185 

0.16835 

0.17766 

0.18357 

1.0 

0.02794 

0.05471 

0.07938 

0.10129 

0.12018 

0.13605 

0.14914 

0.15978 

0.16835 

0.17522 

0.18508 

0.19139 

1.2 

0.02926 

0.05733 

0.08323 

0.10631 

0.12626 

0.14309 

0.15703 

0.16843 

0.17766 

0.18508 

0.19584 

0.20278 

1.4 

0.03007 

0.05894 

0.08561 

0.10941 

0.13003 

0.14749 

0.16199 

0.17389 

0.18357 

0.19139 

0.20278 

0.21020 

1.6 

0.03058 

0.05994 

0.08709 

0.11135 

0.13241 

0.15027 

0.16515 

0.17739 

0.18737 

0.19546 

0.20731 

0.21509 

1.8 

0.03090 

0.06058 

0.08804 

0.11260 

0.13395 

0.15207 

0.16720 

0.17967 

0.18986 

0.19814 

0.21032 

0.21836 

2.0 

0.03111 

0.06100 

0.08867 

0.11342 

0.13496 

0.15326 

0.16856 

0.18119 

0.19152 

0.19994 

0.21235 

0.22058 

2.5 

0.03138 

0.06155 

0.08948 

0.11450 

0.13628 

0.15483 

0.17036 

0.18321 

0.19375 

0.20236 

0.21512 

0.22364 

3.0 

0.03150 

0.06178 

0.08982 

0.11495 

0.13684 

0.15550 

0.17113 

0.18407 

0.19470 

0.20341 

0.21633 

0.22499 

4.0 

0.03158 

0.06194 

0.09006 

0.11527 

0.13724 

0.15598 

0.17168 

0.18469 

0.19540 

0.20417 

0.21722 

0.22600 

5.0 

0.03160 

0.06199 

0 09014 

0.11537 

0.13736 

0.15612 

0.17185 

0.18488 

0.19561 

0.20440 

0.21749 

0.22632 

6.0 

0.03161 

0.06201 

0.09016 

0.11541 

0.13741 

0.15617 

0.17191 

0.18496 

0.19569 

0.20449 

0.21760 

0.22644 

8.0 

0.03162 

0.06202 

0.09018 

0.11543 

0.13744 

0.15621 

0.17195 

0.18500 

0.19574 

0.20455 

0.21767 

0.22652 

10.0 

0.03162 

0.06202 

0.09019 

0.11544 

0.13745 

0.15622 

0.17196 

0.18502 

0.19576 

0.20457 

0.21769 

0.22654 

00 

0.03162 

0.06202 

0.09019 

0.11544 

0.13745 

0.15623 

0.17197 

0.18502 

0.19577 

0.20458 

0.21770 

0.22656 


Procedure 


= 120 
q ~ 2 X 3 


= 20 t/m 2 


(a) Point at corner. 


3 m 


2 m 





= 1.2 


From Table 8.5, f z (m, n) = 0.16843. Thus, 

<x 2 = (20 t) (0.16843) 
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Table 8.5 ( Continued) 


1.6 

1.8 

2.0 

2.5 

3.0 

n 

4.0 

5.0 

6.0 

8.0 

10.0 

00 

0.03058 

0.03090 

0.03111 

0.03138 

0.03150 

0.03158 

0.03160 

0.03161 

0.03162 

0.03162 

0.03162 

0.05994 

0.06058 

0.06100 

0.06155 

0.06178 

0.06194 

0.06199 

0.06201 

0.06202 

0.06202 

0.06202 

0.08709 

0.08804 

0.08867 

0.08948 

0.08982 

0.09006 

0.09014 

0.09016 

0.09018 

0.09019 

0.09019 

0.11135 

0.11260 

0.11342 

0.11450 

0.11495 

0.11527 

0.11537 

0.1)541 

0.11543 

0.11544 

0.11544 

0.13241 

0.13395 

0.13496 

0.13628 

0.13684 

0.13724 

0.13736 

0.13441 

0.13744 

0.13745 

0.13745 

0.15027 

0.15207 

0.15326 

0.15483 

0.15550 

0.15598 

0.15612 

0.15617 

0.15621 

0.15622 

0.15623 

0.16515 

0.16720 

0.16856 

0.17036 

0.17113 

0.17168 

0.17185 

0.1719) 

0.17195 

0.17196 

0.17197 

0.17739 

0.17967 

0.18119 

0.18321 

0.18407 

0.18469 

0.18488 

0.18496 

0.18500 

0.18502 

0.18502 

0.18737 

0.18986 

0.19152 

0.19375 

0.19470 

0.19540 

0.19561 

0.19569 

0.19574 

0.19576 

0.19577 

0.19546 

0.19814 

0.19994 

0.20236 

0.20341 

0.20417 

0.20440 

0.20449 

0.20455 

0.20457 

0.20459 

0.20731 

0.21032 

0.21235 

0.21512 

0.21633 

0.21722 

0.21749 

0.21760 

0.21767 

0.21769 

0.21770 

0.21509 

0.21836 

0.22058 

0.22364 

0.22499 

0.22600 

0.22632 

0.22644 

0.22652 

0.22654 

0.22656 

0.22025 

0.22372 

0.22610 

0.22940 

0.23088 

0.23200 

0.23235 

0.23249 

0.23258 

0.23261 

0.23263 

0.22372 

0.22736 

0.22986 

0.23336 

0.23496 

0.23617 

0.23656 

0.23671 

0.23681 

0.23684 

0.23686 

0.22610 

0.22986 

0.23247 

0.23613 

0.23782 

0.23912 

0.23954 

0.23970 

0.23981 

0.23985 

0.23987 

0.22940 

0.23336 

0.23613 

0.24010 

0.24196 

0.24344 

0.24392 

0.24412 

0.24425 

0.24429 

0.24432 

0.23088 

0.23496 

0.23782 

0.24196 

0.24394 

0.24554 

0.24608 

0.24630 

0.24646 

0.24650 

0.24654 

0.23200 

0.23617 

0.23912 

0.24344 

0.24554 

0.24729 

0.24791 

0.24817 

0.24836 

0.24841 

0.24846 

0.23235 

0.23656 

0.23954 

0.24392 

0.24608 

0.24791 

0.24857 

0.24886 

0.24907 

0.24914 

0.24919 

0.23249 

0.23671 

0.23970 

0.24412 

0.24630 

0.24817 

0.24886 

0.24916 

0.24939 

0.24946 

0.24952 

0.23258 

0.23681 

0.23981 

0.24425 

0.24646 

0.24836 

0.24907 

0.24939 

0.24964 

0.24972 

0.24980 

0.23261 

0.23684 

0.23985 

0.24429 

0.24650 

0.24841 

0.24914 

0.24946 

0.24972 

0.24981 

0.24989 

0.23263 

0.23686 

0.23987 

0.24432 

0.24654 

0.24846 

0.24919 

0.24952 

0.24980 

0.24989 

0.25000 


Answer 


<r z = 3.3686 t/m 2 


(b) Point at center. 



» = i,0.4 


_ 1-5 


From Table 8.5, f z (m, n ) = 0.08009. Thus, 

cr z = 4(20 t)(0.08009) 


a z = 6.4072 t/m 2 


Answer 
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Example 8.8 _ 

Given A rectangular loading as shown in Fig. 8.19, q = 20 t/m 2 . 
Find cr. at z = 2.5 m for points (a) R, (b) S, (c) T, (d) U. 
Procedure (a) Point R. 



(c) Point T. For rectangle TGAE, 



u 


area. 










3 m 
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For square THBE, 


m= h = ° A n = 2~5 = °’ 4 


f z (m, n) = 0.06024 
Superimposing loads (see Fig. 8.17) 

a z = 2(20 t) (0.11135 - 0.06024) 


Answer 


cr z = 2.0444 t/m 2 


(d) Point U. For rectangle UHAE, 



-L-4 v 

G 


„ = A =l6 „ = A =1 .2 

f z (m, n ) = 0.20731 


For rectangle UGBE, 


For rectangle UHDF, 


For square UGCF, 


Then, 


f(m, n) = 0.10631 


“' 25' 1 - 6 n -h’ 0A 

f z (m, n) = 0.11135 


m= n = — = 0.4 
2.5 

f z (m, n ) = 0.06024 


cr. = (20 t) (0.20731 - 0.10631 - 0.11135 + 0.06024) 



Answer 


cr, = 0.9978 t/m 2 
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8.8 TOTAL LOAD ON RECTANGULAR AREA IN UNDERSOIL 


In the preceding section we have evaluated the vertical stresses induced by a uni¬ 
formly distributed load over a rectangular area to a point at z depth below the 
surface. Now we shall evaluate the total load induced on a rectangular area below 
the surface by a concentrated load applied at the surface. For example, the typical 
problem may be represented by a wheel load applied at the surface, creating stresses 
on a buried pipe or culvert, or perhaps on the roof of a relatively shallow tunnel. 
Although we shall be assuming a horizontal plane, the procedure gives reasonably 
acceptable results for arch-shaped surfaces by assuming the horizontal plane to be 
the projection of the circular shape. 

Figure 8.20 depicts a rectangular plane, a distance z beneath the surface, subjected 
to a concentrated surface load, Q, over one of its corners. The total load on the 
shaded area is a summation of all the increments of forces induced by the surface 
load Q. 

The increment of force over a small area may be expressed as the product of 
the stress and the increment of area, as indicated in Eq. (a): 

dF = cr t dA (a) 

From Eq. 8-2a, a z = 3Qz 3 /2nR 5 . Thus, Eq. (a) becomes 

F= ( = _ dx & _ (b ) 

J a 277 /? 5 2 71 J o J o (x 2 + y 2 + z 2 ) a/!! 

The integral portion of Eq. (b) is identical to that of Eq. (a) in Section 8.7; that 
is, except for the constants, the equations are the same. Hence, Eq. 8-9a could be 
written as 


F = Qf(m, n) (8-10) 

wherej^w, n) is the influence coefficient or shape function, which can be obtained 
directly from Table 8.5. Examples 8.7 and 8.10 illustrate this application. 



Figure 8.20 Load on rectangular area undersoil from concen¬ 
trated surface load Q over one corner. 
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Example 8.9 -—--——- — 

Given A concentrated surface load Q= 100 t is situated directly over the center of an 
area 2 m by 3 m, 2.5 m below the surface. 

Find The total load on the area. 

Procedure We first divide the area such that the load falls over one of the corners, as shown 
in Fig. 8.21. Thus, from Table 8.5 for m = 1.5/2.5 = 0.6 and n = 1/2.5 = 0.4, 

f z (m, n) = 0.08009 
Then from Eq. 8-9, the total load is 

F lol = (4 areas) X QX f t (m, n) 

F = 4 X 100 X 0.08009 


Answer 


F = 32.0S6 t 


Example 8.10 ---—-------—— ----—---- 

Given A surface load as shown in Fig. 8.22. 

Find The total load on the shaded area ABCD. 

Procedure For the rectangle FBGE 

m = =1.2 n = ^=1.2 f l (m,n)= 0.19584 

2.5 ^.5 

For the rectangle FADE , 

m = — =1.2 w = -^- = 0.4 f,(m,n) = 0.10631 

2.5 2.5 

Fabcd = Ffbcf. ~ Ffade 


Q= loot 



Figure 8.21 cr. on a rectangular 
area in undersoil induced by a 
concentrated surface load. 
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Figure 8.22 cr. on a rectangular 
area in undersoil induced by a 
concentrated surface load act¬ 
ing on some arbitrary point. 


or 


F= 100 X (0.19584 - 0.10631) 


Answer 


F = 8.953 t 


8.9 NEWMARK'S INFLUENCE CHART 


The procedures outlined in the preceding sections for the determination of vertical 
stresses cr. induced by uniformly loaded rectangular or circular areas are rather 
clumsy when applied to irregularly shaped areas. Newmark devised a graphical 
procedure for computing stresses induced by irregularly shaped loaded areas 
(12,13). 

Newmark’s procedure evolves from the expression for the vertical stress under 
the center of a loaded circular area, given by Eqs. 8-7 or 8-7a. From these expressions 
the ratio of crjq equals W 0 , the influence coefficient given in Table 8.3. That is, 
Eq. 8-7 can be written as 


<Tz iir 

— = Wo = 

7 


1 - 


1 


(r 2 /z 2 + 1) 


3/2 


(a) 


The relationship between aJq and r/z may be illustrated by extracting a few values 
from Table 8.3, as shown in Table 8.6. For convenience ten equal increments of 
crj q between crj q = 0 and cr J q = 1 will be selected. 
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Table 8.6 Values of r/z for Selected Values of crjq 

c Tjq 0 0.10 0.20 0.30 0.40 0.50 0.60 0.70 0.80 0.90 1.00 

r/z 0 0.27 0.40 0.52 0.64 0.77 0.92 1.11 1.39 1.91 oo 


The values of r/z represent concentric circles of relative radii. Plotted for a 
selected scale for z, these circles are shown in Fig. 8.23 with the last circle not 
shown since r/z = oo. 

Now divide the circles by evenly spaced rays emanating from the center, for 
convenience say 20. Thus, we obtain a total of (10 circles) (20 rays) = 200 influence 
units. Thus, the influence value, IV, is 


(no. circles) (no. rays) 

In our case 


IV = 


1 

10 X 20 


0.005 


The stress at a depth z for a specific point is 

<t, = q X IV X (number of influence units) (8-11) 

To use this chart, one draws an outline of the loaded surface to a scale such that 
the distance AB from Fig. 8.23 equals the depth of the point in question. The point 
beneath the loaded area for which the vertical stress is sought is then located over 



Figure 8.23 Newmark influence chart for vertical stress at any 
depth z = AB. 
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the center of the chart. Hence, the area will encompass a number of influence 
units on the chart (in our case each unit has a value of 0.005). Thus, by counting 
the number of influence units and by using Eq. 8-11, one may proceed to determine 
the stress at the given point. Example 8.11 may serve to illustrate this procedure. 

One may note that while the values for r/z indicated in Table 8.6 remain fixed 
for the selected values of Cl-J q, the scale for the influence chart was arbitrarily 
chosen and can, therefore, be altered as needed. Similarly, the number of rays or 
the number of radii may also vary as desired, thereby varying the influence values 
for these charts. 


Example 8.11 - 

Given The T-shaped foundation is loaded with a uniform load of 100 kN/m 2 
(»2 kips/ft 2 ) (see Fig. 8.24). 

Find The pressure at 6 m below point G. 

Procedure The scale is determined such that the distance AB in Fig. 8.24 represents 6 m. 

Hence, the T-shaped area is redrawn to scale with point G placed over the center 
of the chart. The number of “squares” encompassed by Fig. 8.24 is 66. Hence, 
the total pressure at G is 0.005 X 66 X 100 kN/m 2 . 


Answer 


Total pressure = 33 kN/m 2 


8.10 APPROXIMATE ESTIMATE OF VERTICAL STRESS 


Approximate estimates of the average vertical stress under a uniformly loaded area 
at a given depth, z, can be made by assuming that the applied surface load spreads 
downward to a horizontal plane, which is enveloped by four planes sloping from 
the edges of the loaded area at an angle of 30° with the vertical. Another method 
is to assume a slope of 2:1, as shown in Fig. 8.25. The methods are approximate 
but rather easy and expedient, and they are quite commonly used for estimating 
average stresses. Generally, this approach yields values of cr 2 slightly lower than those 
obtained by previously discussed methods for shallow depths but of comparable 
magnitude at greater depths. 



Figure 8.24 T-shaped footing 
loaded with uniform load. 
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Figure 8.25 Newmark’s chart used to determine stress under 
point G of the T-shaped footing shown. 


lor a uniformly loaded surface area a X b, cr l avg is approximately as follows (see 
Fig. 8.26). For a 30° slope, 

ai avg ~ q (a+ 1.15z)(i + 1.15z) (8_12) 

For a 2:1 slope, 


aX b 

<Tl *' t ~ q (a+z){b + z) 


(8-12a) 


b 



a - 

r 

_.. i 

i i,, j 

\waw 

/ L-^ 

/ 1 30° 

/ A avg 

r—or-s\ 

v\ mm fi ~i 

,T_, 


a+ 1.15 2 


Figure 8.26 Approximate <t_ „ s on plane at depth z. 
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Example 8.12 _ 

Given A 120-t load is uniformly distributed on a surface area of 3 m by 2 m. 
Find The approximate ct, avg at z = 2.5 m. 

Procedure From Eq. 8-12 

__ 120 _ 

<7 ‘ avg ~ (2 + 1.15 X 2.5) (3 + 1.15 X 2.5) 

120 

<7 ’ zavs_ 4.88 X 5.88 


Answer 


o% avg = 4.18 t/m 2 


From Eq. 8-12a 


120 

r ^avg- (2 + 2.5)(3 + 2.5) 


Answer 


(T z avg = 4.85 t/m 2 


As a matter of comparison, from Example 8.7, at a corner, 


<j z = 3.37 t/m 2 (0.690 kip/ft 2 ), (via Boussinesq) 
and at the center, 


CT, = 6.41 t/m2 

The average ct, from comer and center is then 4.83 t/mA Hence, it appears that 
our "estimates" are not unreasonable for this depth. 


Problems 


8.1 


8.2 


8.3 


Calculate the vertical stress at a depth of 3 m due to the weight of the soil 
(geostatic stress) if Ydry = 18.1 kN/m 3 . 

(a) The water table is below the 3 m depth. 

(b) The water table is 1 m below the ground surface. Assume total satura¬ 
tion for the "wet" stratum. 

(a) Calculate the vertical stress directly under a concentrated surface load 
of 1000 kN at depths of 0.5, 1, 1.5, 2, 2.5, 3, 3.5, 4, 4.5, and 5 m. 

(b) Plot the results of part (a), using a convenient scale. (See Exam¬ 
ple 8.1.) 

Calculate the vertical stress due to a concentrated surface load of 1000 kN 
at a depth of 2 m at points directly under the -load, and at 0.5, 1, 1.5,2,2.5, 

3, 3.5, and 4 m away. (See Example 8.2.) 
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8.4 Calculate the vertical stress from a concentrated surface load of 1000 kN at 
a point whose coordinates are x = 1 m, y = 2 m, and z— 3 m. Surface load 
coordinates are (0, 0, 0). 

8.5 (a) Calculate the vertical stress from a concentrated surface load of 1000 

kN at radial distances of r = 0, 0.5, 1, 1.5, 2, 2.5, 3, 3.5, and 4 m and 
depths z = 1, 2, 3, and 4 m. 

(b) Plot the values for (T. determined in part (a) and draw several pressure 
bulbs similar to those of Fig. 8.7, Section 8.4. Load coordinates are 
(0, 0, 0). 

8.6 A wall footing 10 m long induces a surface load of 300 kN/m. Assume this 

to be a line load parallel to the y axis and the one end of the footing to be 

located at coordinates ,v = 0, y = 0, and z = 0. Determine the vertical stress 

at points whose coordinates are xi = 2, V7 = 0, zi = 3 m and X2 = 2, Y2 = 
5, and z 2 = 3 m. (See Example 8.4.) 

8.7 A 700-kN load is supported by a circular footer (at surface) whose diameter 

is 2 m. Assume the surface pressure to be uniform over the area, (a) Deter¬ 
mine the vertical stress at a depth of 3 m directly under the center and at 

radial distances of 1,2, 3, and 4 m from the center, (b) Plot the values of 

(X from part (a) and connect these points with a smooth curve. 

8.8 A circular footing 3 m in diameter applies a uniform surface pressure of 150 
kN/m 2 - (a) Via Table 8.3 determine the vertical stress under the center of 
the footing at z = 1, 1.5, 2.5, 3, 3.5, and 4 m. (b) Plot the values for r;>, from 
part (a) and connect the points with a smooth curve. 

8.9 Rework Problem 8.8 using Fig. 8.14. 

8.10 A column load of 2000 kN is supported via a 3 m X 4 m footing whose 

bottom is 1 m below the surface. Assuming that the footer distributes uniform 

pressure, determine the vertical stress at a depth of 4 m at a point (a) under 

the center of the footing, and (b) under one of the corners. 

8.11 For the footing of Problem 8.10, determine the vertical stress at four points 

whose (x, y) coordinates are (2,0), (0,3), (3,3), (4.4), all at 4-m below 

footing depth. Load coordinates are (0, 0, 0). 

8.12 A concentrated surface load of 2000 kN is applied at a point whose Cartesian 

coordinates are x = 0, y = 0, and z = 0. Determine the total load on a 
rectangular area that lies on the x-y plane, 4 m below the surface, and whose 

corners have the following (x, y) coordinates: (0,0), (3,0), (3,2), and (0. 2). 

8.13 Determine the total load on the area of Problem 8.12 if the concentrated 
surface load is applied at coordinates x = -2, y = -2, and z = 0. 

8.14 A concentrated surface load of 2000 kN is applied at a point whose Cartesian 

coordinates are x = 0, y = 0, z = 0. Determine the total load on a rectangular 
area that lies parallel to the x-y plane, 5 m below the surface, and whose 
corners have the following (x, y, z) coordinates: (1. 1, - 5), (4. 1, - 5), 
(4,3, -5), and 0,3, -5). 

8.15 Rework Problem 8.14 if the concentrated load was applied at coordinate 
point (1. 2, 0). 

8.16 The footing shown in Fig. P8.16 exerts a uniform load to the soil of 300 
kN/m 2 - Determine the pressure at a point 4 m directly under point (a) A 
and (b) B. 
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Figure P8.16 Stress under an 
L-shaped area. 


6 m 


5 m 


1 



Figure P8.17 Stresses under a 
composite area. 


8.17 A rectangular footing as shown in Fig. P8.17 (shaded) exerts a uniform 
pressure of 420 kN/m 2 . Determine the vertical stress at point A for a depth 
of3 m. 

8.18 Rework Problem 8.16 using Newmark's influence chart. 

8.19 Rework Problem 8.17 using Newmark's influence chart. 

8.20 A footing shaped as an equilateral triangle of 10 m sides is loaded with a 
uniform load of 500 kN/m 2 . Determine the pressure at a point located 5 m 
directly under the middle of one of its sides. 

8.21 For Problem 8.8: (a) Determine the vertical stresses at the given depths using 
an approximate method, (b) Using the results of Problem 8.8 as the basis 
of comparison, give the percentage difference in (J, values for each of these 
depths. 

8.22 (a) Construct a Newmark influence chart using 24 rays and values of 

(jjq = 0,0.08,0.16, 0.24, etc. 

(b) Rework Problem 8.20 using the influence chart developed in part (a) 
of Problem 8.22. 

8.23 The base pressure under a circular footing. 12 m in diameter, was calculated 
to be 400 kN/m 2 - Determine the pressure 6 m directly under the center of 
the footing. 

(a) Use influence values given in Table 8.3 for circular footing. 

(b) Use the graph by Foster and Ahlvin. 

(c) Use Newmark's graph. 

8.24 Assume the area shown in Fig. P8.24 to be 7 m below the surface. Determine 
the total load on this area induced by a concentrated surface load of 2200 
kN acting directly over point A. 
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Figure P8.24 Stresses under an 
L-shaped area. 



Figure P8.25 L-shaped line 
loads. 



Figure P8.26 T-shaped line 
loads. 


8.25 Determine the total stress 8 m below point A due to the line pressures shown 
in Fig. P8.25. 

8.26 Two bearing walls meet at a point A as shown in Fig. P8.26. Assume their 
loads to act as line loads. Determine the stress at a point 3 m below point A. 
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CHAPTER 9 


Compressibility; 

Settlement 


9.1 INTRODUCTION 


All materials deform when subjected to loads. Many of the materials used in engi¬ 
neering obey Hooke's law to an acceptable degree up to a certain point of stress. 
For example, up to the proportional limit of steel, the load-deformation (e.g., 
stress-strain) is represented by virtually a straight line; also, within the elastic limit, 
steel regains its original shape once the load is removed. Concrete behaves somewhat 
similarly, but the load-deformation relationship lacks the rather straight line associ¬ 
ated with steel. For soils, the load-deformation relationship is usually complex, 
varying widely with different soils, and particularly in the plastic range of cohesive 
soils, where time plays a major role. Yet it is such time-related soil deformation 
(i.e., consolidation) that accounts for most of the settlement in cohesive soils and 
that the foundation engineer must cope with. 

Settlement problems plagued engineers and builders for a long time. The tower 
of Pisa and some structures in Mexico City such as the Palace of Fine Arts, and the 
Tower of Latino Americana are best known perhaps not for their architectural 
features or styles but rather for the obvious effects of settlement. Of course, many 
structures in the past disappeared as a result of excessive settlement. Indeed, settle¬ 
ment problems still plague engineers, and settlement damage and/or failures are 
still occurring-a continuing challenge for geotechnical engineers. 

Settlement is generally caused by load, although other causes such as lowering 
of the water table, vibrations, and so on may also cause settlement. Typically, 
settlement increases in magnitude with an increase in load (although not linearly). 
For example, we may expect a downward settlement under a footing as a result of 


221 




222 Chapter 9 • Compressibility; Settlement 


any added load to a soil formation. Conversely, the soil may rebound or swell from 
"removal" of load, caused by, say, excavations, decreasing of the effect of stress 
induced by changes in the pore pressures (e.g., rising water levels). 

Since soil properties vary, invariably a building will experience some differential 
settlemen t (in a rock formation this is negligible). Indeed, differential settlement 
is frequently more important (22, 38) since it may prove highly damaging or perhaps 
even disastrous to some structures (e.g., continuous beams, frames, arches). Also, 
the rate of compression may serve as useful information in instances where time 
is a factor. For example, one may be able to tolerate a high rate of settlement 
during construction but large, cumulative settlement of the completed structure 
may be unacceptable. Normally, the job of the geotechnical engineer is to assess 
the stresses in the compressible formation, and subsequently determine the magni¬ 
tude of the settlement. In this chapter we shall develop methodologies for estimating 
magnitudes and rates of settlement. 

9.2 COMPRESSIBILITY OF SOIL 


Settlement is the direct result of reduction of volume of a soil mass. This reduction 
could be attributed to the following factors: 

• The escape of water and air from the voids 

• Compression of the soil particles 

• Compression of water and air within the voids 

As we have noted in the previous chapter, surface loading results in undersoil 
stresses in horizontal and vertical directions. Consolidation will, therefore, also 
occur in both the horizontal and the vertical directions. However, one notes that 
the vertical compression or consolidation is the largest, and from a design point 
of view, it is frequently the most important component. Hence, it is the deformation 
in the vertical direction that we will be focusing on in this chapter. 

Cohesionless soil (e.g., sand, gravel) will generally compress during a relatively 
short time (15.43). In fact, quite frequently most of the anticipated settlement of 
a foundation resting on cohesionless soil has taken place during the construction 
phase of the structure. Furthermore, the compression of such soils by induced 
vibrational effects could be accomplished with much greater ease than of cohesive 
soil. 

Unlike cohesionless soils, a saturated cohesive soil mass (e.g., fine silts, clays) 
with low permeability will compress quite slowly since the expulsion of the pore 
water from such soil occurs at a significantly slower rate than from cohesionless 
ones. In other words, because considerably longer time is required for water to 
exit from the voids of a cohesive material, the total compression of a saturated clay 
stratum takes place during a longer period of time than for cohesionless soils, as 
depicted by Figure 9.1. 

The total settlement of a stratum is generally regarded to be the result of a two- 
phase process: 

• Immediate settlemen t 

• Consolidation settlement 
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Time 



Figure 9.1 Time-consolidation relationship under constant 
load. 


Immediate settlements are those that occur rapidly, perhaps within hours or 
days after the load is applied. The consolidation settlement is a time-dependent 
deformation that occurs in saturated or partially saturated silts and/or clays. These 
are soils that have low coefficients of permeability and are slow to dissipate the 
pore water. 

It is common to further designate the consolidation as primary consolidation 
and secondary consolidation (or creep). Of the two, the primary consolidation is 
generally much larger. Secondary consolidation is speculated to be due to the 
plastic deformation of the soil as a result of some complex colloid-chemical processes 
whose roles in this regard are mostly hypothetical at this point. Also, the primary 
consolidation is easiest to predict, occurs at a faster rate than secondary consolida¬ 
tion, and is usually the more important of the two. In highly organic soils, however, 
secondary consolidation may be important indeed (2, 4, 6, 32, 57, 59). Primary 
consolidation will be discussed first, with the secondary consolidation and instanta¬ 
neous settlement discussed in Sections 9.8 and 9.9, respectively. 


9.3 ONE-DIMENSIONAL CONSOLIDATION; RHEOLOGICAL MODEL 


Settlement is the direct result of the decrease in the soil volume; consolidation is 
the rate of volume decrease with time. Hence, we view consolidation as a time- 
related process involving compression, stress transfer, and water drainage. 

As we have noted in the previous chapter, surface loading results in undersoil 
stresses in all directions. Related consolidation will, therefore, also result in both 
the horizontal and the vertical directions. However, one notes that the vertical 
compression or consolidation is the largest, and, from a design point of view, it is 
frequently the most important component. Hence, it is the deformation in the 
vertical direction that we will be focusing on in this chapter. 

In 1923 Karl Terzaghi advanced a rigorous mathematical solution of the process 
of consolidation of soils. It constitutes one of his greatest contributions to the 
science of soil mechanics. This theory, with all of its underlying assumptions, will 
be developed in subsequent sections of this chapter. At this time, however, let us 
attempt to illustrate the process of one-dimensional consolidation by means of a 
model. 
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Figure 9.2a represents the assembly of a mechanical system used to explain the 
process of consolidation of a saturated clay. This assembly is analogous to a saturated 
clay stratum where the volume of the vessel represents the voids of the soil mass; 
all of the voids of the soil mass are assumed fully saturated with water. The spring 
represents the solid particles, with the petcock analogous to the seepage in the 
soil. The gauge measures only hydrostatic excess pore-water pressure. At the instant 
the petcock is open, the total load Qis still carried by the water until some water 
escapes and subsequently compresses the spring. As more water escapes and the 




Corresponding Components Used in the Mechanical 
Analogy Model 


Soil Mass 

Equivalent Mechanical Model 

Soil 

Spring 

Saturated voids 

Water 

Porosity n 

Volume of cylinder 

Permeability 

Petcock 

Hydrostatic excess 
Pore-water pressure 

Pressure gauge 


Figure 9.2 Model used to explain, by analogy, the process of consolidation of a saturated 
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spring begins to compress, more and more of the total load Q is assumed by the 
spring and less and less by the water, as indicated in Fig. 9.2b. Eventually the 
hydrostatic excess pressure is reduced to 0, with all the applied load carried by 
the spring. At this point the deformation would cease, analogous to a complete 
consolidation. 

In correlation with Fig. 9.2b one may view the total stress, a-, resulting from the 
excess load Q, as a constant that is composed of a neutral stress, p., induced by the 
hydrostatic excess pressure, and of an effective stress, zT, induced as the soil particles 
are brought into closer contact with each other. Symbolically we have 

a-=iT+p. (9' 1 ) 

A more detailed description of this phenomenon was given in Section 8.2. 

The rate at which the water exits depends on the size of the petcock. Analogous 
to this system, for a soil with larger pores the water escapes faster, and therefore 
the solids (like the spring in the analogy model) will assume some of the externally 
applied load sooner than in the case of fine-grain soil, where the water exits at a 
slower rate. Correspondingly, the cumulative consolidation will thus be realized at 
a slower rate for a cohesive clay, which typifies relatively poor drainage characteris¬ 
tics, than for the more permeable formations. 

Figure 9.3 depicts the development of compressive deformation with time. The 
initial segment of settlement is usually designated as instantaneous or elastic defor¬ 
mation, attributed to the elastic deformation of the soil without a change in the 
water content. It usually takes place during a relatively short time after the load 
has been applied. With time, the water escapes from the pores, gradually dissipating 
the excess hydrostatic pore-water pressure. The resulting deformation is known as 
primary consolidation. It is the largest of the three phases depicted in Figure 9.3 
and the one singled out in importance for most inorganic clays. 

Evidence exists that indicates that some additional consolidation in clays can 
occur even after the excess pore-water pressure appears to have dissipated. This is 
generally referred to as secondary compression (or secondary consolidation). As 
mentioned previously, its cause is somewhat speculative-perhaps colloid-chemical 


Time 



Primary ronsojklatiqn__ j < 

Secondary consolidatiojrior compressjon)_ 


Figure 9.3 Components of total settlement A H, for a cohesive soil under constant 
load. 
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processes, some small residual excess pore pressure, plastic lag, or some other 
cause. In most cases involving inorganic soils, the secondary consolidation is rather 
small and perhaps negligible; in some highly organic soils, such as peat or some 
colloidal clays, however, the secondary consolidation may be significant indeed. 


9.4 LOAD-DEFORMATION CHARACTERISTICS OF SOILS 


It was mentioned earlier that, unlike some of the engineering materials such as 
steel, which displays a reasonably well defined stress-strain relationship up to a 
point (proportional limit) , soils do not. The typical soil does not follow Hooke's 
law. Furthermore, any degree of proportionality between stress and strain that one 
may construe from test results of one soil will not be applicable to another, even 
if the index properties of the two appear to be alike. In other words, the modulus 
of elasticity for soil, E" is neither a constant nor an easily predictable variable for 
the usually encountered, typically heterogeneous soil masses that the geotechnical 
engineers deal with. 

The load-deformation relationship for clays is generally represented in terms of 
the pressure-void ratio, as depicted by Fig. 9.4, which represents the results of a 
typical laboratory one-dimensional consolidation test. For the sake of comparison, 
the pressure is plotted to natural scale in Fig. 9.4a and to logarithmic scale in Fig. 
9.4b. The logarithmic plotting of the pressure is the more desirable of the two 
methods. 

The first cycle of loading produces a somewhat straight and flat curve (on semilog 
scale) up to a certain pressure. This is followed by a somewhat smooth but rather 
pronounced transition into a steep and relatively straight line, CD. If the pressure 
is removed, the soil will tend to rebound or swell back, but not to the original 
shape; a permanent deformation will have resulted. Then if the load is reapplied, 
the cycle will form a hysteresis loop, with the initial segment of the new curve being 



(a) 



(b) 


Figure 9.4 Pressure-void ratio curves of an undisturbed precompressed 
clay soil, (a) Arithmetic scale. ( b ) Logarithmic scale. 





9.4 Load-Deformation Characteristics of Soils 227 


somewhat parallel to the first. This curve will gradually blend into the straight line 
CDE shown in Fig. 9.4b. The point of transition from a somewhat flat to a somewhat 
steep curve (e.g., point near B) corresponds to a state of pressure known as precon¬ 
solidation pressure. Pc. 

One would expect the original in-situ void ratio of the soil to be different from 
the void ratio at the start of the laboratory test. That is, the extraction process 
obviously relieves the soil sample from in-situ pressures, thereby permitting some 
expansion (i.e., a decrease in the effective stress, and corresponding increase in 
the void ratio) analogous to the effect depicted by the "rebound" curve shown in 
Figure 9.4b. Flence, the very first laboratory load of Figure 9.4b, in fact, represents 
the equivalent of a recompression curve of an in-situ situation. 

The steep straight line of the portion of the pressure-void ratio curve (CDE in 
Fig. 9.4b) assumes the form 


y = mx + c (a) 

or 

e = e 0 - C c log 10 (9-2) 

"o 

where C c is termed the compression index. It is the slope of the straight-line portion 
of the curve on a semilogarithmic plot, with a minus sign indicating a negative 
slope. In Eq. 9-2, e 0 represents the void ratio at a corresponding effective pressure, 
say, P 0 . The compression index can be roughly approximated via an expression 
proposed by Terzaghi and Peck (56) related to the liquid limit of the clay: 

C c « 0.009(LL - 10) (9-3) 

In Fig. 9.46 pressure P c represents the maximum probable pressure the soil 
experienced in situ. It is determined from the e-log p curve (laboratory test curve). 
Perhaps the most widely used procedure for determining P c was proposed by 
Casagrande (9); it will be explained here. Assume that point B in Fig. 9.5 represents 
the point of maximum curvature (smallest radius) on an isolated segment of the 
curve shown in Fig. 9.46. At point B draw a tangent to the curve and a horizontal 
line. Bisect the angle formed by the tangent and the horizontal line. The preconsoli- 



Pressure (logarithmic) 


Figure 9.5 Casagrande proce¬ 
dure for determining precon¬ 
solidation pressure. 
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dated load Pc is given by the point where a line that bisects this angle meets the 
tangent to the virgin curve (e.g., CDE in Fig. 9Ab). 

The present effective pressure, Po, induced by the existent overburden, is com¬ 
puted as the weight of the column of soil above the point evaluated (i.e., Po = yh); 
it is also known as the geostatic pressure. When Po equals P" the clay is said to be 
nonnally consolidated. When Pc is larger than Po, the clay is known as overconsoli¬ 
dated. The ratio of Pc to Po is known as the overconsolidated ratio (OCR); that is, 
OCR = Pci Po. 

Overconsolidation of the clay may have been caused by any or a combination of 
loads: 

• Previous "building" loads, which have since been removed 

• Thicker soil overburden, which has since been removed or eroded 

• Glacial ice sheets, which have since disappeared 

• Fluctuation of the water table 

• Shrinkage stresses 


Example 9.1 


Given Figure OAb is assumed to represent the relationship of the pressure-void ratio 
as determined from a one-dimensional consolidation test; P 0 = 100 kN/m 2 . 


Find The void ratio at any given pressure for these experimental data parameters. 


Procedure At P 0 = 100 kN/m 2 , e„ = 1.19 (by projecting backwards) and at P — 700 kN/m 2 , 
e = 0.78. Thus, 


/ 1.19 — 0.78 \ 
V log(7/l) ) 


0.410 

0.8451 


0.4852 


Answer 


e = 


1.19 - 0.4852 logio 



9.5 ONE-DIMENSIONAL CONSOLIDATION THEORY 


A general consolidation theory of soils would take into consideration stress and 
strain conditions in three dimensions. However, the problem associated with such 
an undertaking is extremely complex (6,14,49). For example, soils are not isotropic, 
homogeneous, elastic, or "ideal" in any way. Hence, to account for the wide 
variations in properties of the typical soil is perhaps mathematically impossible. 
Indeed, because of this difficulty many attempts at three-dimensional consolidation 
analysis focus on numerical or finite-element procedures (12, 17). On the other 
hand, the one-dimensional consolidation theory (1) simplifies the effort greatly and 
(2) satisfies most common needs related to settlement. 
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In the development of the one-dimensional consolidation theory the following 
assumptions are made: 

1 . The pressure-void ratio relationship is well defined, that is, a, = aejau, where 
a,, = coefficient of compressibility. 

2. The seepage flow is restricted to one direction. 

3. Darcy's law applies. 

4 . The soil mass is completely saturated. 

5 The deformation is one dimensional (i.e., in the direction of flow). 

6 The water and solid soil particles are incompressible. 

7. The soil mass is homogeneous. 

8 . The coefficient of permeability is constant. 

Figure 9.6 shows an element taken from a compressible soil mass. The two piezome¬ 
ters record a difference in head dh as shown; the direction of flow is upward. The 
hydraulic gradient i is 

dh 1 du , n 

dz y w dz 


The change in gradient over the distance dz is 

= (b) 

dz y w dz 2 

Applying Darcy’s law (assumption 3), the quantity of water entering the element 
q in , for a constant coefficient of permeability, k, in the z direction is 

q m = vdA = kidA =—^dxdy (c) 

y»oz 



Figure 9.6 Vertical inflow and 
outflow at a point in a soil mass. 
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The quantity of water exiting the element, q oul , is 

*/out 


= 1 *+**dz 
7w V dz 




But dk/dz = 0 since A is constant. Thus, Eq. (d) becomes 

kfdu d 2 u \ 

«“‘^lfc + i? d V d ‘ d5 ’ 


(d) 


(d) 


The change in quantity A q = q om — q m is 

a k d 2 u , 


(e) 


The product dx dy dz represents the volume of the element. Also, by definition 
q = volume/time; hence, A q represents the time rate of change of volume. 

Now revert to some basic definitions: The volume of the voids V v = [e /(1 + e )] 
dx dy dz, and the volume of the solids V s = [1/(1 + e)] dx dy dz. (The expressions 
V v = eV/(\ + e) and T s = V/(l + e) were derived in Example 4.1.) 

Since there is no change in the volume of water or of the solid particles (assump¬ 
tion 6), any change in volume must be in V v . Generally, such a change, with respect 
to time, may be given by 


dVv 

dt 


dt \1 + ej 


dx dy dz 


(f) 


But since V s = [1/(1 + e )] dx dy dz = constant, Eq. (f) becomes 


dt 


de 


1 + e! dt 


dx dy dz 


(g) 


From the assumption of total saturation (assumption 4) a change in flow A q [Eq. (e) ] 
would result in a change in volume of the element [Eq. (g)]. Hence, equating Eq. 
(e) to Eq. (g), we have 



or 

k d 2 u _ ( 1 \ de 

y„, dz~ \1 + e) dt 

From assumption 1, de = a^.du. Hence, Eq. 9-4 becomes 

k (1 + A d~u _ du 
J« \ o, / dz 2 dt 


(9-4) 


(9-5) 


or 


d 2 u _ du 
C '~d£ 2 ~~dt 


(9-6) 
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Equation 9-6 is Terzaghi’s consolidation equation, where C v , called the coefficient of 
consolidation, in square centimeters per second, is 



1 + e 

a, 


(9-7) 


and d 2 u/dt 2 = change in hydraulic pressure gradient, in N/cm 4 

du/dt = rate of change of hydrostatic excess pore-water pressure, in 
N/cm 2 • s 

The solution to Eq. 9-6 for a constant initial pore pressure, u Q , satisfying the 
following conditions: 


at 

z = 0, 

u = 0 


at 

z = 2H, 

s 

II 

o 


at 

t= 0, 

U—Uo 


u = 

V • 

> - sin 

Si M\ 

Mz\ -m"-t 

Hi' 

(9-8)* 


where M 
H 


(u/2)(2m + 1), m= any integer, 1,2, 3, . . . 
one-half thickness of consolidating stratum and 

C t 

T = —^ = time factor 


The percentage consolidation, U, at a given depth and time, t, is 
U= X 100 = (l “ x 100 


(9-9) 


(9-10) 


where u = hydrostatic excess pressure at time t and depth z 

Ui = initial hydrostatic excess pressure at time t = 0 and depth z 

The basic U-T relationship can be developed by combining Eqs. 9-8 and 9-10. 
Thus, we have 


U= 1 


5M 


sin 


Mz 

H 


(9-11) 


Equation 9-11 is represented graphically by Figure 9.7, for a uniform (i.e., rectan¬ 
gular vs. say trapezoidal or sinusoidal shape distribution) initial excess pore pi essure, 
in a doubly drained layer. One notes that the consolidation proceeds most rapidly 
at the drained faces (i.e., at z/H — 0 and at z/H — 2), and slowest at the midpoint 
(at z/H — 1). For example, for a time factor, T, equal to 0.2, consolidation is less 
than 25% complete at the midpoint (z/H = 1), but is about 45% complete at a 
depth of 25% (z/H = 0.5). 

Seldom are we interested in the amount of consolidation at a given depth of a 
clay stratum, as depicted in Figure 9.7. Instead, we are usually interested in the 
average degree of consolidation, U, for the entire thickness of the clay layer. It is 
the consolidation of the entire layer that is relevant to predicting the total settlement 
at a given time. 


For a derivation of this expression, see Appendix B. 



232 Chapter 9 • Compressibility; Settlement 



Consolidation ratio, U, 


Figure 9.7 Consolidation ratio as a function of depth and time factor for 
uniform initial excess pore pressure in a doubly drained layer. 


For a constant initial hydrostatic excess pore pressure, the average degree of 
consolidation over the entire depth of the stratum is 

(9 - 12) 

Equation 9-12 is represented by Figure 9.8. 

It has been found that the following empirical relationships can be used, with 
acceptable accuracy, in place of Eq. 9-12: 

T= ^ U 2 when U< 60% (9-13a) 

and 

T= -0.933 logio(1 - U) ~ 0.0851 when U> 60% (9-13b) 


9.6 DETERMINATION OF COEFFICIENT OF CONSOLIDATION C, 


Only two methods for determining the coefficient of consolidation will be discussed 
here, one by Casagrande and another by Taylor. Although empirical in nature, 
they are rather simple and expedient and give results that are comparable to some 
developed from theoretical expressions (44). 

Figures 9.9 and 9.11 represent the same data from a laboratory test, plotted to 
two different scales. That is, both represent strain or percent consolidation of the 
same clay sample under double drainage, as depicted in Fig. 9.10b. These graphs 
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Time factor, T 


Figure 9.8 Average percent consolidation versus time factor. 


will be used to determine the coefficient of consolidation by the two different 
methods as described below. 

The Logarithm-of-Time Fitting Method 

Figure 9.9 depicts the relationship between strain (percent consolidation) and log 
time for one stage of load. 

The first part of the curve approximates a parabola. Hence, the 0% consolidation 
coordinate may be obtained in the following manner: Select a point of time t at 



Time (minutes) 


Figure 9.9 Time versus consolidation. 
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the early stage of consolidation. Next, determine the difference in the ordinate 
between that point and the one corresponding to 4t. This is designated as 8 in Fig. 
9.9. Then layoff this 8 value above the curve at point t to obtain the corrected 0 
point. 

Casagrande suggested that the point of 100% primary consolidation may be 
determined by the intersection of the tangent to the straight-line portion of the 
primary consolidation curve and the tangent of the straight-line portion of the 
secondary consolidation portion of the curve. With the 0 and 100% consolidation 
points established, one may divide the ordinate into ten equal parts to translate 
the dial readings into percent consolidation. 

With the 0 and 100% primary compression points located, the coefficient of 
consolidation may be computed from Eq. 9-9 and at the 50% point by noting that 
the time factor at the 50% consolidation corresponds to the value of 0.196. Hence, 
corresponding with this time factor, Eq. 9-10 may be rearranged to express the 
coefficient of consolidation given by Eqs. 9-14a and 9-14b for the cases of drainage 
shown in Fig. 9.10. 

For double drainage (Fig. 9.10a), 


c v = 


0.196//- 

4^50 


(9-14a) 


and for single drainage (Fig. 9.106), 



The Square-Root-of- Time Fitting Method 

Proposed by D. Taylor, the 0% and the 100% consolidation can be determined by 
first plotting the dial readings on the ordinate axis to a natural scale and then the 
corresponding values on the abscissa as the square root of time, as indicated in 
Fig. 9.11. 

Taylor observed that the first portion of the curve, perhaps past 50 to 60% of 
consolidation, is essentially a straight line, while at 90% consolidation the abscissa 
is 1.15 times the abscissa of the straight line intersecting the 90% consolidation. 
Hence, Taylor suggested the following method for determining the points of 0% 
and 100% consolidation, and for subsequently determining the coefficient of consol¬ 
idation. 



Figure 9.10 (a) Double drainage. (6) Single drainage. 
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Figure 9.11 Time versus con¬ 
solidation. 


For the data plotted as shown in Fig. 9.11 draw a tangent to the straight-line 
portion of the curve. A second line, coinciding with the point of 0 time, is drawn 
such that the abscissas of this line are 1.15 times as great as those of the first 
line. The 90% consolidation is assumed to be the point of intersection of the 
time-consolidation curve with the second straight line drawn. Hence, a scale for 
the percent consolidation could be drawn by dividing the distance between 0 and 
90% into nine equal parts, as shown in Fig. 9.11. 

The coefficient of consolidation for the curve may therefore be determined from 
Eq. 9-9. Noting that T% from Fig. 9.8 has a value of 0.848, the coefficient of 
consolidation expressions are given by Eqs. 9-15a and 9-15b. 

For double drainage (Fig. 9.10a)-. 


For single drainage (Fig. 9.106), 


Again note that the time-consolidation relationships indicated in Figs. 9.9 and 
9.11 represent the behavior of a specific soil sample subjected to only one load 
range. Hence, the coefficient of consolidation will be altered by different time- 
consolidation curves. 


c v = 


0.848// 2 
4 tan 


0.848 H' 1 

tan 


(9-15a) 


(9-15b) 


Example 9.2 

Given Figures 9.9 and 9.11 represent time-consolidation relationships for the same 
clay sample, 3 cm thick, subjected to a given pressure range under double 
drainage. 

Find (a) The coefficient of consolidation C, for the sample by the two methods 
described. 
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Procedure 


(b) The time necessary for 60% consolidation of the same sample if it were 
2 m thick. Assume an average C v . 

(a) From Eq. 9-15a 

0.848// 2 0.848(3) 2 

4 £% 4 < M 

From Fig. 9.11, at 90% consolidation, \ft = 7.6 and t = 57.76 min. From 
Fig. 9.9, < 5() = 18. 

Thus, based on the time-fitting method, 

0.848(3) 2 
4 X 57.76 X 60 


Answer 


C m = 5.505 X 1CT 4 cm 2 /s 


Based on the logarithm-of-time method, 


C v 50 


0.196(3) 2 
4 X 18 X 60 


Answer 


C v50 = 4.084 X 10 4 cm 2 /s 


(b) Average 


5.505 + 4.084 


X 1CT 4 = 4.795 X 10~ 4 cm 2 /s 


From Fig. 9.8 (tabulated values), T m = 0.286. Thus, 

T m H' 1 0.286(200) 2 
<60 4C V 4 X 4.795 X 10“ 4 

<oo = 5.97 X 10 6 s = 9.94 X 10 4 min 


Answer 


<60 = 69 days 


9.7 ONE-DIMENSIONAL CONSOLIDATION TEST 


The compressive properties of a soil are usually determined in the laboratory by a 
consolidation test (ASTM D-2435-70). The basic apparatus, known as consolidometer, 
is shown schematically in Figs. 9.12 and 9.13. 

Briefly, a consolidometer consists of a ring into which a clay sample, undisturbed 
or remolded, is carefully trimmed and fitted. On top and at the bottom of the 
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Figure 9.12 Cross section of a typical fixed-ring consolidometer. 



Figure 9.13 Cross section of a floating-ring consolidometer. 
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sample are porous stones that permit vertical drainage of the water expelled from 
the soil sample. A load is applied to the specimen via a swivel head in order to 
provide uniform pressure to the soil sample. A dial gauge measures the deformation 
of the sample. 

The soil sample is totally submerged in water during the test, simulating assumed 
total saturation of the in-situ sample. It is the fully saturated clay stratum, in situ, 
that displays the lowest strength and greatest compressibility (3). 

The typical soil sample may vary from about 6 to 10 cm in diameter and from 2 
to 5 cm in thickness. The thicker samples are used infrequently, however, since 
they require a long period of time for complete consolidation. Also, the thickness 
of the soil sample is usually small relative to its diameter (say, one-half or one-third 
of the diameter) in order to minimize the effects of friction between the soil and 
the ring. In Fig. 9.12 the ring remains fixed relative to the base, whereas in Fig. 
9.13 the ring floats relative to the base of the apparatus. 

Although various load increments may be used (33,35,47,48,60), it is customa- 
to use a sequence ofloads oft t 1,2,4, and 8 kg/cm 2 ; that is, each load increment 
is double the preceding load. Although it is desirable that every load increment 
be sustained for 24 h, it is often satisfactory to load the soil every 4 to 5 h for small 
loads and adopt the 24-h recommendations only for the increments for which more 
reliable results are required. Dial readings are recorded at the beginning of the 
test and usually at 0.25, 1, 4, 9, 16, 25, 36, 49, 64, 100, and 1440 min. Sometimes 
more frequent readings are recorded. Mter the largest load for the test has been 
applied, the load is usually decreased in two to three increments, permitting a 
plotting of pressure with the void ratio during the rebounding phase of the test. 
One may consult almost any manual on soil testing for a more detailed description 
of the test. 

Before and after the consolidation test begins, the water content and the weight 
of the sample are determined. Subsequently, the specific gravity of the soils is also 
determined, permitting the determination of the void ratio for each increment of 
load. 

It is quite apparent that a sample tested is far from being totally undisturbed; 
that is, the sample is extracted from the stratum (usually via a Shelby-tube sampler), 
is further extracted from the sampler (usually pushed out), is handled during the 
trimming process, is further deformed during the fitting into the consolidation 
ring, and so on. It is with this in mind that the author has found the testing 
of samples cut from Shelby tubes, tested in the cut section of the tube, 
a most desirable approach. Here the Shelby tube is cut to a desired length with a 
clay sample inside it. Instead of extracting the sample, trimming it, and fitting it 
into a ring, the soil is tested within the Shelby tube, with the Shelby tube acting as 
a floating ring. This method (1) permits an accurate reading of the thickness, (2) 
eliminates the necessity for extracting, trimming, and general handling, (3) permits 
consolidation testing of coarser textures (mixture of sand, clays, and silts), 
which frequently fall apart during the extraction and trimming processes, (4) 
reduces the sample disturbance, and (5) appears more accurate as well as more 
expedient than those described above. In essence, the apparatus is identical to that 
shown in Fig. 9.13 for the floating-ring consolidometer. The only difference is that 
the ring is a Shelby-tube section, which is dispensed with after the completion of 
the test. 
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Figure 9.14 Table model con¬ 
solidation test apparatus. 
(Courtesy of Soiltest, Inc., Lake 
Bluff, Ill.) 


With some appropriate adjustments, virtually all types of consolidation apparatus 
can accommodate either a fixed or floating-ring consolidation unit. One such 
apparatus is the table model shown in Fig. 9.14. 


9.8 SECONDARY COMPRESSION 


As was pointed out in Section 9.3, additional deformation can occur in clays for a 
considerable period of time after the primary consolidation has ceased. This occurs 
at a much slower rate, at a very small seepage velocity, and presumably under zero 
excess pore pressure. Actually some excess pore pressure (perhaps too small to be 
measured) must exist to cause the outward seepage. 

The amount of secondary compression can be estimated by maintaining a con¬ 
stant load on a clay long enough past the point of primary consolidation to establish 
a relationship between secondary deformation and time. An example of this is 
given by the lower portion of the curve in Fig. 9.15. 

The slope of this portion of the curve is called the coefficient of secondary compression 
C" given by Eg. 9-16: 


_ £ I e 2 

log ih/h) 


(9-16) 


where e, and e 2 are strains at times t\ and t 2 , respectively. Some common ranges 
of C a are given in Table 9.1. The amount of settlement associated with secondary 
compression may be estimated via Eq. 9-22. 
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Figure 9.15 Determination of 
the coefficient of secondary 
consolidation. 


9.9 IMMEDIATE (ELASTIC) SETTLEMENT 


As indicated previously, the immediate (frequently referred to as elastic) settlement 
occurs immediately as a load is applied and prior to the drainage of the pore water. 
In a general sense, the equation for estimating immediate settlement takes the 
form of AH = PL/AE = qL/E. The difficulty with this type of equation, however, 
is in determining the values for q, L, and E. Boussinesq expressions from the 
previous chapter (or Westergaard in Appendix A) provides us with a reasonable 
procedure for determining the gat any given depth. It becomes a little more difficult, 
however, to relate the stress influence over the depth L of the compressible layer 
and to determine a representative value for E. Hence, estimates of elastic settlements 
are made using elastic theories adjusted to fit experimental or in-situ findings. Such 
an equation, based on the theory of elasticity, assuming a load at the surface of a 
semi-infinite, elastic, weightless half-space, is Eq. 9-17: 

AH= v = qB ( - Z ^ l) 7 P (9-17) 


where q 
B 

h 

E 

P 


uniform contact pressure 
footing width ( L/B ^ 1; L — footing length) 
influence coefficient (see Eq. 9.18 or Fig. 9.15) 
stress-strain modulus (or modulus of elasticity) of soil 
Poisson’s ratio of soil 


The value of 7 p may be calculated from Eq. 9-18 proposed by Steinbrenner (49) 
for flexible footings (e.g., steel tank resting on ground). For rigid footings (e.g., 
stiff concrete footings) the 7 p values are approximately 7% smaller than for the 


Table 9.1 Some Common Values of C a 


Overconsolidated clays 
Normally consolidated clays 
Organic soils, peats 


0.0005-0.0015 
0.005 -0.03 
0.04 -0.1 
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1 2 3 4 5 

Ratio, | 


Figure 9.16 Influence factor 7 p 
at corner of rectangular foot¬ 
ing, based on Eq. 9-17. 


flexible type (47): 


h 


1 

77 



1 + V{L/B) 2 + 1 
L/B 




(9-18) 


Figure 9.16 gives the relationship between the L/B ratio and 7 p as expressed by 
Eq. 9-18 for a comer of a rectangular area. For any other point 7 p can be obtained 
by dividing the given area into rectangles that have a common corner at the point 
in question, then superimposing their effects. 

Table 9.2 provides some approximate average values for E and p. These may be 
used in Eq. 9-17 to calculate rough estimates of settlement. Since values of E and 
p may vary greatly, such settlement calculations should be viewed accordingly. 
Experimental verification is indeed advisable for more dependable evaluations or 
more important projects. 

The basic difficulty in calculating elastic settlements in soil by equations such as 
Eq. 9-17 lies in the heterogeneous nature of virtually all soils and, thereby, in 


Table 9.2 Approximate Average Values for E 
and p* 


Soil Type 

E 

(MN/m 2 ) 


Clay 

Soft 

3 

0.4 

Medium 

7 

0.3 

Hard 

14 

0.25 

Sandy 

36 

0.25 

Sand 

Loose 

15 

0.2 

Dense 

80 

0.3 

Sand and gravel 

Loose 

100 

0.2 

Dense 

150 

0.3 


* Actual values may vary widely from those shown. 
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establishing reliable values for E and fx. Estimates of E can be obtained by plotting 
the stress-strain data from triaxial tests. The initial tangent modulus (for one or 
more load cycles) is the usual value assumed for E. Also, much evidence exists that 
suggests some relationship between E and the N values from Standard Penetration 
Tests. The cone penetration test provides still another means of estimating E. 

Perhaps a more inclusive approach for estimating E and/or settlement, and one 
that accounts (to some extent) for both values of E and /x, is the plate-load test 
conducted at the building site. Two or more plates of different sizes are subjected 
to loads, say P, arid P,. The respective settlements are measured (say Sj and s 2 ). If 
the L/B ratio is the same for both, then / p is also the same for both. Hence, assuming 
a linear relationship, from Eq. 9-17 


1 ~ M 2 j _ ri ~ *2 

E p (J\B ] — q 2 B 2 


(9-19) 


The quantity [(1 — fx 2 )/E] I f can be viewed as a slope of the ( s-qB ) relationship 
and regarded as a constant for the soil of a given site. Hence, this would imply that 
an estimate could readily be made of a prototype footing from Eq. 9-17 for its 
value of qB and / p since the “slope” is known. Size effects, however, require some 
adjustment in this regard. Terzaghi and Peck (56) proposed a relationship between 
settlements of a prototype footing and that from a 0.305-m square plate as 


•V = 



(9-20) 


where s 


B 


settlement of prototype footing subjected to bearing pressure q 
settlement of 0.305-m X 0.305-m plate subjected to bearing 
pressure q 

width of prototype footing (m) 


Example 9.3 


Given A 2-m X 2-m footing supports a 1300-kN column load. Another footing 2.5 m X 
2.5 m supports a 2000-kN column load. The two columns are 8 m apart. Plate¬ 
load tests were run on two square plates; one plate was 0.305 m X 0.305 m, the 
other 0.61 m X 0.61 m. The loads on the two plates were equal at 30 kN for 
each plate. Average corner settlements of the two plates were 2.5 and 1.5 cm, 
respectively. The Poisson ratio of the soil is approximately 0.35. 


Find 


(a) The stress-strain modulus E of the soil. 

(b) The probable elastic settlement of each footing. 

(c) The differential settlement of the footings and the probable effect such 
settlements may have on the structure if the two columns are part of a 
system of columns supporting a continuous beam on which rests a masonry 
wall. 

(d) Compare settlements based on Eqs. 9-17 and 9-20. 
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Procedure 


(a) Let us refer to the small plate as plate I and to the larger one as plate 2. 
The corresponding soil pressures, settlements, dimensions, etc., will be 
designated by q,, s 1; B u etc. 




30 kN 
(0.305 m) 2 


322.5 kN/m 2 


30 kN 

?2 (0.61 m) 2 


80.6 kN/m 2 


q , = 322.5 X 0.305 = 98.4 kN/m 

q 2 B 2 = 80.6 X 0.61 = 49.1 kN/m 
s, = 2.5 cm = 0.025 m 
s 2 = 1.5 cm = 0.015 m 
From Fig. 9.16, for L/B = 1, 

/ p = 0.56 

which is the same for both. The data may be plotted as shown in Fig. 
9.17. 


From Eq. 9-19 

1 ~ii 2 (2.5- 1.5) X IQ- 2 _ 1 X IQ 2 
E p 98.4- 49.1 49.3 

Thus, 

E = (1 - 0.35 2 ) X 0.56 X 49.5 X 10 2 


Answer 


E = 2423 kN/m 2 = 2.42 MN/m 2 


(b) The settlement for the two prototypes can be determined via Eq. 9-20, 
using the settlement for the 0.305-m X 0.305-m plate. This was the size 



Figure 9.17 qB versus S relationship for the test loads. 
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on which the equation was suggested. For the prototype, q 3.25 
kN/m 2 each. Thus, 

( 6.56 B \ 2 nr ( 6.56 X 2 V 
52x2 S '\3-28 B+\) 5 \3.28 X 2 + 1/ 

_ /16.40 V 

525X25 “ 2 ' 5 { 9.20 J 


Answer 


$ 2 x 2 = 7.55 cm (3 in.) $ 2 . 5 x 25 = 7.93 cm (3.12 in.) 


(c) The differential settlement = 0.4 cm. 

From Table 9.3, the probable tolerable settlement ~ 0.001 L = 
0.001(800 cm) = 0.8 cm. 


Answer 


Differential settlement = 0.4 cm 
Probable tolerable settlement = 0.8 cm 


Thus, the wall may be safe against cracking. The total settlement (aver¬ 
age = 7.75 cm) is, however, rather high and may not be acceptable for 
reasons other than cracking. 


Answer 


( d ) six!- (^|r) B(slope) - (^) (j^) “ 11 m ” 11 cm 

016m * 16cm 


$2x2 =11 cm > 7.55 cm $25x2.5 = 16 cm > 7.93 cm 


9.10 THREE-DIMENSIONAL CONSOLIDATION 


In Geotechnical Engineering it is common to predict the magnitude and progress 
of consolidation and subsequent settlement based on Terzaghi's one-dimensional 
theory of consolidation, discussed in the preceding section. The assumptions on 
which the theory is based have been listed in Section 9.5. The validity of some of 
these is questionable, and therefore may deserve qualitative scrutiny. 

Briefly, in the one-dimensional theory the strains (vertical deformations) are 
assumed to be directly proportional to the change in the vertical stress, which is 
assumed to be. at anyone time, equal to the excess pore pressure since dissipated. 
Furthermore, the total vertical stress is constant and uniformly distributed and is 
equal to the applied load. Also, the lateral strains are assumed to be zero, and the 
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flow of water is assumed going in only one direction. Actually, the geometric and 
stratigraphic conditions never permit such boundary conditions. 

A more realistic assessment is that the total stress is not time independent, the 
effective stress and normal strains are not really linearly tied, and the excess pore 
pressure also varies with time. Pore pressures dissipate at a rate faster than that 
predicted by the one-dimensional theory. For zero lateral strain either total lateral 
physical restraint must be provided, or the load must be distributed uniformly over 
an infinite area. Also, the dissipation of pore pressure is not only one dimensional, 
but is likely to be, in many cases, as large in the horizontal direction as in the 
vertical direction, or even larger. 

The above constitutes apparent simplifications on which the one-dimensional 
theory rests. Hence, three-dimensional consolidation theories have been proposed 
to account for a more general set of boundary conditions, nonlinear (7 -8 relations, 
layered systems, and large strains (6, 14,27,45,47-49). They constitute much more 
complex mathematical formulations and are beyond the scope of this text. 


9.11 SEITLEMENT PREDICTIONS BASED ON 
ONE-DIMENSIONAL CONSOLIDATION 


Although based on perhaps oversimplified assumptions, as briefly described in 
the previous section. Terzaghi's one-dimensional consolidation theory is relatively 
simple mathematically and has proven of value in many practical applications. 
Hence it remains a commonly used basis for estimating settlement. Here we shall 
briefly focus on settlement predictions for (1) normally consolidated clays and (2) 
overconsolidated clays. 


Normally Consolidated Clay 

Figure 9.18 represents a schematic of a homogeneous totally saturated clay mass. 
For the sake of illustration, the total volume is divided into totally saturated voids 
and solids. As mentioned in the previous discussion, the relative amount of deforma¬ 
tion of the solids is negligible. Hence, it is the change in the void volume that is 
assumed to be the cause of the settlement. Thus, the total settlement S equals the 
total change of stratum thickness !:iH: 

S=AH=H i -H t =h l -h 2 ={h i -h i )^=H i ( ^rr) 

H i \h,+ h i/ 



A H 



Figure 9.18 Soil phase diagram. 
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or 


S= A H = — ]lA/Jh = u 

(A s + h 1 )/A s 



(9-21) 


where the quantities H,, H f , h u h s are shown in Fig. 9.18. In terms of pressure, 
assuming a straight-line relationship (semilog scale) between e and P, we have from 
Eq. 9-2, 


e n ~ 


_ ~ , P „ Po + AjP 

e = e, - e { = C ( log,„ — = C c log 10 ——- 


Substituting in Eq. 9-21, 


S = A// = 



C c log 10 




(9-22) 


Either Eq. 9-21 or Eq. 9-22 is a suitable expression for settlement for a normally 
consolidated clay, although Eq. 9-22 is perhaps the more convenient of the two 
since e { is not needed. P 0 and APcan be calculated via methods detailed in Chapter 8. 


Example 9.4 


Given A footing is placed on the silty clay stratum, with properties shown in Fig. 9.19. 
Then a 4-ft fill layer is added, as shown. 

Find (a) Estimate of AH. 

(b) Time span for 6 in. of AH to occur. 


Solution 


To find e 


A H= S = 


H 
1 + 


C c log 


(^) 


_ 102 

“ 62.4 


1.63 


New elevation 


+4' 


Old elevation 


Silty clay 


W.L. 


- 10 ' 


75 Kips 



' WMfflT 

5' x 5' footing New fill 

y= 135 pcf 


y= 102 pcf (in situ) 

0) = 22%; $ = 5°; G=2.6 
q. = 0.3 

C’ v = 5 x 10 -4 cm 2 /sec. 
Normally consolidated 


. Sand & Gravel 


Figure 9.19 Isolated footing. 
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Assume 


w s = 100g^ V s = ^ = 38.5 

W„ = 22 g: V„ = 22 cm* 

W 122 




G 1.63 
36.3 


= 74.8 cm 3 => V, — 36.3 cm 3 


= 0.94 

38.5 

At midpoint of clay: p = 102 X 5 = 510 lb 

A P = A P at new fill weight + A P at column load 
At new fill: AP = 135 X 4 ft = 540 psf 

'75,000 


At col. load I 


Hence 


A P = 


5X5 

= 1050 psf 


(0.35)—see Fig. 8.16 or Table 8.5 

(for z w B =» 5 ft, under <£, of footing) 


A P = 540 + 1050 = 1590 psf 


Thus 


A H= S = 


120 


For 6 in., 


% = 

hi ~ 

ttft — 


1 + 0.94 


53% 


(0.3) 


, .510 + 1590Y 

,OS I 510 ) 


11.4 in. 


11.4 

midi. 

4 c v ’ 

0.22(304.8) 2 
4 X 5 X 10" 4 


H= 120 in. X 2.54 cm/in. = 304.8 cm 
= 1022 X 10 4 sec = 17 X 10 4 minutes 


or 


t 53 = 118 days 

The expression for secondary settlement A H s can be estimated from Eq. 9-23: 

AH S = HC a hjtAl (9-23) 


where C a is given by Eq. 9-16. 

For a layered system (more than one consolidation layer) the problem becomes 
significantly more complicated. This becomes apparent when one uses the rela¬ 
tive permeabilities of the different strata and the different coefficients of com¬ 
pressibility. The excess pore-pressure dissipation of the various strata is difficult 
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Figure 9.20 Determination of 
C c for overconsolidated clays. 
[After Schmertmann (50).] 


to evaluate in a meaningful manner, since one stratum serves as a drainage 
medium for the other. 


Overconsolidated Cloy 

When the soil is overconsolidated (i.e., P c > P 0 )» the compression index C c is 
different from that used in Eq. 9-18. An approach for determining C r for such a 
case was developed by Schmertmann (50). Referring to Fig. 9.20, the procedure is 
as follows: 

1. Plot the laboratory one-dimensional consolidation curve as shown. 

2. Compute P 0 and e 0 . Point a is the coordinate point for these values. 

3. Determine P c . One method was described in Section 9.4, Fig. 9.5. 

4. Determine the slope C r of the rebound-curve segment de. Use that slope to 
draw line ab. Thus, point b is determined. 

5. From an ordinate value of OAe 0 draw a horizontal line to intersect the exten¬ 
sion of the laboratory curve. This determines point c. 

6. Connect points b and c with a straight line. The slope of this line is C c for 
overconsolidated clays, as suggested by Schmertmann. 

Example 9.5 -—— 

Given The plotted data shown in Fig. 9.21. 

Find Estimated average settlement from primary consolidation of clay layer under 
center of footing. 

Procedure The midplane of the clay thickness wall be assumed to represent the average 
behavior of the clay stratum. Thus, P 0 is the sum of the following: 

3 m X 19.62 kN/m 3 = 58.86 kN/m 2 
7m X 9.80kN/m 3 = 68.60kN/m 2 
2 m X 9.60 kN/m s = 19.20 kN/m 2 


P 0 = 146.66 kN/m 2 







Void ratio e 
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0.1 100 ^ c =150kN/m 2 1000 


Pressure (kN/m 2 ) 

(b) 

Figure 9.21 Pressure-void ratio relationship for the given clay stratum. 


From Fig. 9.216, P c ~ 150 kN/m 2 . Thus, clay is normally consolidated. Also, 
e 0 *=« 0.81. 

Now determine A P. From Table 8.5, for z = 10 m (midsection of clay) and 
Figure 9.22 


m = & = 0.286, 


n = re = 0.5, 
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5 m 



- ‘ ' r ’■ • 




Figure 9.22 The pressure un¬ 
der the center of footing is four 
times that under the corner of 
the shaded area. 


and 


Hence 


From 


we have 


f z (m, n) == 0.0711 (say 0.071) 


AjP= 4 X 0.071 X 


28,000 
8 X 10 


99.54 kN/m 2 


S = A H = 


H 


1 + e 0 


C log. 


Po +AP 


A H = 


4 m 

1 + 0.81 


(0.31) log,,, 


146.66 + 99.54 
146.66 


0.154 m 


Answer 


AH = 15.4 cm 


9.12 SETTLEMENT DURING CONSTRUCTION 


The change in the effective pressure !J.p is normally time dependent rather than 
instantaneous. During the construction of most buildings, the application of load, 
and therefore IJ.P, may be realized over a relatively long period of time-perhaps 
many months or sometimes years. Figure 9.23a shows a typical load-time relation¬ 
ship during a construction period. The dashed line indicates the assumed load 
rate. Figure 9.23b shows the time-settlement relationship (calculated from theory) 
for instantaneous loading. This is shown by curve aCEE. The "corrected" settlement 
could be obtained by a method proposed byTerzaghi and further refined by Gilboy 
by assuming that (1) the actual settlement at the end of the construction time 
would be about the same as that resulting from the total load acting for half of the 
loading time, and (2) the load-time relationship is linear, as indicated in Fig. 9.23a. 
Thus, based on these two assumptions, the settlement at the end of the loading 
period is equal to the settlement on the instantaneous-load curve corresponding 
to one-half of the total loading period. At any other time t the actual settlement is 
equal to t/t f of the settlement AC Hence, a number of points could be determined 
in this manner, thereby yielding the "corrected settlement" curve shown in Fig. 
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Figure 9.23 Procedure for de¬ 
termining settlement during 
construction period. 


9.23b. The corrected settlement curve beyond the completion of construction is 
assumed to be the same as the instantaneous-load curve, offset to the right by one- 
half the construction period. 

9.13 TOLERABLE SETTLEMENTS IN BUILDINGS 


The problem of settlement has plagued engineers and builders for a very long 
time. Some of the largest rates and total magnitudes of settlement are found in 
Mexico City, where rates of settlement of 20 to 30 cm per year and total settlements 
in excess of 1 m over the years are not uncommon. The "leaning" Tower of Pisa 
in Italy is perhaps the most famous example of a structure which, according to 
recent measurement, has settled 2.8 m on one side and 0.8 m on the other. This 
corresponds to a differential settlement of 2 m and a tilt in excess of 5° (39). 
Undoubtedly many of the architectural masterpieces of long ago and somewhat 
more recent ones, such as the Campanile Tower in Italy, collapsed due primarily 
to high differential settlement. Indeed, the general problems of settlement and the 
establishing of tolerable settlement limits in buildings are still plaguing us. 

Subsequent to his evaluation of various data and a review of building codes in a 
number of countries, Feld (18) in essence concluded that no answer may be ex¬ 
pected as to how much settlement can be tolerated by a given structure without 
the availability of further pertinent data that would reflect various rigidities and 
different rates of settlement. Skempton, Peck, and McDonald (52) reviewed 98 case 
histories and concluded, in part, that slopes of 8/ L = 1/300 may cause cracking 
of panels in frame buildings and slopes of 1/150 may cause structural damage to 
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Table 9.3 Apparent Tolerable 
Differential Settlements 


Structure 

Maximum 

Single-story masonry buildings 

0.0015L* 

High masonary wall 

O.OOIL 

Continuous steel frame 

0.002L 

Simple steel frame 

0.005L 

Reinforced concrete building 

0.003L 

Smokestacks and towers 

0.004L 


* L = horizontal distance between two points consid¬ 
ered for differential settlement. 


columns and beams (where 8 represents the differential settlement over a horizontal 
distance L). Grant, Christian, and Vanmarcke (22) combined the data from 95 
additional buildings with those of Skempton, Peck, and McDonald. They concluded 
that at deflection slopes 8/ L exceeding 1/300 buildings will probably experience 
some damage. These and numerous other studies reflect caution in using any hard 
and fast figures without due regard to many variables (e.g., type of construction, 
functional and structural tolerances, soil conditions). In other words, a value of 
8/ L ~ 1/300 should be viewed merely as a broad estimate; each site and building 
should be evaluated individually. 

Guidelines or ranges of tolerable settlements, usually based on history of perfor¬ 
mance, are sometimes found in area building codes or in technical literature. Table 
9.3 provides recommended maximum values for differential settlement. Some lower 
values may be warranted for rather important or critical installations. 

Problems 


9.1 Define: (a) normally consolidated clay, (b) overconsolidated clay, (c) over¬ 
consolidated ratio. 

9.2 Define and explain the nature of (a) primary consolidation and (b) secondary 
compression. 

9.3 The graph of e-Iog p shown in Fig. P9.3 represents the lab loading results 
of a one-dimensional consolidation test. Determine the compression index: 



10 100 1000 

Pressure (kN/m 2 ) Figure P9.3 The e-log p test. 
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(a) if Po — Pc; (b) if Po — 90 kN/m 2 - Use Casagrande's method for determin¬ 
ing Pc. 

9.4 Assume that the e-log p relationship shown in Fig. P9.3 is representative of 

the clay stratum shown in Fig. P9.4. Determine: (a) Po and Pc- (b) OCR. 

9.5 Assume that the e-Iog p relationship shown in Fig. P9.3 is representative for 

the clay shown in Fig. P9.4. Determine: 

(a) C c via Schmertmann' s method. 

(b) An estimate of the settlement under the center of the footing. 

(c) An estimate of the settlement under a corner of the footing. 

9.6 Assume that the e-log p relationship shown in Fig. P9.6 represents the labora¬ 
tory results of a one-dimensional consolidation test. The clay stratum from 
which the test sample was extracted was 3.5 m thick, totally saturated. Assume 
Po = Pc. How much additional effective pressure can the clay withstand if 
the ultimate expected settlement is not to exceed 12 cm? 

9.7 (a) Repeat Problem 9.6 assuming Po — 0.8Pc' 

(b) For Po — 0.8Pc determine how much additional effective pressure the 
clay can withstand if the expected settlement is not to exceed 24 cm. 
Is LIPfrom part (b) twice that from (a)? Explain. 

9.8 Refer to Fig. P9.8. 

(a) Determine the points of 0 and 100% consolidation. 

(b) Determine the percent consolidation scale from the results of part (a). 

9.9 Determine the coefficient of consolidation in Fig. P9.8, assuming that the 
soil sample connected with this graph was 2.7 cm thick, tested with a top 
and a bottom porous stone. 

9.10 Determine the time for 50% consolidation of the sample in Problem 9.9 for 
various thicknesses, (a) 1 m. (b) 3 m. (c) 8 m. State any assumptions. 



Figure P9.4 Strata information. 
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10 100 1000 Figure P9.6 Plotted consolida- 

Pressure (kN/m 2 ) tion-test data. 


9.11 (a) Repeat Problem 9.10 for 30, 40, 60, and 70% consolidation. 

(b) Draw a graph of percent consolidation versus time for a thickness of 
3 m. Does the shape resemble that of Fig. 9.7? Should it? Explain. 

9.12 The column-footing combination of a parking garage supports an 8-MN 
(8 X 10' 1 newtons) load and rests on layered strata as shown in Fig. P9.12. 
Assuming that the clay compressibility is represented by Fig. P9.3, determine 
the total settlement of the footing. State your assumptions. 

9.13 Determine the size of the footing for Problem 9.12 if the tolerable settlement 
is to be limited to 10 cm. 



0.1 1.0 10 100 1000 

Time (min) 


Figure P9.8 Compression-time relationship. 
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9.14 Determine the total settlement for the foundation condition shown in Fig. 
P9.14. Assume the submerged average unit weight of the sand and gravel as 
well as that of clay to be 9 kN/m 3 - 

9.15 A reasonably homogeneous layer of clay, 4 m thick, is expected to experience 
an ultimate settlement of 160 mm. Mter 3 years the average settlement was 
measured to be 55 mm. How much longer will it take for the average settle¬ 
ment to double (to 110 mm)? 



4 


Figure P9.14 Strata information. 
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.* •/: ‘-Sand and gravel : • ':/ : ‘ \ -v • 


Figure P9.16 Strata profile. 


Column A shown in Fig. P9.16 is part of an existing building that had been 
erected long, long ago. A Mr. Doe comes along and decides to build a new 
building with a basement as shown. About a year later, measurements indicate 
that column A has settled. Assume normally consolidated conditions. 

(a) Explain the reason for this settlement. 

(b) Determine the theoretical maximum the column might have settled. 
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CHAPTER 10 


Shear Strength of Soil 


10.1 INTRODUCTION 


In many soil mechanics problems, the shear strength of the soil emerges as one of 
its most important characteristics. Indeed, this problem group may include: 

1. Stability of slopes (e.g., hillsides, cuts, embankments, earth dams) 

2. Ultimate bearing capacity of a soil 

3. Lateral pressure against retaining walls, sheeting, or bracing 

4. Friction developed by piles 

Only a small number of construction problems are not in some manner related to 
the shear strength of the soil. 

The shear strength of the soil may be attributed to three basic components: 

1. Frictional resistance to sliding between solid particles 

2. Cohesion and adhesion between soil particles 

3. Interlocking and bridging of solid particles to resist deformation 

It is neither easy nor practical to clearly delineate the effects of these components 
on the shear strength of the soil. This becomes more apparent when one relates 
these components to the many variables that directly or indirectly influence them, 
not to mention the lack of homogeneity and uniformity of the characteristics that 
typifY most soil masses. For example, these components may be influenced by 
changes in the moisture content, pore pressures, structural disturbance, fluctuation 
in the groundwater table, underground water movement, stress history, time, per¬ 
haps chemical action, or environmental conditions. 
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There are a number of tests, both laboratory and field, that are used to obtain 
a measure of the shear strength of a given soil. These are coupled with various 
theoretical considerations. A combination of the theoretical with the experimental 
efforts provides the background and tools for the basic understanding of and 
dealing with many of the phenomena related to the shear strength of the soils. 


10.2 BRIEF REVIEW OF SOME ELEMENTS FROM BASIC MECHANICS 


With some appropriate modifications, many of the concepts used in some of the 
basic mechanics courses can be employed to explain various phenomena in soils. 
This has already been partially demonstrated in connection with groundwater, 
pressure distribution, and so on. discussed in some previous chapters. In this chapter 
we shall focus on the soil strength and some related parameters. By way of introduc¬ 
tion, however, it may be advisable to review some of the relevant basic ideas presum¬ 
ably presented to all students as prerequisites to this course. 

Friction Between Solid Bodies 

A block of weight W is placed on a horizontal plane as shown in Fig. 10.1. The 
forces acting on the block in Fig. 10.la are its gravity and the reaction of the plane. 
Although a friction force is "available," it does not come into play since there is 
no horizontal force applied to the block. Suppose now that a horizontal force, PI, 
is applied to the block, as shown in Fig. 10. lb. If Pj is small, the block will not 
move; the resultant, Ra, makes an angle, a, commonly referred to as the angle of 
obliquity offorce P i . For equilibrium, a resisting horizontal fore e, FI, must therefore 
exist to balance PI. For this case, the angle a is less than the angle of friction 
denoted by 4J. N is the component of the weight normal to the plane. 

If the applied horizontal force is increased to Pi as shown in Fig. 1 0.1 e, the 
friction force also increases to a value of Fp It reaches a maximum value when the 
angle of obliquity a is equal to the angle of friction, 4J. One notes that at this point 
a state of impending motion (slip) exists. For the range of values 3 < a < 4] no 
slip or sliding occurs. At the point of impending motion, the maximum or available 
frictional force F could be related to the normal resisting force by a coefficient of 
friction JL as given by Eq. 10-1: 


F = JLN (10-1) 

The coefficient of friction JL is independent ofthe area of contact. It is, however, 
strongly dependent on the nature of the surface in contact-the type of material, the 
condition of the surface, and so on. Furthermore, in most materials the coefficient of 
static friction is somewhat larger than the kinetic coefficient. 

If the horizontal force is increased to a value of P 3 as shown in Fig. lO.ld, such 
that the angle a is greater than 4J, the block will start sliding. The frictional force 
cannot exceed the value given by F = JLN, and therefore the block will accelerate 
to the right. 

A similar analogy is indicated in Fig. 10.2. The block resting on a plane inclined 
at an angle al will remain at rest provided the angle al is less than the friction 
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Figure 10.1 Development of friction on a horizontal plane. ( a) 
No friction. ( b ) Development of friction, (c) Friction, impending 
motion, (d) Friction, motion (acceleration). 



Figure 10.2 Development of friction on inclined plane, (a) Friction, no motion. ( b ) 
Friction, impending motion. ( c) Friction, motion (acceleration). 
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angle, cpo The frictional force Fis only as large as necessary to balance the component 
of the weight parallel to the plane. On a steeper slope, as indicated in Fig. 10.2b, 
we have a case of impending motion when the angle of the plane, a2, equals the 
angle of friction, cpo It is equal to the coefficient of friction times the normal force, 
as indicated by Eq. 10-1. Finally, if the plane is inclined at an angle a3 that is greater 
than angle Cp, the block will start sliding. The maximum available frictional force 
is smaller than the component of the weight parallel to the plane. 

From either Fig. 10.1 cor Fig. 10.2b, both conditions of impending motion, one 
notes that 

tan </> = £ = F- (10-2) 

Although the frictional resistance in sands and other cohesionless granular mate¬ 
rials resembles that discussed above, there are some important differences. In such 
soils the frictional resistance consists of both sliding and rolling friction, coupled 
with a certain degree of interlocking of the solid particles. In addition, various 
other factors, such as degree of saturation, particle size and shape, consistency, or 
intergranular pressure, have a pronounced effect on the shear strength of the soil. 

Stress at a Point 

One may recall from mechanics that, in general, both normal and shear stresses act 
on planes passing through a point in an element of mass that has been subjected 
to external loading. Figure 10.3 depicts these stresses on a small element containing 
point A, which is located within the mass shown in Fig. 10.3a. The stresses normal 
to a plane are designated by (T and those parallel to any given plane by t. Thus, 
nine components of stress define the state of stress at a point. If such stresses on 
all possible planes through a point are investigated, three planes at right angles to 
each other will be found to be subjected to normal stresses only, as shown in Fig. 
10.3c. These stresses, in our case <ti, (T2. and (T 3 , are known as princiPal stresses, and 
the planes on which they act are known as principal Planes. Sometimes these planes 
are further defined as the major, the intermediate, and the minor principal planes, 
tied to the magnitudes of the respective stresses acting on them. Of course, such 
planes are at a different orientation from those shown in Fig. 10.3b since shear 
stresses do not exist on principal planes. 

It is convenient, and in the case of soil studies usually sufficient, to illustrate some 
of the above-mentioned relationships by considering the case of biaxial stresses, as 
shown in Fig. lOA. The element in Fig. lOAb is an enlarged version of the element 
indicated in Fig. lOAa. As mentioned previously, the general case of stress consists 
of both normal and shear stresses. Now let us assume the element to be cut by a 
plane passing through m-n, and place the left segment in equilibrium, as shown 
in Fig. WAc. If the inclined plane is oriented e degrees relative to the y axis, and 
if An represents the area on the inclined plane, the areas of the vertical and 
horizontal faces of the elements are An cos £ and An sin £, respectively. The 
components of these forces, parallel and perpendicular to the m-n plane, are shown 
by the dashed lines. Summing the force in the direction normal to the plane, we 
have 

cr„AA„ = a x (AA n cos 6) cos 6 — T„(AA n cos 0) sin 9 

+ cr T (AA„ sin 0) sin 0 — t^,(A A„ sin 0) cos 6 
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Figure 10.3 Stress at a point; case of triaxial stresses. ( a) Point A in element 
of mass subjected to load. ( b ) General state of stress at point A. (c) Principal 
stresses at point A. 


which reduces to 

(T n = cr x cos 2 0 + o', sin 2 0 - 2t„ sin 0 cos 0 

From the trigonometric identities, 

cos 20+1 n . n sin 2d 9 „ _ -cos 20 +2 

cos 2 0 = ---; cos 0 sin 9 -——; sin 0- g 

Thus, after rearranging terms, in terms of double angles, the above equation be¬ 


er. + a. 


+ ( _ — 1 cos 29 - t„ sin 26 


(10-3) 2 


* For a more comprehensive treatment, seej. N. Cemica, Strength of Materials, 2nd ed., Holt, Rinehart 
and Winston, New York, 1977. 





264 Chapter 10 • Shear Strength of Soil 



Summing forces in the direction parallel to the plane, we have 

tA A„ = <r x (AA n cos 9) sin 0 + r„(A A„ cos 9) cos 9 

- tr^AT,, sin 9) cos 0 - r„(AA„ sin 0) sin 9 


which reduces to 

r = (cr, — cr v ) sin 9 cos 9 + t„(cos 2 9 - sin 2 9) 
and, in terms of double angles, 


T = 



sin 29 + Txy cos 29 


(10-4)* 


The orientation of the principal plane is determined by setting the derivative 
dcr„/d0 = 0. From Eq. 10-3, 

— (cr, — Uy) sin 29 — 2t„ cos 26 = 0 


* For a more comprehensive treatment, see J. N. Cernica, Strength of Materials, 2nd ed., Holt, Rinehart 
and Winston, New York, 1977. 
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from which 


tan 26 = 



(10-5)* 


Mohr's Circle for Stress 

The normal and shear stresses given by Eqs. 10-3 and 10-4, respectively, may be 
represented graphically by an extremely useful device known as Mohr’s circle for 
stress. It is named after the German engineer Otto Mohr, who devised it in 1882. 
The Mohr circle represents these equations in a manner that makes them more 
easily understood and remembered and brings out their physical significance more 
lucidly. 

It is a rather simple matter to show that these are the equations of a circle in a 
cr„-Tplane. For convenience, Eqs. 10-3 and 10-4 are rewritten below, Eq. 10-3 having 
been slightly rearranged: 

(o- x + t x, 

v 2 


Squaring both sides of each equation, we get 
/ cr, + a ,\ 2 / <r, — oA 2 

( cr„ - ■■ ■ 2 . 1 = (—-—- j (cos 26)- - (cr, - cr,) (t v ) cos 26 sin 26 

+ r^(sin 2 6) 2 

and 

t 2 = ^ (sin 20) 2 + (cr, — (T y )(T„) cos 26 sin 26 + r^,(cos 2 6) 2 


2 

<T, - cr 


cos 26 — t„ sin 26 


2 j sin 26 + cos 26 


(10-3) 

(10-4) 


Hence, adding the two equations. 


cr, + a. 


+ T 2 



This is the equation of a circle of the form 

(cr„ — a) 2 + r 2 = R 2 

where the radius is 



( 10 - 6 ) 


and a = (c x + cr y )/ 2. The center of the circle lies at a point [(cr, + cr v )/2, 0]. Note 
that the center of the circle always lies on the cr„ axis. 

The above discussion may be more meaningfully complemented and expanded 


* For a more comprehensive treatment, see J. N. Cernica, Strength of Materials, 2nd ed., Holt, Rinehart 
and Winston, New York, 1977. 
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X 



Figure 10.5 (a) General case of stress at a point. ( b ) Mohr circle for the stress condition 
in (a). 


by an actual construction of a Mohr’s circle. As a start, some basic steps shall be 
outlined: 

1. The normal stresses are plotted as horizontal coordinates. The tensile stresses are 
considered positive (plotted to the right of the origin); the compressive stresses are 
considered negative (plotted to the left of the origin). However, in soil mechanics 
it is customary to indicate compressive stresses as positive. 

2. The shear stresses are plotted as vertical coordinates. Positive shear stresses 


are plotted above the origin; negative shear stresses 


are plotted below the origin. 


3. Positive angles* on the circle are obtained when measured in the counterclock¬ 
wise sense; negative angles on the circle are obtained in the clockwise sense. An 
angle of 26 on the circle corresponds to an angle of 6 on the element. 

Figure 10. 5b shows Mohr’s circle for the assumed stresses given in Fig. 10.5a at 
the stressed point, assuming that cr x > <x, > 0. The normal and shear stresses on 
vertical plane Pgive the coordinates of one point on the circle, as indicated in Fig. 
10.56 by point D. Plane R, also vertical and 180° from P, is located at 29 = 360° 


Body 


Body 


Shear 

stress 


Shear 

stress 


* This sign convention should not be confused with that for shear stresses. 
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<h 



(a) 



Figure 10.6 Mohr’s circle for case of principal stresses. 


on the circle from plane P, resulting in the same point on the circle. Similarly, the 
stresses on horizontal planes Q_ and S plot a different single point E. This shows 
that the stresses on parallel planes of an element oriented at any angle are corre¬ 
spondingly equal. The point of intersection of a line DE connecting these two points 
and the horizontal axis cr„ gives the location of the center of the circle. The diameter 
of the circle is the length of line DE. 

The circle proves to be indeed a valuable visual aid. For example, the maximum 
shear stress is readily apparent to be equal to the radius of the circle. The orientation 
of this stress with respect to the original plane can either be measured or easily 
calculated with the help of trigonometry'. The principal stresses cr max and (T mm can 
likewise be spotted and determined easily, and the orientation can easily be mea¬ 
sured or calculated. Furthermore, on the principal planes (at <x max and cr m i n ) the 
shear stresses are zero. 

Figure 10.7 shows a number of additional basic relationships, which can be 



Figure 10.7 Some basic relationships, Mohr’s circle for element 
of Fig. 10.6a. 
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obtained from Mohr’s circle, such as that for the element of Fig. 10.6. Observed 
directly from Fig. 10.7, some of these basic relationships are: 

1. The maximum shear stress is equal to the radius of the circle. Furthermore, 
the maximum shear stresses are on planes that make an angle of 45° with 
the principal planes. 

2. The resultant stress on any plane, e.g., S, has a magnitude of Vcr 2 + r 2 . Its 
magnitude is equal to the distance OS shown in Fig. 10.7. Furthermore, its 
angle of obliquity is equal to tan 1 (t/ct). 

S. The maximum angle of obliquity is constructed by the line 0 T in Fig. 10.7, 
such that the line is tangent to the circle at point T. Correspondingly, the 
stresses, normal and shear, that correspond to point T on the circle, represent 
the stresses on the plane of maximum obliquity. Note that the shear stress 
on this plane is less than r max . Interestingly, one notes that slippage occurs 
at the point of maximum obliquity and not at the angle where T max occurs. 
It is, therefore, a, that assumes the more prominent position regarding slip 
failure. 

10.3 MOHR'S THEORY OF FAILURE 


The shear strength of soil is generally regarded as the resistance to deformation 
by continuous shear displacement of soil particles along surfaces of rupture. That is, 
the shear strength of the soil is not regarded solely in terms of its ability to resist 
peak stresses, but it must be viewed in the context of deformation that may govern 
its performance. In that light, therefore, shear failure is necessarily viewed as the 
state of deformation when the functional performance of the soil mass is impaired. 

There are a number of different theories as to the nature and extent of the state 
of stress and deformation at the time of failure. Failure of a soil mass, particularly 
cohesionless soil, which develops its strength primarily from solid frictional resis¬ 
tance between the interlocking of grains, appears to be best explained by Mohr’s 
rupture theory. According to Mohr’s theory, the shear stress in the plane of slip 
reaches at the limit a maximum value that depends on the normal stress acting in 
the same planes and the properties of the material. This represents the combination 
of normal and shear stresses, which results in a maximum angle of obliquity a, (see 
Fig. 10.7). 

Hence, based on Mohr’s theory, the shear strength of a given soil is a function 
of the normal stress and the soil properties (e.g., strength parameters c and <p). 
For cohesionless soils, for example, the angle of obliquity reaches a maximum or 
limiting value a { equal to the friction angle <p as indicated in Fig. 10.8. Hence, for 
this special case, where the cohesion intercept is zero (c = 0), the shear strength 
could be expressed as 

s = T f = cr f tan <p (10-7) 

where s represents a convenient and widely used symbol to denote shear strength 
in soils. One may note that for a, > 0, the value for s is always less than T max . 

Figure 10.9a depicts a general s-cr relationship, while Fig. 10.9 b illustrates a linear 
s-cr relationship. The linearity may not be quite correct (for example, see Fig. 
10.17), but is reasonably accurate and mathematically quite convenient. 
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Figure 10.8 Relationship between shear strength, normal 
stress, and angle of obliquity a. 

Now let us assume that the function s = f(a') represents the shear strength of 
the soil at impending failure. This may be represented by the heavy line in Fig. 
10.10, designated as Mohr's envelope. Based on Mohr's theory, any combination of 
stresses that falls within this envelope represents a stable condition. All five Mohr 
circles represented in Fig. 10.10 fall in this category. It is to be noted, however, 
that circles I-IV are tangent to the Mohr envelope, thereby depicting a condition 
of impending failure. The corresponding points of tangency represent the resul¬ 
tant's shear and normal stresses for the respective angles of obliquity. Also, the 
corresponding shear strengths for the various cases are the shear stresses at the 
points of tangency. Circle V. on the other hand, is well within Mohr's envelope. 
The maximum shear stress for this condition is below the shear strength of the 
soil. 

The friction angle decreases slightly in most soils, and particularly granular soils, 
with increasing confining stresses. Hence, Mohr's envelope is slightly curved, a best- 
fitted curve, as indicated in Fig. 10.10. However, the variation from a straight line 
in most instances is relatively small. Thus, it is mathematically convenient to repre¬ 
sent the Mohr envelope by a straight line, sloped at an angle cPo This is shown in 
Fig. 10.9bas first proposed by Coulomb in 1776 in connection with his investigations 
of retaining walls. 

Figure 10.lie shows a Mohr circle and the corresponding strength envelope for 
an element stressed as shown in Fig. 10.11a. For this case the expression for the 




Figure 10.9 Shear strength according to (a) Mohr and ( b ) 
Coulomb. 
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Figure 10.10 Mohr’s circles for various cases of stress: I, simple 
tension; II, pure shear; III, simple compression; IV and V, biaxial 
compression. 


shear strength, s, may be given as 

s = c + a tan <)> (10-8) 

where c = cohesion or cohesion intercept 
4> = angle of internal friction 

Also from Fig. 10.11c, the orientation of the failure plane with reference to the 
plane of major principal stresses in a granular soil may be readily established as 



Figure 10.11 (a) Element, cr, > cr 3 . ( b) Normal and shear 
stresses on plane of failure. ( c ) Mohr’s circle for stress condi¬ 
tion shown in (a). 
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20 cr = 90 + 4>, or 


6„ = 45° + 


<t> 


(10-9) 


The normal and shear stresses on the plane of failure are shown in Fig. 10.116. 

Although it is difficult to measure it very accurately, pore-water pressure has long 
been recognized as an important factor in shear-strength evaluation. Hvorslev’s 
work (21) provided relevant data to support the use of effective stress parameters 
in describing the shear strength of soils. Sometimes referred to as the Mohr- 
Coulomb-Hvorslev equation, the relationship is 

s = c + cf tan <fi (10-10) 


where 


c 

<f 

u 

4 > 


effective cohesion value 
effective normal stress = er — u 
pore-water pressure 
effective angle of internal friction 


Equation 10-10 does not imply, however, any unique relationship between effective 
stress and shear strength. Many other factors enter into the picture. Void ratio at 
failure, time, stress history, grain structure (i.e., flocculated or dispersed), environ¬ 
mental conditions (i.e., pore water, water table fluctuation, temperature), degree 
of saturation, conditions that formulate the formation of soil, capillary tension, and 
effective stresses in the direction normal to the plane of greatest shear distortion 
are some of the factors that may have a significant effect, particularly for clay soils. 


10.4 DETERMINATION OF THE SHEAR STRENGTH OF SOILS 


In the preceding section the strength envelope was developed primarily from theo¬ 
retical considerations. Little was said about the practical and the experimental 
aspects. That is, while the theoretical presentation serves as a satisfactory tool in 
defining failure in soils, its validity and usefulness must be closely tied to the 
parameters observed experimentally and under field conditions. Indeed, to founda¬ 
tion designer the very essence of the Mohr envelope is experimental data. The 
failure criteria for soils, subsequent to due considerations of the related parameters, 
are usually determined experimentally by one or a combination of the following 
laboratory tests: 

1. Direct shear test 

2. Triaxial compression test 

3. Unconfined compression test 

Details related to testing equipment and procedures are beyond the scope of this 
text. This information can be found in any number of soil-testing manuals. Instead 
we shall focus primarily on the more general considerations regarding loading, 
data measurement and interpretation, and sample selection and representation. 

As frequently emphasized in various previous sections, the typical soil stratum is 
neither continuous, homogeneous, nor isotropic. Hence, under the best of condi¬ 
tions, a limited number of tests give but a rough approximation of the stratum 
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characteristics. It is thus rather apparent that a soil sample being tested should be 
as representative as possible of the sample in the field, and as undisturbed as 
possible. Also, the loads, restraints, and other conditions of testing should corre¬ 
spond to a reasonable degree to those in situ. Yet it is recognized that the mere 
act of obtaining a sample front a natural deposit radically alters the state of stress 
and induced strains. 


Direct Shear Test (ASTM D-3080-72) 

Purportedly first used by Coulomb in 1776, the direct shear test is a simple and 
widely used test for determining the shear strength of soils. Figure 10.12a depicts 
a typical shear test apparatus. The apparatus is a shear box consisting of two sections, 
an upper and a lower section. The lower section is fixed to a frame; the upper 
section moves horizontally relative to the lower section once the shear load is 
applied. This is depicted in Fig. 10.13a. The soil sample is placed in the box, with 
approximately half of the sample within either section. A shear force T pulls the 
upper section relative to the lower, thereby creating a shear plane and correspond¬ 
ing shear stresses, as indicated in Fig. 10.13a. A normal force N is applied to the 
plane of shear via a plate placed over the soil specimen. Porous stones may be used 
at the top and bottom of the shear box to facilitate drainage. 

The sample is subjected to a shear force and subsequent rupture by increasing 
the horizontal force T, either at a constant speed (strain-controlled test) or at a 
constant load (stress-controlled test) until "failure" is induced. This procedure is 
repeated for several values of normal force N. Hence, by plotting the normal stresses 
and corresponding shear stresses front the results of such tests, a failure envelope 




Figure 10.12 (a) Direct shear test apparatus. ( b) Unconfined compression tester. 
(Courtesy of Soil Test Inc., Lake Bluff, IL.) 
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Figure 10.13 Direct shear test, (a) Schematic of direct shear apparatus. 
(b) Plotted test results from direct shear test and a superimposed Mohr 
circle. 


is obtained, as shown in Fig. 10.13b. The normal and shear stresses are obtained 
by dividing the normal force and shear force, respectively, by the cross section of 
the box. Usually the box is a square of sides equal to approximately 5 em. For 
example, if the normal and horizontal forces for the second trial are represented 
by N 2 and T. respectively, the coordinate point for test 2 is given as (Nv A, 
Tv A). The corresponding Mohr circle for this case is shown in Fig. 10.13b. The 
soil parameters band ccould be measured directly from the graph in Fig. 10.13b. 

If the test is run on samples that have not undergone substantial water drainage, 
it is commonly referred to as undrained shear test; that is, the load is applied soon 
after the placement of the specimen in the shear box. Flowever, the soil sample 
may be subjected to a sustained normal load and subsequent consolidation before 
the test is begun. In that case, if the test is run quickly, thereby developing pore 
pressures, the test is referred to as consolidated undrained; if performed very slowly 
so that no pore pressure develops, the test is referred to as consolidated drained. 

Triaxial Test (ASTM D-2850-70) 

Figure 10-14gives the essential features of a triaxial test apparatus (15). A cylindrical 
sample of soil is enclosed on its curved surface by a thin rubber membrane, which 
extends over a top cap and bottom pedestal. The cell is then filled with water and 
subjected to a desired pressure. The water pressure, commonly referred to as 
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Axial load 



Bottom pedestal 


Constant-pressure 

supply 


Watertight chamber 
Porous stone 

Confining fluid 
Membrane 
Soil sample 

Porous stone 


Pore-water outlet 

Figure 10.14 Schematic diagram of triaxial test apparatus. 


confining pressure, acts horizontally on the cylindrical surface of the sample through 
the rubber membrane as well as vertically through the top cap. An axial load, 
commonly referred to as deviator load, is then applied and steadily increased until 
failure of the specimen occurs. The procedure could be repeated for different 
confining pressures and corresponding deviator loads. We may then construct a 
Mohr circle for each combination of confining and total axial stresses (a3 and a], 
respectively). The tangent to the resulting circles becomes the Mohr envelope, as 
shown in Fig. 10.15b. 

The lateral pressure produces a normal horizontal stress on all vertical planes 
of the specimen. Hence, any two vertical planes of the specimen experience equal 
stress a3, as shown in Fig. 10.15a. No shear stresses are produced on the horizontal 
planes or on any two orthogonal vertical planes by either the axial load or the 
confining pressure. That is, the vertical and horizontal planes of the element shown 
are subjected only to maximum and minimum (confining) normal stresses a] and 
a3 (principal stresses), respectively. 

The imposed conditions in a triaxial test may be manipulated to within a reason¬ 
able facsimile of those estimated in situ; that is, the apparatus permits: 

1. Control of confining pressure as well as deviator stress 

2. Control of pore-water discharge and pressure 

3. Reasonably well-defined "boundary" conditions 
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Figure 10.15 (a) Stressed triaxial specimen. ( b ) Mohr’s circles and Mohr’s envelope from 
three combinations of principal stresses a, and cr 3 . 

Usually the ratio of length to diameter of the soil specimen ranges between 2:1 
and 3:1. 

The maximum principal stress, <x 1; is the combination of the deviator stress, A(7,, 
and the confining stress, cr 3 , and is expressed by 

(T i = Acr j + cr 3 





(0 


Figure 10.16 (a) Unconfined compression test specimen subjected to major principal 

stress aj and minor principal stress a3■ (b) Corresponding Mohr's circle for a cohesive 
soil where cp > O. (c) Mohr's circle for cp = O. 
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where llaj = P1A, P being the deviator load, and A the cross-sectional area of the 
soil specimen. 


Unconfined Compression Test (ASTM D-2166-66, 72) 

Essentially a special case of the triaxial compression test where the minor principal 
stress is zero, the unconfined compression test is one of the easiest and simplest tests 
for determining the shear strength of cohesive soil. Indeed, perhaps due most to 
its simplicity and acceptable results for clay, it has found wide use throughout the 
world. It is applicable to undisturbed as well as disturbed cohesive soils. Obviously, 
it is not applicable to cohesionless soils since such a specimen would fall apart 
as it is laterally unsupported. Figure 10.12b shows an unconfined compression 
apparatus. 

Figure 10.16a shows the stress conditions for an unconfined compression tesL 
Figure 10.16b depicts Mohr's circle for a cohesive soil for which 4> > 0. It is readily 
apparent that the shear strength of the soil, say Tr, is a little less than the radius of 
the circle. For a highly cohesive, true clay, the angle of internal friction is rather 
small and frequently assumed to be negligibly small, say zero. In that case the 
corresponding Mohr circle is that indicated by Fig. 10.16c, with the ultimate shear 
strength of the soil equal to the cohesion c. 


Example 10.1 

Given The following data from direct shear tests: 


Test 

Normal Force (kg) 

Shear Foree (kg) 

Area of Sample (em) 

1 

4 

5.80 

5.5 X 5.5 

2 

8 

6.94 

5.5 X 5.5 

3 

12 

8.1 

5.5 X 5.5 

4 

16 

9.6 

5.5 X 5.5 


Find The value for c and 4>, 

Procedure The corresponding normal and shear stresses are calculated as follows: 

_ P, _ (4 kg) (9.81 N/kg)(l kN/1000 N) 

° 1 A (5.5 cm) 2 (0.01 m/cm) 2 

a i = 13 kN/m 2 

T, _ (5.8 kg) (9.81 N/kg) (1 kN/1000 N) 

1 A (5.5 cm) 2 (0.01 m/cm) 2 


Ti — 17.5 kN/m 2 
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Figure 10.17 Plotted normal 
and shear stresses for tests 1-4. 


The values calculated for tests 1-4 are 


Test 

cr(kN/nr) 

r(kN/m 2 ) 

1 

13 

17.5 

2 

26 

22.4 

3 

39 

26.2 

4 

52 

31.0 


From the values of <x vs. r as plotted in Fig. 10.17 the values of c and 4> 
are measured to be approximately 13 kN/rn 2 and 19°, respectively. For the 
superimposed Mohr circle for test 2, for example, the major and minor principal 
stresses can be measured as 57 and 10 kN/m 2 , respectively. 


Answer 


c = 13 kN/m 2 and 0=19° 


Example 10.2 _ 

Given The following data from triaxial tests: 



Confining Stress 

Deviator Stress 

Test 

cr 3 (kN/m 2 ) 

Atr, (kN/m 2 ) 

1 

30 

57 

2 

60 

79 

3 

90 

92 


Find (a) The values for c and <fr. 

(b) The orientation of the failure plane and the shear and normal stresses 
on the failure plane for test 3. 
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(kN/m 2 ) 


Figure 10.18 Mohr’s envelope based on three triaxial tests. The solid line represents a 
straight best-fitted curve; the dashed line is a tangent to all circles. 


Procedure The corresponding confining stress cr 3 and the total axial stress cr are calculated 
as follows; 


cTj = 30 kN/m 2 ; cr 3 values are as given 

at = <x 3 + deviator stress = 30 + 57 = 87 kN/m 2 


Test 

03 

01 

1 

30 

87 

2 

60 

139 

3 

90 

182 


The Mohr circles for the three tests are plotted in Fig. 10.18. The solid line 
represents an “averaged” Mohr envelope; the dashed line is perhaps a better 
fitted envelope. Based on the straight-line slope, the measured values for c and 
4> are 


4> = 15° c = 12 kN/m 2 



Figure 10.19 Stresses acting on 
element. 
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From the Mohr circle the values for normal and shear stresses on the failure 
plane for test 3 are measured to be (approximately) 


Ansiver 


a = 126 kN/m 2 t = 44 kN/m 2 


The stresses acting on the faces of the element and the orientation of the 
failure plane relative to the major principal plane are shown in Fig. 10.19. 


10.5 p-q DIAGRAMS AND STRESS PATHS 


Instead of developing the strength envelope by plotting a series of Mohr circles, 
then drawing tangents to these circles, as shown in Figs. 10.10 and 10.15 or Example 
10.2, it is more convenient to plot the state of stress as a stress point whose coordi¬ 
nates are ( p, q), defined as 


P = 


o~i + cr-i 
2 



( 10 - 11 ) 


Actually the p and q values represent the coordinates of a point on Mohr’s circle, 
with p representing the center of the circle (always located on the abscissa, or cr 
axis) and q representing the maximum shear stress, equal to the radius of the circle. 
The locus of p-q points for a test series is known as a stress path (26, 27). Such a 
graphical depiction is known as the p-q diagram. 

Figure 10.20 shows the Mohr envelope (<p line) developed from tangents to the 
circles at points 1, 2, and 3 and line K, (K, line), which passes through p-q points 
A, B, and C —points of maximum shear for the respective circles. Thus, the A, line 
represents a limiting state of stress at impending failure. The relationship between 
the <p line and the K t line may be better illustrated with the aid of Fig. 10.21 for 
cohesive (but <p > 0) and cohesionless (c = 0) soils. 

From either Fig. 10.21a or Fig. 10.216, 

tan a f = sin (p (a) 



Figure 10.20 Stress path for a triaxial test series. 
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(a) (b) 

Figure 10.21 p-q diagrams and relationship between cf> line, A^line, and strength 
parameters (b and c. (a) Cohesive soil. ( b ) Cohesionless soil. 


But from Fig. 10.21a, 


ccot <f> = dcot a f = 


d 


tan a. 


(b) 


Combining Eqs. (a) and (b), we get 

d 

c = -7 

COS 4 > 


( 10 - 12 ) 


With the K t line developed and d determined, the parameters c and <b may be 
either computed or scaled directly from the p-q diagram. 

Figure 10.20 depicts the stress path for a series where cr 3 < a’>, < cr" and cr, < 
<j[ < a". By contrast, Fig. 10.22 shows the stress path for a series where cr, > cr, 
and cr 3 is held constant. In the same manner, we may hold constant while varying 
cr 3 , and so on. Thus, we may vary cr, and tr 3 in various ways to obtain any number 
of stress paths. Figure 10.23 shows a variety of such paths starting from points 
cr, = <x 3 and <Ji = cr^, = 0. Needless to say, the stress increments Act, or Acr 3 do not 
have to vary linearly. Hence, the stress paths do not have to be straight lines, and 
they are not limited to a specific starting point. 



Figure 10.22 (a) Series of Mohr’s circles where cr, increases while cr, is held 
constant. ( b) p-q diagram (stress path) corresponding to (a). 
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Figure 10.23 Stress paths for various combinations of stress conditions, (a) Stress 
paths starting from point where a, = a ( b) Stress paths starting from point 
where <T\ — cr 3 = 0. 


Stress paths can be developed for either total or effective stresses. The horizontal 
distance between total and effective stress paths is the -pore pressure, u. The pore 
pressure is positive if the effective stress path is on the left of the total stress path, 
and vice versa, as shown in Fig. 10.24. Positive pore pressures are usually found in 
normally consolidated clays, while negative pore pressures may be expected in 
highly overconsolidated clays. 


10.6 SHEAR STRENGTH OF COHESIONLESS SOILS 


The shear strength of a cohesionless soil may be represented by Eq. 10-13. This is 
a special case of Eq. 10-8, where cohesion c = 0. 

s = a tan <p (10-13) 

Generally, the value of <p is influenced by 

1. The state of compaction and the void ratio of the soil. The friction angle 
increases with decreasing void ratio (increasing density), but not linearly. 

2. Coarseness, shape, and angularity of the grains. Angular grains interlock 
more effectively than rounded ones, thereby creating a larger friction angle. 


</ 


Effective stress path 



Figure 10.24 General relation¬ 
ship between pore pressure 
and total and effective stress 
paths. 


P 
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3. Mineralogical content. Hard gravel particles result in higher friction angles 
than soft grains, which may crush more easily, thereby reducing the inter¬ 
locking or bridging effects. For sand, however, the mineralogical content 
seems to make little difference except if the sand contains mica. In that case 
the void ratio is usually larger, thereby resulting in loose interlocking and 
lower friction angle. 

4. Grain size distribution. A dense, well-graded sand usually displays a higher 
friction angle than a dense uniform-sized sand. 


Saturated Cohesionless Fine-Groin Soils 

As mentioned above, the angle of internal friction of saturated sands and some 
organic silts is only slightly less than that of the soil in a dry state and of the same 
relative density. However, the shear strength might be altered significantly by a 
change in the pore pressures. Hence, the shear strength of a saturated cohesionless 
soil might be given by Eq. 10-14: 

s = (<r — M)tan <fi = a tan 4> (10-14) 

where tr = effective (intergranular) stress 
u = pore-water pressure 

Quite apparently, when the pore-water pressure approaches (T, the shear strength 
approaches zero. When that happens, we may approach impending instability or 
perhaps motion (e.g., slope failures, boiling). Fluctuation in the water table is a 
common cause of significant variations in the pore stress and, thereby, in the shear 
strength of the soil. 

Liquefaction of Fine Sand and Inorganic Silts 

If a saturated and/ or inorganic silt is totally saturated and under hydrostatic neutral 
stress such that it is not subjected to any effective stress, the mass is in a state of 
liquefaction. Under such circumstances the pore-water pressure u equals the total 
normal stress (T, thereby reducing the shear strength, as given by Eq. 10-14, to zero. 
It is quite apparent that in this state the soil is in a quick condition, the phenomenon 
discussed in Section 7.3. Also, if not confined, such a mass will "flow" since it 
cannot resist stress. 

If a submerged fine sand undergoes a sudden decrease in the void ratio, an 
increase in the pore-water pressure, u, may result such that the pore pressure may 
equal or even exceed the value for (T. For example, pile driving, earthquakes, blasts, 
or other forms of vibration or shock may cause a sudden decrease in the volume, 
thereby increasing the pore pressure u as a result of a surge in hydrostatic excess 
pressure (8,30). Should the value of u reach sufficient magnitude, say u 2 (T, the 
shear strength of the soil, as indicated by Eq. 10-14, may be totally lost, resulting 
in what is known as spontaneous liquefaction. Loose, fine silty sands are most vulnerable 
to such effects from shock or dynamic loads or sudden fluctuations in the water 
table. Compacting a loose sand stratum is frequently a viable option to decrease 
the possibility of liquefaction. 
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Example 10.3 __—, — —.—.—-————— -— ~ 

Given A cohesionless soil specimen in a triaxial test is subjected to a major and minor 
principal stress cr, and <r 3 , respectively. 

Find (a) An expression for 4> in terms of cr, and cr 3 . 

(b) An expression for r and <x on the failure plane in terms of cr,, cr 3 , and (/•>. 

Procedure The Mohr envelope shown in Fig. 10.25 is for the general stress condition given. 

, (cr, - <r s )/2 o’] - cr 3 

sin 4> = 7-;-rTS — 1 ” 

(cr, + <r,)/2 cr, + cr 3 


Answer 


<p = sin 


/ cr, - cr 3 \ 
\cr, + crj 


From Fig. 10.25, 


cr, cr 3 M 

T = ---COS <f> 


cr, + (T\ cr, — cr 3 . 

a = — ---sin © 

2 2 


Thus, 


Answer 


a = ^ (1 - sin (f>) + (1 + sin 4>) 





Figure 10.25 Mohr’s circle for 
the case of cohesionless soil 
(c-0). 





284 Chapter 10- Shear Strength of Soil 


10.7 SHEAR STRENGTH OF COHESIVE SOIL 


A number of noteworthy differences exist between cohesive and noncohesive soils 
(24, 37): 

1. The frictional resistance of cohesive soils is less than that of granular soils. 

2. The cohesion of clay is appreciably larger than that of granular soils. 

3. Clay is much less permeable than a sandy soil, and the water drainage is, 
therefore, significantly slower. Hence, the pore pressure induced by an in¬ 
crease in load is dissipated very slowly, and the transfer of stress and the 
corresponding increase in intergranular pressure are likewise much slower. 

4. The time-related changes of volume in clays is slower than that for granular 
material (e.g., consolidation). 

Of the number of factors that are recognized to have a direct effect on the shear 
strength of cohesive soils, most are recognized as individually quite complex. Also, 
it is recognized that most are significantly interrelated, thereby further increasing 
the complexity of the problem. Other factors may be still unknown. Generally, the 
degree of consolidation, the drainage, effective stress, and pore pressures are rele¬ 
vant factors to be considered in the strength evaluation of cohesive soils. 

The basic procedure and the apparatus for conducting a triaxial compression 
test have already been described in Section 10.4, but the combination of initial 
pressures on the specimen, coupled with the moisture conditions, have not (28). 
These require additional considerations and evaluations. In that regard, one notes 
the partial or extreme initial conditions of pressures or the amount of drainage: 

1. Complete consolidation 

2. Partial consolidation 

The degree of saturation may be typified by 

1. Drained condition 

2. Undrained condition 

In order to represent the possible combinations of pressure and drainage, the 
following nomenclature typifies some of the above-mentioned states of consolida¬ 
tion and degrees of saturation: consolidated drained (CD), consolidated undrained 
(CU), unconfined undrained (UU). These terms will be used intermittently in 
subsequent discussions and the reader should be familiar with them. 

Normally Consolidated Clays 

When the sample is extracted from the ground, the overburden pressure is removed 
and the pore pressure altered significantly, that is. negative pore pressures are 
developed. In order to simulate a somewhat realistic in-situ state of stress, the 
characteristics of saturated, normally consolidated clays extracted from a given 
stratum are commonly investigated via a consolidated undrained triaxial test. A 
confining pressure, 0"3, and a deviator stress, qt are applied for undrained condi- 
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tions. A confining pressure, say (To, of the in-situ value may be estimated as the 
overburden pressure for the depth of the stratum from which the sample was 
extracted. If several such tests are run for varying confining cell pressures, a Mohr 
envelope may be obtained as indicated in Fig. 10.26a. If the confining pressure is 
less than the in-situ value (To, the Mohr envelope depicts a range of preconsolidation 
of the soil; that is, relative to the confining pressures, the soil specimen appears 
overconsolidated. The shear strength of the clay specimen tested in this range is 
higher than that indicated by a straight line through the origin. The relationship 
between the shear strength and the normal stress in this range is designated by 
line portion ab, which is slightly curved, but frequently interpreted as a straight 
line. On the other hand, if the tests are run under confining cell pressures larger 
than (To, the envelope to the ruptured circles is approximately a straight line, 
represented by segment be in Fig. 10.26a. Although the effect of pore-water pressure 
is present for all ranges of normal stress within the Mohr envelope, the pore pressure 
is larger for the case where the confining pressures are smaller than (To. Generally, 
there is an increased drainage of water with increasing confining pressure. However, 
the effective stress is more significant in the region where the confining pressures 
are larger than (To. 

Figure l0.26bshows the general relationship between the shear strength and the 
effective stress for a case of consolidated drained tests. These tests are appreciably 
more time consuming than the consolidated undrained tests, and are therefore 
not as common during routine investigations. The specimen is subjected to a 
confining pressure, and then the deviator stress is applied at a very slow rate and 
drainage is permitted at each end of the sample. A series of such tests run under 
varying confining cell pressures provides a strength envelope as shown in Fig. 10.26b. 
The strength envelope for such tests is again somewhat curved for the range of 
confining pressures less than (To; for confining pressures greater than (To, the Mohr 
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Figure 10.27 Consolidated undrained triaxial test results. 


envelope is approximately a straight line. Briefly, a comparison of the two cases 
shows the following: 

1. The corresponding slopes of the straight-line segments of the Mohr envelopes 
(depicted in Fig. 10.26) are significantly different. 

2. For the drained condition the neutral (pore-water) stress is virtually negli¬ 
gible. 

3. The effective friction is significantly larger for the drained case than for the 
undrained case. 

The relationship between angles 4> and 4>CU may be illustrated by means of Fig. 

10.27. For the consolidated drained condition there exists no excess hydrostatic 
pore-water pressure. Hence, the Mohr circle for this case, associated with vertical 
and confining stresses in and IT3, is shown as a solid line. Correspondingly, the 
strength envelope is represented by the solid line with the corresponding slope of 
4>. For the consolidated undrained condition there exists a pore pressure u. Thus, 
the total vertical and confining stresses are iti + u and IT3 + u, respectively. This 
is shown in Fig. 10.27. 

The shear strengths for the two cases are sand s>, as shown. The actual strength 
may lie somewhere between that for a consolidated drained and that for an un¬ 
drained condition since total drainage is unlikely; that is, the actual strength of the 
sample may range between values of sand sr 

Intact Overconsolidated Clays 

A soil being evaluated or tested may have been subjected to a great deal of precom¬ 
pression induced by loads, which since then may have disappeared. For example, 
pressures induced by excessively thick ice sheets from glacial formations that since 
have melted, or from soil formations caused by glacial movements that since have 
eroded, may have greatly precompressed an existing stratum. Figure 10.28 is a 
schematic depicting the formation of overconsolidating pressures with time. 

Let us assume that at time t„ the present overburden pressure on a given soil 
sample is calculated to be Po. If the soil sample has the history indicated by Fig. 

10.28, then the soil at one time has been subjected to some "additional" pressure 



Overburden pressure 
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Figure 10.28 Development of overconsolidation loads. t ip = 
period of increasing overburden; l,. = period of erosion or 
decreasing overburden. 


f:.P. Schematically, we will designate the maximum pressure to which the soil sample 
was subjected as Pc. We shall refer to it as overconsolidation pressure, which has been 
discussed in Chapter 9. For overconsolidated clays the overconsolidation ratio is 
greater than 1 (that is, OCR > 1). 

Figure 10.29 shows the Mohr strength envelope for an overconsolidated clay. 
One notes that for the range of pressures less than Pc, the Mohr envelope deviates 
from a straight line, that is, the shear strength is larger than that given by the 
dotted straight line. Generally, preconsolidation causes or results in a smaller void 
ratio at failure than would otherwise exist, even though the specimen tends to 
expand as a result of extraction from an in-situ condition. Cohesion and general 
capillary forces tend to resist the volume increase, thereby resulting in a somewhat 
greater shear strength, as indicated by the curved portion of the envelope. Beyond 
the preconsolidation pressure Pc, the effective normal stress and shear strength 
relationship is given by a reasonably straight line. 

The shear strength of clays that have fine discontinuities, hairline cracks, and 
the like, generally referred to as fissures, may be appreciably different from that of 
the typical overconsolidated clay described above. Depending on the magnitude 
and the orientation of these fissures, test results may be particularly misleading in 
the overall evaluation. For example, the results from a direct shear test on a sample 
where fissures are parallel to the shearing force may be appreciably smaller than 
for one where the orientation of the fissures is 90° to the shear force. On the other 
hand, the triaxial test yields somewhat more reliable results, improved perhaps by 
the lateral restraint of the confining pressure. 
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Figure 10.29 Shear strength 
vs. effective normal stress for 
overconsolidated clay. 





288 Chapter 10- Shear Strength of Soil 


10.8 IN-SITU EVALUATION OF SHEAR STRENGTH 


As mentioned previously, the extraction of a soil sample and the subsequent changes 
induced by the extraction process, the handling, and the testing procedures may 
greatly alter the characteristics of the specimen and, therefore, the test results. 
Furthermore, it is not always feasible and practical to attempt to duplicate the in- 
situ conditions. Frequently, it is both expedient and desirable to test the soil in the 
in-situ condition. 

A number of field tests are used to estimate the shear strength of the soil. Some 
of these give results that fit into the theoretically based expressions used to designate 
the shear strength of the soil. Others are empirical in nature and greatly dependent 
on the engineer's judgment and experience. 

The vane-shear tester (ASTM D-2573-72, 78) described in Section 3.7* has found 
frequent use in determining the shear strength of soft cohesive soils, which 
other-wise may be greatly disturbed during the extraction and testing process. The 
test is performed at any given depth by first augering to the prescribed depth, 
cleaning the bottom of the borings, and then carefully pushing the vane instrument 
into the stratum to be tested. The torque is then applied gradually and the 
peak value noted. The shear strength of the soil can then be estimated by using 
Eq. 10-15: 


3 T 

28 ttR 3 


(10-15) 


Penetrometers (described in Section 3.7) are sometimes used to test the shear 
strength of the soil at the surface-lateral or vertical. Their use is primarily applica¬ 
ble to fine-grained soil; coarse and gravelly strata tend to give erroneous results. 
The procedure for using the penetrometer consists of first cleaning the surface of 
any loose material, pushing the penetrometer into the stratum to the calibration 
mark on the head of the penetrometer, and recording the maximum reading on 
the penetrometer scale. This reading represents the pressure in force per unit area 
necessary to push the penetrometer to the designated mark. This instrument is 
also frequently used as a guide for the bearing capacity of the soil. Again, the 
reliability of the results must be interpreted with a view to the conditions present 
at the time of testing. For example, a dry clay would test totally differently from a 
wet clay. This, of course, is something one would expect. Flowever. the interpretation 
and subsequent use of the test data must take into account such changes in water 
content conditions. 

The split-spoon samPler described in Section 3.7 is still another means used to 
estimate the shear strength of the soil. The number of blows required to drive the 
split-spoon sampler (generally referred to as the Standard Penetration Test) is a 
measure of the soil's resistance to shear. (The Standard Penetration Test is also 
frequently used to estimate the bearing capacity of the soil.) To a lesser degree the 
thin-wall tube (frequently referred to as a Shelby-tube sampler) described in Section 
3.5 is sometimes used as a check on the shear strength of a soil. 


For a schematic description of the apparatus and derivation of Eq. 10-15 see Section 3.7. 
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The above are but a few of the many techniques and tools used to determine 
the shear strength of the soil. However, as mentioned in previous sections, it is to 
be noted that a soil may have different shear strength characteristics in various 
planes and for different moisture contents. Hence, one should take note of the 
fact that the above-mentioned techniques mayor may not reflect the true shear 
strength of the soil in all directions. 


Problems 


10.1 

10.2 

10.3 

10.4 


How does soil friction (a) differ from and (b) resemble "surface" friction? 

State Mohr's theory of failure. Briefly, how is it applied to soils? 

What is Mohr’s strength envelope? What does the Kr line represent? What 
is the significance of each? 

Name at least three properties that influence the shear strength of cohesion¬ 
less soils. State how each of these properties affects the strength. 


Name at least three differences that exist between cohesive and cohesionless 
soils within the context of shear strength. 


10.6 

10.7 


10.8 

10.9 


Briefly, what are the essential features of a triaxial test apparatus? 

In connection with triaxial testing, what is (a) deviator stress, (b) confining 
stress, (c) total axial stress, and (d) the relationship between total axial 
stress and confining stress? 

Briefly describe the physical makeup of a vane-shear tester. How is it used? 
For each datum in the table: 


Test 

Stress 

(0"1 ) 

Compression (kPa) 

(0"3) 

1 

100 

40 

2 

200 

60 

3 

300 

80 

4 

400 

100 


c = 0 


(a) Draw a Mohr circle. 

(b) Determine the orientation of the failure plane. 

(c) Determine the normal and shear stresses on the failure plane. 

10.10 For the data given in Problem 10.9 

(a) Determine Mohr's strength envelope and the corresponding 4> 
values. 

(b) Determine the Kr line and the corresponding ar values. 
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10.11 Show the stress paths for each of the following data on a p-q diagram. 


Stresses, Compression (kPa) 


Initial Final 


Test 

0"j 

0"3 

0"1 

03 

1 

100 

100 

500 

100 

2 

100 

100 

100 

500 

3 

100 

100 

500 

500 

4 

100 

100 

500 

300 

5 

500 

500 

500 

100 

6 

500 

500 

800 

600 


10.12 A cohesionless soil sample (assume c = 0) was placed in a direct shear 
apparatus and subjected to a normal stress of 180 kN/m 2 - The specimen 
failed in shear at a shear stress of 122 kN/nr- Determine: 

(a) The angle of internal friction ~ 

(b) The magnitude of the principal stresses, based on Mohr's circle being 
tangent at (180, 122). 

(c) The normal and shear stresses on a properly oriented failure plane. 

10.13 From the Mohr circle construction of Problem 10.12, part (b). determine 
at and draw the corresponding stress path. 

10.14 A silty sand sample was placed in a direct shear apparatus. When subjected 
to a zero normal load, it sheared at 26 kN/m 2 - An identical sample was 
then subjected to a normal stress of 200 kN/nr- It failed at 129 kN/m 2 - 
Determine: 

(a) The angle of internal friciton ~ 

(b) The magnitude of the principal stresses by drawing a Mohr circle 
tangent at (200, 129). 

(c) The normal and shear stresses on a properly oriented failure plane. 

10.15 A sand specimen (c = 0) was subjected to a drained triaxial test under a 
chamber pressure of 100 kN/m 2 - A deviator stress of 210 kN/m 2 resulted 
in shear failure. 

(a) Draw a Mohr's circle for this stress condition. 

(b) Determine the angle of internal friction r- 

(c) Draw the K f line and measure at. How does at compare with 4 

10.16 A series of triaxial tests were run on similar silty sand specimens obtained 
from the same source. The test data are: 


Stresses (kPa) 


Test Confining Deviator 


1 

2 

3 


30 

60 

90 


85 

96 

106 
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(a) Draw the Mohr envelope for the given data. 

(b) Determine an average value for <p. 

(c) Based on a best-fitted, straight-line Mohr envelope, determine the 

value of e. 

(d) Draw the K f line, then determine e. 

(e) Compare the values of e obtained from parts (c) and (d). 

10.17 Draw a p-(J diagram for the data of Problem 10.16. Is the slope of this line 
the same as that of Mohr's strength envelope of Problem 10.16? Explain. 

10.18 For test 1 of Problem 10.16, determine: 

(a) The orientation of the failure plane. 

(b) The shear and normal stresses on the failure plane, and show these 

on a properly oriented element. 

10.19 For test 2 of Problem 10.16, determine: 

(a) The orientation of the failure plane. 

(b) The shear and normal stresses on the failure plane, and show these 

on a properly oriented element. 

10.20 Define liquefaction. What are the conditions necessary for liquefaction to 
occur? 


BIBLIOGRAPHY 

1. Aas, G., "A Study of the Effect of Vane Shape and Rate of Strain on the Measured 
Values of in-situ Shear Strength of Clays," 6th Int. Con! Soil Meeh. Found. Eng., 1965. 

2. Ansal, A. M., Z. P. Bazant, and RJ. Krizek, "Viscoplasticity of Normally Consolidated 
Clays," ASCEj Geoteeh. Eng. Div., vol. 105, Apr. 1979. 

3. Bishop, A. W., and G. Eldin, "Undrained Triaxial Tests on Saturated Sands and 
Their Significance in the General Theory of Shear Strength," Geoteehnique, vol. 2, 1950. 

4. Bjerrum, L., N. Simons, and l.Torblaa, "The Effect of Time on the Shear Strength 
of a Soft Marine Clay," Proe. Brussels Con[. Earth Pressure Problems, vol. 1, 1958. 

5. Bjerrum, L., S. Kringstad, and O. Kummeneje, "The Shear Strength of Fine Sand," 
5th Int. Con[. Soil Meeh. Found. Eng., Paris, France, vol. 1, 1961. 

6. Bjerrum, L., and K. Y. Lo, "Effect of Aging on the Shear-Strength Properties of a 
Normally Consolidated Clay," Geoteehnique, vol. 13, no. 2, 1963. 

7. Bjerrum, L., and A. Landva, "Direct Simple-Shear Tests on a Norwegian Quick Clay," 
Geoteehnique, vol. 16, no. 1, 1966. 

8. Blazquez, R., RJ. Krizek, and Z. P. Bazant, "Site Factors Controlling Liquefaction," 
ASCEj Geoteeh. Eng. Div., vol. 106, July 1980. 

9. Blight, G. E., "Shear Stress and Pore Pressure in Triaxial Testing," ASCEj Geoteeh. 
Eng. Div., vol. 91, Nov. 1965. 

10. Franklin, A. G., L. F. Orozco, and R Semrau, "Compaction and Strength of Slightly 
Organic Soils," ASCEj Geoteeh. Eng. Div., vol. 99, July 1973. 

11. Gibbs, H. J., et al., "Shear Strength of Cohesive Soils," 1st PSc. ASCE, 1960. 

12. Gibson, R E., "Experimental Determination of the True Cohesion and True Angle 
of Internal Friction in Clays," 3rd Int. Con! Soil Meeh. Found. Eng., Zurich, Switzerland, vol. 
1, 1953. 

13 Gibson, R E., and D. J. Henkel, "The Influence of Duration of Tests at Constant 
Rate of Strain on Measured 'Drained' Strength," Geoteehnique, vol. 4, 1954. 



292 Chapter 10- Shear Strength of Soil 


14. Hall, E. B., "Shear Strength Determination of Soft Clayey Soil by Field and Laboratol"' 
Methods," Symp. Soil Exploration, Spec. Tech. Publ. 351, Am. Soc. Test. Mater., Philadelphia. 
Pa., 1963. 

15. Haythornthwaite, R. M., "Mechanics of the Triaxial Test for Soils," Proc. ASCE, vol. 
86,1960. 

16. Helenelund, K. V., "Vane Tests and Tension Tests on Fibrous Peat," Proc. Geotech. 
Con!, Oslo, Norway, 1967. 

17. Henkel, D. J., "The Effect of Overconsolidation on the Behavior of Clays during 
Shear," Geotechnique, vol. 6, 1956. 

18. Henkel, D. J., "The Shear Strength of Saturated Remolded Clays," Proc. 1960 ASCE 
Specialty Con! Shear Strength of Cohesive Soils, Boulder, Colo. 

19. Herrman, H. G., and L. A. Wolfskill, "Residual Shear Strength of Weak Clay," Tech. 
Rep. 3-699, U.S. Army Eng. Waterw. Exp. Stn., 1966. 

20. Hooper, J. A., and F. G. Butler, "Some Numerical Results Concerning the Shear 
Strength of London Clay," Geotechnique, vol. 16, no. 4, 1966. 

21. Hvorslev, M.J., "Uber die Festigkeitseigenschaften gestorter Bindiger Boden" (On 
the strength properties of remolded cohesive soils), Danmarks Naturvidenskabelige, Sam- 
fund, Copenhagen, 1937. 

22. Kenney, T. C., "Shear Strength of Soft Clay," Proc. Geotech. Con! Oslo, Norway, vol. 
2, 1967. 

23. Koerner, R. M., "Behavior of Single Mineral Soils in Triaxial Shear," ASCEj. Geotech. 
Eng. Div., vol. 96, July 1970. 

24. Koerner, R. M., "Effect of Particle Characteristics on Soil Strength," ASCE j. Geotech. 
Eng. Div., vol. 96, 1970. 

25. Ladd, C. C., and T. W. Lambe, "The Shear Strength of 'Undisturbed' Clay Determined 
from Undrained Tests," Spec. Tech. Publ. 361, Lab. Shear Testing of Soils, Am. Soc. Test. 
Mater., Philadelphia, Pa., 1963. 

26. Lambe, T. W., "Stress Path Method," ASCEj. Soil Mech. Eng. Div., vol. 93, 1967. 

27. Lambe, T. W., and W. A. Marr, "Stress Path Method; 2nd ed.," ASCEj. Geotech. Eng. 
Div., vol. 105, June 1979. 

28. Lundgren, R.,J. K. Mitchell, and J. H. Wilson, "Effects of Loading on Triaxial Test 
Results," ASCE j. Geotech. Eng. Div., vol. 94, Mar. 1968. 

29. O'Neil, H. M., "Direct-Shear Test for Effective-Strength Parameters," Proc. ASCE, 
vol. 88, no. SM4, 1962. 

30. Peck, R. B., "Liquefaction Potential: Science versus Practice," ASCE j. Geotech. Eng. 
Div., vol. 105, Mar. 1979. 

31. Perlow, J. M., and A. F. Richards, "Influence of Shear Velocity on Vane Shear 
Strength," ASCEj. Geotech. Eng. Div., vol. 103, Jan. 1977. 

32. Prevost,J. H., "Undrained Shear Tests on Clays," ASCEj. Geotech. Eng. Div., vol. 105, 
Jan. 1979. 

33. Rodin, S., "Experiences with Penetrometers, with Particular Reference to the Stan¬ 
dard Penetration Test," 5th Int. Con! Soil Mech. Found. Eng., Paris, France, vol. 1, 1961. 

34. Rowe, P. W., and L. Barden, "The Importance of Free Ends in Triaxial Testing," 
Proc. ASCE, vol. 90, 1964. 

35. Sadasivan, S. K., and V. S. Raju, "Theory for Shear Strength of Granular Materials," 
ASCEj. Geotech. Eng. Div., vol. 103, Aug. 1977. 

36. Skempton, A. W., "Vane Tests in the Alluvial Plain of the River Forth near 
Grangemouth," Geotechnique, vol. 1, no. 2, 1948. 

37. Skempton, A. W., and A. E. Bishop, "The Measurement of the Shear Strength of 
Soils," Geotechnique, vol. 2, no. 2, 1950. 

38. Taylor, D. W., "A Direct Shear Test with Drainage Control," Symp. Direct-Shear 
Testing of Soils, Spec. Tech. Publ. 131, Am. Soc. Test. Mater., Philadelphia, Pa., 1952. 



Bibliography 293 


39. Taylor, D. W., "Review of Research on Shearing Strength of Clay at M.LT. 
1948-1953," Rep. to U.S. Army Corps of Eng. Waterw. Exp. Stn., 1955. 

40. Whitman, R. V., and K. E. Healy, "Shear Strength of Sands During Rapid Loading," 
Proc. ASCE, vol. 88, 1962. 

41. Wu, T. H., N. Y. Chang, and E. M. Ah, "Consolidation and Strength Properties of a 
Clay," ASCE] Geotech. Eng. Div., vol. 104, July 1978. 



CHAPTER 1 1 


Stability of Slopes 

11.1 INTRODUCTION 


The term slope as used here refers to any earth mass, natural or man-made, whose 
surface forms an angle with the horizontal. Hills and mountains, river banks and 
coastal formations are common examples of sloped earth masses formed by nature 
perhaps as a result of glacial movements, weathering, erosion, deposit buildup and 
sedimentation, or other factors. Examples of man-made slopes may include fills 
such as embankments, earth dams, levees; examples associated with cuts may include 
highway and railway cuts, canal banks, foundation excavations, and trenches. 

Virtually every slope experiences gravitational forces and subsequent changes. 
Indeed, the combining effects of gravity and water are the primary and direct 
influences on changes for most of the slopes. Some slopes may possibly also be 
influenced by such natural phenomena as chemical actions, earthquakes, glacial 
forces, or wind. In virtually all instances, the effect is a general flattening of the 
slope, either suddenly or slowly and cumulatively. Predicting the change with any 
degree of accuracy may be a difficult task; preventing such change may be an even 
greater task for the soil engineer. 

The stability of a slope is generally viewed in relative terms. As implied above, a 
slope would not remain unchanged forever. However, from an engineering point 
of view, we think of a slope as stable if it meets a prescribed need for a fixed period 
of time with a suitable or acceptable safety factor. For example, we may accept as 
"safe" a highway cut that may undergo a slight change due to erosion, but that 
would not experience a mass sliding failure during a given time span. On the 
other hand, we may not view as acceptable a slope that would appear to be 
generally stable except for a gradual and progressive erosion from seepage or 
wave action, and so on. It is apparent, therefore, that in the analysis of slopes, 
stability is not a totally descriptive term. Perhaps a more appropriate term would be 
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functional stability, which necessarily relates to a specific need and specific governing 
criteria. 

Man-made embankments exist in China, India, and other parts of the world that 
are centuries old and apparently still stable. Less documentation is available as to 
failures experienced by the ancient builders. However, the research on slides that 
occurred in more recent times, such as that in Gothenburg, Sweden, in 1916, that 
which took place during the construction of the Panama Canal, also in the same 
era, or the large earth flow in quick clay near St. Thuribe, Quebec, of 1898, provided 
new impetus toward a systematic analysis of slope stability. In this respect, much 
credit is due to a number of Swedish engineers who developed and recommended 
methods for analyzing the stability of slopes, which are still used today. Some of 
these methods as well as others will be discussed in subsequent sections. 

The analytical tools available for evaluating slope stability are generally a combina¬ 
tion of theoretical considerations coupled with practical reasoning and observations. 
As is so typical of many soils problems, the factors involved are difficult to evaluate, 
are many and interrelated, and are subject to change with changing environment. 
For example, when the shear stresses on a slope equal or exceed the shear strength 
of the soil, impending failure will occur. However, as discussed in the previous 
chapter, the evaluation of the magnitude of both the shear stresses and the shear 
strength is dependent on numerous and complicated factors. Hence, predicting 
the probable extent of gradual slope movement and the subsequent stability of a 
slope is essentially an evaluation of the induced shear stresses and resisting shear 
strength. The following sections present several methods related to such an evalu¬ 
ation. 

11.2 INFINITE SLOPES 


The name infinite slopes is given to earth masses of constant inclinations of unlimited 
extent and uniform conditions at any given depth below the surface. Inherent in 
this definition, the soil stratum is not necessarily homogeneous and uniform with 
depth, but has similar characteristics in a given stratum parallel to the surface. The 
usual plane of failure for such slopes is typified by a relatively significant change 
in characteristics of the sliding mass to the fixed mass along the plane of failure 
(e.g., a clay mass sliding over a shale formation). It is mathematically convenient to 
delineate the characteristics of the sliding mass into specific categories, such as 
cohesionless or cohesive soils, seepage or no seepage. Indeed, this is perhaps a 
simplistic view since it is quite unlikely that any slope meets such well-defined 
conditions to any degree. More realistically, the ordinary slope is quite probably 
never totally cohesive or cohesionless, never totally dry or totally submerged and 
seeping. Nevertheless, such assumptions and subsequent calculations provide a 
good basis for the engineer to evaluate the stability. The engineer's judgment will 
be the determining factor as to where a specific condition may fit between, perhaps, 
two idealistic extremes. 

Cohesive Material-No Seepage 

Figure 11.1a shows the forces acting on an element from a slope of infinite extent. 
No seepage is assumed, and the material above the slip plane is assumed homoge¬ 
neous and cohesive. The slip plane is parallel to the surface of the slope. A unit 
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thickness of the element is assumed in the direction normal to the page. Forces 
Fi and F 2 are assumed equal and opposite, and are therefore ignored in the analysis. 
Thus, the relevant forces acting on the slip plane are shown in Fig. 11.1 b. By summing 
forces in the perpendicular and parallel directions to the slope, respectively, we 
obtain the resulting normal and shear stresses as indicated in Eqs. (a) and (b). 
Hence, 

N ybH cos i 

a = -— = - 

b/ cos i b/ cos i 


and 


a = yH cos 2 i 


(a) 


■S _ ybH sin i 
A/cos i b /cos i 

t ~ yH sin i cos i (b) 

The effective unit resistance developed by the soil could be expressed by Eq. (c), 
where the parameters c d and </> d are the developed cohesion and friction angle, 
respectively. They are_equal to or less than the effective cohesion and effective 
friction angles c and <f> , respectively. Thus, 

s = c A + a tan (c) 

Equating Eqs. (b) and (c), one obtains the critical depth for the clay stratum as 
expressed by 

sec 2 i 

tan i — tan <p A 

Let us assume that line ABC in Fig. 11.2 represents limiting resistance conditions 
(Mohr strength envelope) that may be developed within a soil mass on a sliding 


( 11 - 1 ) 
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Figure 11.2 Mohr’s envelope ABC representing limiting resistance 
conditions developed. 


plane. Thus, for a normal stress OF, the shear strength that can be developed in 
the soil is FB; this is larger than the shear stress FI), potentially developed on the 
inclined plane. Hence, no sliding occurs under such stress conditions. Impending 
sliding would occur, however, when the normal stress is 0 E and the corresponding 
shear stress is CE\ obviously the actuating stress at that point equals the shear 
strength of the soil. Correspondingly, depth H, for which the shear stress on the 
slip plane equals the shear strength of the soil, is commonly referred to as the 
critical depth. In other words, at this depth we have impending shear failure. At any 
depth greater than the critical depth, sliding would theoretically occur. The safety 
factor Fean be obtained from Eqs. (b) and (c), that is, F = s/t, or 


F=- 


tan (p 
■yH sin i cos i tan i 


■ + 


( 11 - 2 ) 


Cohesive Soils—Seepage and Water Table at Surface 

Figure 11.3 depicts a case where the soil is assumed cohesive, and where seepage 
coupled with a water table at the surface of the ground is assumed. The pore 
pressure at a depth //equals y„ H cos' i. The effective pressure is (y — y K )//cos 2 i. 
Thus, the corresponding normal and shear stresses are given by Eqs. (d) and (e), 
respectively: 


cr = y b Z/cos 2 i 
t = yZ/sin icos i 
The developed shear strength can be written as 

s = Ca + y b H cos 2 i tan cp d 
Thus, from Eqs. (e) and (f) we have 

c A + y b /Zcos 2 itan <£> d = yZ/sin ?cos i 


cos i 
cos i 


(d) 

(e) 

(f) 

(g) 


or 


H = 


c d sec 


y tan i — y b tan </> d 


(11-3) 
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Figure 11.3 (a) Slope consisting of cohesive soil with seepage, water table at surface. ( b ) Nor¬ 
mal and shear stresses on inclined plane. 


The safety factor is 


F = 


yH sin ic os i 


+ 


/yt\ tan (j> A 
\y ) tan i 


(11-4) 


Cohesionless Soils—Seepage ond Water Table of Surface 

Equation (g) may be utilized with the value of r d = 0. Hence, we obtain the critical 
slope i for this condition, as expressed by Eq. 11-5: 

y b Hco% 2 i tan <f> A — yH tan i cos 2 i— 0 
H cos 2 i( y h tan (j) A — y tan i) = 0 


y h tan <p A — y tan i = 0 


from which 

i = tan -1 tan (11-5) 

(Usually y b is about iy, thus i «= <t> A /2 —see Example 11.2.) The factor of safety is 

( 11 - 6 ) 


p= / y,,)/ tan <f> A 


tan , 


Cohesionless Soil—Dry Conditions 

For this case Eqs. (a) and (b) apply; Eq. (c) would be altered to reflect a value of 
r d = 0. Thus, equating the expression for shear stress to that for shear strength, 
the summation of forces parallel to the slope gives Eq. 11-7: 

yH sin i cos i — yH cos 2 i tan <p A = 0 
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or 


and 


tan i cos 2 i — tan <f> A cos 2 i = 0 


2 (f) d 


(11-7) 


(As expected, the angle of inclination i is equal to (f > A , the maximum angle that 
could be developed by the granular dry soil.) 

The factor of safety is 


p_ tan 
tan i 


( 11 - 8 ) 


Example 11.1 _ 

Given A relatively cohesive soil at a constant infinite slope (Fig. 11.4). Assume negligible 
seepage and negligible pore pressure, y — 18.0 kN/m 3 ; c = 36 kN/m 2 ; (f> = 14°; 
H = 3 m; i = 22°. 

Find (a) The maximum shear stress t developed. 

(b) The maximum shear strength, assuming c A = 36 kN/m 2 and <f> A = 14°. 

(c) The cridcal height H c for c d = c; <f> A = </>. 

(d) The factor of safety with respect to cohesion. 

(e) The factor of safety against sliding. 

Procedure (a) From Eq. (b), 

r= yH sin i cos i 
r — (18) (3) (sin 22°) (cos 22°) 



Figure 11.4 Clay on a constant infinite slope. 



11.2 Infinite Slopes 301 


Answer 


t = 18.76 kN/m 2 (0.39 kips/ft 2 ) 


(b) From Eq. (c), 


s = c d + a tan <p (l = c A + y// cos 2 i tan <f> A 
5=36+ (18) (3) (cos 2 22°) (tan 14°) 


Answer 


5 = 47.57 kN/m 2 (0.99 kips/ft 2 ) 


(c) From Eq. 11-1, 

H - / SeC? ? \ 
y \tan i — tan (b,J 

36 / sec 2 22° \ 

c 18 \tan 22° - tan 14°/ 


Answer 


H c = 14.68 m (47.5 ft) 


(d) c A = y//cos 2 i(tan i - tan <f) A ) 

Assuming (/> d = 14°, the maximum developed cohesion is 

c d = (18) (3) (cos 2 22°) (tan 22° - tan 14°) = 7.18 kN/m 2 

c„ 7.18 


Answer 


F= 5.0 


(e) From Eq. 11-2, 


_36_ | tan 14° 

(18) (3) (sin 22°) (cos 22°) + tan 22° 


F = 2.63 


Answer 
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Example 11.2 - 

Given An infinite slope; seepage and water table at surface; and y = 18 kN/m 3 ; <j > d = 30°. 
Find, The critical-slope angle. 

Procedure From Eq. 11-5, 

i = tan ~ tan 4> d 
y b = 18-9.82 = 8.18 kN/m 3 

Assuming d> d = <f>, 

i = tan' 1 tan 30° 


Answer 



11.3 THE CIRCULAR ARC ANALYSIS 


The plane (straight-line) infinite slope discussed in Section 11.2 is not the one 
usually associated with most slope failures, and in particular for slopes of finite 
extent. Instead the more typical failure surface is curved, somewhat approximating 
a circular arc. Generally, these surfaces are a mixture of circular arcs and spirals, 
with the arcs somewhat flat at the ends and sharper in the center. Needless to say, 
due to the large variation in the soil properties and slope characteristics, the 
description for such failure surfaces is a general one at best. The actual shape may 
perhaps be best viewed as an individual feature of every slope failure. 

Largely due to the work done by K. E. Petterson in connection with the slope 
failure at Stigberg Quay in the harbor of Gothenburg, Sweden, in 1916 (48.49) 
and by other Swedish engineers, the analysis of slopes based on a circular-arc failure 
surface became widely used. Their investigations (via borings, etc.) indicated that, 
in general, the ruptured surface is fairly circular in shape, particularly for homoge¬ 
neous and isotropic soil conditions. Some significant deviation may occur if disconti¬ 
nuities exist in the strata, such as perhaps plane boundaries separating two distinctly 
different materials (e.g., clay and shale, weak planes). 

Figure 11.5 shows a homogeneous soil mass with an assumed circular failure 
surface. Generally, the forces acting on the mass are induced by (1) gravity (i.e., 
the weight of the sliding mass), (2) effective stress, (3) shear stress (cohesion and 
friction); and (4) pore pressure. Figure 11.5a depicts all these conditions. The 
corresponding resultants for these respective forces are shown in Fig. 11.5b. 

The magnitude and orientation of the forces shown in Fig. 11.5 are, to some 
extent, a matter of conjecture and reasonable assumptions. Generally, the pore 
pressure at any point along the arc may be estimated via the flow net construction 
described in Chapter 7. Thus, we may divide the arc length AB into n equal lengths 
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(a) <b) 

Figure 11.5 Forces acting on mass circular failure surface, (a) Stress distribution on failure 
arc. ( b) Resultant forces acting on failure wedge. 

and compute the average pressure head for each length, as schematically depicted 
by the pore-pressure diagram in Fig. 11.5a. The average force per unit thickness 
for any segment i becomes hi(AB/n)y„. The vector summation of these forces gives 
the pore-pressure resultant U\ it acts through the center of the circle. 

The developed cohesion c d along the arc is usually assumed uniform over the 
entire length. Thus, the total cohesive force is c d AB. We may represent the resultant 
cohesion force C parallel to the chord AB by summing moments about 0 of the 
cohesion forces, that is, c d ABr= c a AB r c . From this, r c = r ( AB/AB). The resultant 
cohesion force is C = c a AB. 

The shear forces along the failure plane are comprised of cohesion and friction 
components C + T (that is, s = c d + <r tan <£ d ). As mentioned above, the distribution 
of c d is usually assumed uniform over the entire arc length. However, the more 
widely accepted effective stress distribution is zero at the ends of the arc and 
sinusoidal between. Hence, neither the shear nor the normal components of the 
effective stress is uniform over the length of the arc. Correspondingly, the shear 
stress varies from c d at the ends to (e d + a tan (f > A ) between. 

For homogeneous soils the weight W of the wedge is usually assumed to be the 
product of the unit soil weight and the wedge volume. Its line of action is, thus, 
through the centroid of the wedge’s cross section. The centroid may be estimated 
by cutting a piece of cardboard to the shape of the wedge and balancing the cutout 
on a pin or sharp point. 

For an assumed center of failure arc, the actuating or overturning moment is 
M 0 = Wd (see Fig. 11.5). Thus, for a shear strength S = c a AB + tan </> d 2 a, die 
resisting moment is M r = rS. The pore pressure on the arc does not contribute to 
the moment since the resultant U passes through the circle center 0. The corre¬ 
sponding safety factor is F = M r / M 0 , or 

r[c d AB + tan d><\ 2,=i' cr,] 
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where cd 

average cohesion developed per unit length of arc 

s 

shear strength per unit length of arc 

S 

l\\\~s(AB/n) 

AB 

arc length 

r 

radius of circle 

cpd 

average friction angle developed 

cri - 

effective stress at a point i 

W - 

total weight of wedge 

d - 

moment arm measured from center of rotation to vertical 
passing through centroid of mass 

F - 

factor of safety 


(Refer to Fig. 11.5.) 

In Eq. 11-9 the term ai varies over the arc and is not symmetrical. Its value is 
influenced mainly by the weight of the soil above a point i. This approach leads 
to the method of slices, discussed in the following section. 

11.4 METHOD OF SLICES 


The method described in the previous section yields inaccurate results if applied 
to stratified or nonuniform soil properties (for example, c, /', cp, are not uniform). 
By subdividing the circular segments into convenient slices, one may be able to 
account at least partially for the variations in the soil characteristics. Such is the 
method to be presented here. Pioneered by Swedish engineers, and particularly 
via the efforts of Fellenius (19) and Petterson (49), the method of slices appears to 
be a more general and perhaps a somewhat more accurate method of stability 
analysis. It is more applicable in the case of significant variations in soil properties 
and water conditions. 

Ordinary Method of Slices 

Figure 11.6 shows a cross section encompassed by a trial failure arc subdivided into 
a number of vertical sections or slices. It is frequently convenient, although not 
necessary, to divide the cross section into equally wide slices. Also, the thicknes of 
a slice is assumed unity. The stresses acting on a typical slice are the weight of the 
slice, the normal and shear stresses, the pore pressures, and the shear and normal 
effective stresses on the interface of the slice induced by deformation. These are 
shown in Fig. 11.6b. The latter two are rather indeterminate and, for the sake of 
simplirying the calculation efforts, are frequently neglected in the analysis. If the 
geometry of the mass is not greatly changed by deformation, the error introduced 
in the analysis when the stresses on the vertical faces are neglected is frequently 
reasonably small, although the assumption does not satisry statics. 

For any given slice, the weight could be determined as the product of the cross 
section of the slice times the unit weight times the unit thickness: Wi = (Ai) /'i (1). 
It is assumed to act through the midpoint of the area, as shown in Fig. 11.6b. From 
this figure, 

Ni = Wicosai 

Hi = Wicos ai - Vi = Wicos ai - u t:J.lj 
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MH 



(b) 

Figure 11.6 Method of slices, (a) Sliding wedge divided into slices. ( b ) Forces 
acting on slice i. 


T , = W, sin a, 

S, = Ni tan + c A A l, = ( W, cos a, — U t ) tan <j) A + c d 
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or, from Fig. 11.6a, in terms of effective stress parameters c and cf>, 

2j=" [F A/ + (W, cos a, — Uj) tan (f> ] 

F = -——--— 

Wj sin a, 


( 11 - 10 ) 


Bishop's Simplified Method of Slices 

As mentioned previously, the side forces were neglected in the derivation of Eq. 
11-10. This violates the equilibrium requirement with respect to translation. Thus, 
the safety factor based on this equation is somewhat in error. Yet, to include 
these forces complicates the approach quite appreciably. Bishop (3) suggested an 
alternate approach to determine N He assumed the resultant in the vertical 
direction of the forces acting on the sides of the slice to be zero. Thus, referring 
to Fig. 11.66, 


Ni = W, cos a, — Uj = Wj cos a, — m, 


COS O', 


Tj = W, sin a, = 


N, tan <j) + c A lj 


(a) 

(b) 


From 2 F y = 0 (the summation of the forces in the y direction), we have 

(Uj + Nj) cos a, — W, + T, sin a, = 0 (c) 

Substituting the expression for T, from Eq. (b) into Eq. (c) and dividing by cos a, 
and rearranging, we have 

— , — tan a, tan d> Wj rr cAl, 

Nj + Nj - 7 :-- =-- - Uj - —H tan a,- d 

F cos a, b 


But A/, = b ,/cos a,. Also, Uj = u, A/, = w,( 6 ,/cos a,). Hence, substituting in Eq. 
(d) and solving for A,, we have 


Wj — u,bj — ( cbj/F ) tan a, 
cosa, (l + tan a, tan 4>/F) 


(e) 


From Eq. (a) N, = (W ; cos a, — Uj). This is one of the terms in Eq. 11-10. Hence, 
substituting the expression for N, from Eq. (e) into Eq. 11-10, we have 


F = 


; ' : l 


cb, 


■ + 


cos a, 


W, — Ujbj — cb, tan a,/F 
.cosa!| (l + tan a, tan <f>/F) J 


tan </> 


2,=i W, sin a. 


(f) 


Simplifying, 


F = 


[cbj + (Wj — Ujb,) tan 4> ] [sec a,/ (1 + tan a, tan </>/F)] 
2 ',” Wj sin a. 


( 11 - 11 ) 


Although Eq. 11-11 is regarded as more compliant to equilibrium requirements 
than Eq. 11-10, its solution requires an iterative analysis since F appears on both 
sides of the equation. It lends itself well to a computer analysis, although hand 
calculations are not out of the question since convergence is rapid. The trial-and- 
error approach consists of assuming an F on the right-hand side of the equation, 
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then solving for F on the left. If the difference between the assumed F and the 
computed F is significant, a new F is assumed and the procedure repeated until a 
satisfactory F is determined. Again, computer programs are generally preferable in 
this regard (27, 77). If = 0, then Eq. 11-11 may be solved directly for F. 


Semigraphical Approximation 

The method consists of plotting the slope to scale. A trial circle is assumed, and 
subsequently the wedge is subdivided into convenient slices. The respective weights 
Wj are calculated and assumed to act through the midpoints of the respective slices. 
Angles a, can be measured, and thus normal and tangential components can be 
calculated. Clockwise and counterclockwise rotational effects of the normal and 
tangential components are inherent in the rotational equilibrium requirement. 
Thus, 

_ 2 resisting moments 

2 overturning moments 


or 


F = 


2 i= " ( c A l + Wj cos a, tan 4> + T R 

y=« r 

■"i-1 l 0 


( 11 - 12 ) 


where T R and T 0 represent the tangential components of force resisting and over¬ 
turning, respectively. Example 11.4 may provide some further explanation in this 
regard. 

There are many possible rupture surfaces, and the location of the most critical 
one (i.e., the surface that results in the least safety factor) is usually determined 
by trial and error. Generally, the failure surfaces for relatively flat slopes (e.g., 1:4, 
1:5, or more) may be rather deep into the base of the slope and somewhat past 
the toe. For steep (say 1:1) and moderately steep (say 1: 2 or 1: 3) slopes the circle 
generally passes through the toe and has a smaller radius and a shorter arc length. 

It is usually sufficient to draw three or four arbitrary failure surfaces and subse¬ 
quently evaluate the safety factor for each. After a few trials a trend would become 
apparent, thereby pointing toward the probable location of the failure surface near 
the lowest safety factor. For example, in Fig. 11.7 a number of circles are assumed, 
and the corresponding safety factors are plotted to a convenient scale at the respec¬ 
tive centers of rotation, designated by 0 h 0 2 , and 0 3 , for the respective circles 1, 
2, and 3 shown. A smooth curve is drawn for the plotted safety factors. The lowest 
portion of the curve represents the smallest safety factor and provides the center 
of the circle for the critical failure arc. The corresponding slip surface is shown by 
the dashed line. 

As mentioned above, not all circles pass through the toe; some dip deeper into 
the base, with failures past the toe. However, for the moderate and steep slope 
conditions, and relatively cohesive soils, failures through the toe are rather common. 
As a rough approximation, values of /T = 25-30° and (in = 35-36°, measured as 
indicated in Fig. 11.7, provide a starting point for the first center of rotation. Two 
or three additional points, say equally spaced, for additional trial circles and a 
subsequent determination of the critical failure surface may be selected, as shown 
in Fig. 11.7. 
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In general, some guidelines may prove helpful in locating the trial circles for 
some well-defined and uniform soil properties: (1) For cohesionless soils the critical 
surface has a radius approaching infinity and coincides with the slope surface itself. 
(2) For purely cohesive soil and i < 53° the rupture surface is deep seated, with a 
very large radius (theoretically an infinite radius and infinite depth); the center of 
the circle is located above the midpoint of the slope. For i > 53° the circle generally 
passes through the toe, with the center of the circle above the midpoint of the 
slope, unless the slope is exceedingly steep. 


Example 11.3 _ 

Given The slope and soil properties, as shown in Fig. 11.8. 

Find F via the approximate method of slices for the trial circle shown. 

Procedure The slope was plotted to a convenient scale. For the assumed failure circle and 
the slices selected, the width of each slice is measured as 2.5 m. For each slice 
the angle is measured, and so is the height of each slice. Unit thickness (1 m) 
is assumed normal to the page. 

The calculations for slice 1 are as follows: 

Wi = (area)y = bhy = (~~j 19.61 = 73.6 kN 

Ni = W 1 cos a, = 73.6 cos 29° = 64 
a t = 29° (measured value) 
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o 



Figure 11.8 Slices encompassed by a trial failure arc. 


T Ri = 73.6 sin 29° = 37 
N i tan <f> = 64 tan 18° = 20.8 

The results for the entire slope are given in the following table: 


Slice 

1 

2 

3 

4 5 6 7 8 

9 

10 

11 

2 

w, 

73.6 

196 

319 

406 479 536 571 544 

467 

353 

142 

— 

N, 

64 

183 

311 

405 479 528 540 480 

370 

236 

69 

— 

To n 

— 

— 

— 

— »0 93 186 256 

284 

220 

130 

1169 

t r 

37 

70 

42 

35 — — — — 

— 

— 

— 

184 

Nj tan 4> 

21 

59.6 

101 

132 156 172 175 156 

120 

77 

22.4 

1190 

2 AL = L 




— my™* 




34.4 

M 

> 

II 




cL = 28 X 34 = 963.2 




963.2 

F 



F- 

1190 + 963.2 + 184 

1169 ~ 





Note that slices 1-4 effect a counterclockwise rotation; hence they resist sliding. 
Slice 5 has a negligible tangential component (say 0). 


1 1.5 STABILITY CHARTS—COUSINS'S APPROACH FOR SIMPLE SLOPES 


The method of slices described in the preceding section develops a reasonable 
basis for estimating slope stability, but the theoretically developed expressions ( 1 ) 
require an iterative procedure for their solution, and ( 2 ) do not provide a sufficiently 
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Slope i (degrees) Slope i (degrees) Slope i (degrees) 

(a) (b) (c) 

Figure 11.9 Stability numbers for toe circles (a) r„ = 0. (b) r„ = 0.25. (r) r„ = 0.5. 


expedient methodology for locating the critical failure surface. Charts and computer 
programs, however, have helped considerably in this regard (4, 12, 34, 68, 72, 73). 
Especially expedient are a number of charts for simple slopes developed by Cousins 
(12); their use will be discussed here. 

Figures 11.9 through 11.11 show charts developed by Cousins via a rather extensive 
computer analysis for specific values of average pore-pressure ratios r„, where r„ = 
u/y w h. Figures 11.9 and 11.10 relate a slope angle, i, to a stability number, N F , for 
a number of dimensionless parameters, \ ri . They are defined as N f = FyH/c and 
\ c< p = yH tan <j)/c. An estimate of the depth factor, D (see Fig. 11.12), can also be 
made directly from the charts for the respective values of i, Ay, and A„ 4 . 

Figure 11.11 depicts the relationship between slope angle i and coordinates X, 
Y of the center of the critical slip circle for a number of A^ values and three values 
of r u . For convenience the coordinates X and Y are expressed as (A tan i)/H and 



Slope i (degrees) Slope i (degrees) Slope i (degrees) 

(a) (b) (c) 

Figure 11.10 Stability numbers for depth factor D = 1, 1.25, 1.5. (a) r„ = 0. (b ) r„ = 0.25. 
(r) r„ = 0.5. 
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(a) (b) (c) 

Figure 11.11 Coordinates of slip circles for toe circles. ( a ) r„ = 0. ( b ) r u = 0.25. (c) r„ = 
0.5. 


(Y tan i)/H. The following examples may enhance the explanation regarding the 
use of these charts. 


Cousins's Stability Charts for Tension Crocks 

The preceding discussion ignored the effects of tension cracks. Yet tension cracks 
may reduce the safety factor of a slope by as much as 20% and are usually regarded 
as early and important warning signals of impending failure in cohesive soils. 
Subsequent to the stability charts shown in Figs. 11.9, 11.10, and 11.11, Cousins 
(13) developed a series of stability charts for toe circles that take into account the 
effect of tension cracks, both dry and filled with water. These are shown in Fig. 
11.13, for pore-pressure ratios r„ = 0, 0.25, and 0.5, for a dry tension crack; Fig. 
11.14 presents a similar relationship, but the tension crack is assumed filled with 
water, for a case r u = 0. 

In developing these charts, Cousins assumed that (1) soil is totally homogeneous 
and pore-pressure ratios, r„, are uniform, (2) the depth of the tension cracks was 
limited to half the height of the slope, and (3) the water filling the tension crack 
has a unit weight half the bulk unit weight of soil. 

Among other observations. Cousins notes that the location of the critical tension 
crack is quite close to the crest of the slope for the no-water-in-the-tension-crack 
case and even closer if the tension crack is filled with water. For slope angles i > 25° 
and A,.^ > 3, the critical tension crack is located at the crest if the crack is filled 
with water. 



Figure 11.12 Notation related 
to Cousins's charts. 
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(c) 


Figure 11.13 Stability charts for no water in tension cracks. 


Example 11.4_ 

Given A slope as shown in Fig. 11.15. <f> = 18°; c = 32 kN/m 2 ; y = 19.1 kN/m 2 ; 
r a = 0.25. 


Find (a) F. (b) Coordinates X, Y for the center of the critical slip circle. 
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Figure 11.14 Stability number 
N f for water in tension crack, 
r u = 0. 


Procedure (a) c/yH= 32/19.1 X 30 = 0.056 

A* = yZ/tan 4>/c = 19.1 X 30 X tan 18732 = 5.82 

From Fig. 11.9, for r u = 0.25 and i = 26°, Ay = 19. Thus, 

F= 19X0.056= 1.06 
Z)~ l.l 


Ansiuer 


F= 1.06 


(b) From Fig. 11.116, 


— tan i = 0.3 
H 

l '"" 26 ”- 0 ' 3 


H 


Y = 


tan i = 0.95 


30 X 0.95 
0.488 


30 m 


-\mm 







Figure 11.15 Slope data. 
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Answer 

The center of the critical slip circle is shown in Fig. 11.16. 

Example 11.5 _ 

Given The data for Example 11.3, except that the slope is unknown. 

Find Slope for a specified F= 1.4. 

Procedure From the previously calculated values, A„ ; , = 5.82 and ?/yH = 0.056. For F = 1.4, 
N y = 1.4/0.056 = 25. From Fig. 11.9, for r„ = 0.25, 

Answer 




Example 11.6 _ 

Given Slope from Example 11.4, but assume r„ = 0. 

Find F. 

Procedure Assume r„ = 0. 

c/yH= 28/(19.1 x 10) =0.143 

A,* = yH tan <j)/c = 19.61 X tan 18°/28 = 2.28 

From Fig. 11.9, for r u = 0 and i = tan -1 (1/1.75) = 29.74°, Ny = 13. Thus, 

F= 13 X0.143= 1.859 

D~ 1.1 

Answer 




18.45 m 1 


Figure 11.16 Location of cen¬ 
ter of rotation. 
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Example 11.7 _ 

Given Slope from Example 11.3. 

Find F for 

(a) No water in tension cracks 

(b) Water in tension cracks 

Compare smallest F from (a) or (b) with results from Example 11.6. 

Procedure Assume r„ = 0. Also, i — tan '(1/1.75) = 29.74°; c/yH = 28/19.61 X 10 = 
0.143; y H = 19.6 X 10 tan 18728 = 2.28. 

(a) From Fig. 11.13 (no-water case, r u = 0), = 12.5. Thus, 

F = 12.5 X 0.143 = 1.79 

Answer 

(b) From Fig. 11.14 (water in tension crack), N F = 12.0. Thus, 

F = 12 X 0.143 = 1.72 

Answer 

Comparison: 

Percent difference = ^ X 100 = 7.5% lessf 

1.86 

Answer 

1M.6 SLIDING ON INCLINED PLANE _ 

The following method of analysis, proposed by Culmann in 1866, is based on the 
assumption that failure occurs on a slip plane through the toe of the slope. The 
general equilibrium conditions are applicable, however, to any wedge-shaped mass 
sliding on a plane surface that cuts through or above the toe of the slope. Figure 
11.17 depicts the typical case analyzed by this method. 

Figure 11.17 shows the forces acting on the sliding mass. The expression for the 
total weight of the wedge, in terms of the dimensions shown in Fig. 11.18a, is 

W = \hLy 





(a) 






316 Chapter 11 • Stability of Slopes 



Figure 11.17 Culmann’s slip plane. 




Figure 11.18 Forces acting on a sliding mass. 
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The weight component parallel to the plane AC is W sin (3. Thus, the expression 
for safety factors becomes 

F _ Cd + iyH[s,in(i — 0)/sin i] cos 0 tan (p d 
iy//[sin(t — 0)/sin i] sin (3 

Referring to the force polygon shown in Fig. 11.186 and using the Law of Sines, 
we have 


CjL . W 

sin(/3 - <p a ) cos f)> d 

Substituting the expression for ITfrom Eq. (c), we have 

c A L _ {LyH sin( i - f3) 
sin( f3 — 4> a ) sin i cos (p A 


or 


(e) 


c d _ 1 sin(0 - (p A ) sin(? - 0) 

yH 2 sin i cos 4> d ' 

where the quantity cd/yH is known as the stability number. The condition for im¬ 
pending slip occurs when cJyH is a maximum. Thus, from Eq. (f) the derivative 
with respect to (3, equated to zero, becomes 

^ = cos(/3 - (pi) sin( i ~ (3) - sin(j8 - c p A ) cos (i - /3) = 0 

from which 

sin( f3 - (pj ) _ sin(t - j3) 
cos (f3 — (p A ) cos(« — j3) 

or 


Thus, 


tan(/3 - (p A ) = tan(? - j3) 


(3 - (p A = i - (3 

Or, solving for (3, we have 

0 = 5 (i+(P A ) (11-14) 

which is the expression for the critical-slope angle. 

The method gives good results for very steep or vertical slopes; it does not provide 
satisfactory results for relatively flat slopes. 


Example 11.8 __ 

Given The section shown in Fig. 11.19. 

Find An expression for //in terms of c d , i, and r/> d lor F = 1. 
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Figure 11.19 General slope 
data. 


Procedure From Eq. 11-13, 

p— c ~ l ~ i'y^[sin(i — ;8)/sin i] cos (3 tan <f> 
iyH[sm(i — j3)/sin i\ sin /3 

But from Eq. 11-14 ^ — i(i + 4> A ). Thus, for F — 1 and c = c A and </> = <p d we 
have 

1 _ c d + kyPl [sin \{i~ d > d)/sin i\ cos|(i+ 4> d ) tan <fr d 
2 y//[sin 5 (f— d> d )/sin i] sin5(«+ <t>a) 
or 

c d = h'H — [sin i(i + d> d ) - cosi(t + <f> A ) tan <f> A ] 
sin i 

and 


Answer 


H = 


2c d sin i 

•ysin \{i— <f> A ) [sin i(i + </> d ) - cosi(t+ <f> A ) tan <f> A ] 


11.7 SPECIAL TOPICS ON STABILITY 


It is apparent that the many variables and conditions that may be associated with 
slope stability are too numerous to be covered within the scope of this text. However, 
some general guidelines and reflections on various phenomena relevant to some 
special cases may be worthwhile. 

Liquefaction 

Slope slides in dry sands do not occur for slope angles equal to or less than the 
angle of repose. They may occur in loose, saturated sands, or for angles of inclination 
exceeding the natural angle of repose of the sand. On the other hand, even saturated 
sands in a dense or reasonably dense state may prove somewhat stable if the angle 
of inclination is less than the angle of repose, provided the slope is not subjected 
to excessive disturbances, including liquefaction (9, 20, 41, 50). For example, shock 
waves produced by earthquakes, vibrations, and/or blasting, or a rapid fluctuation 
of the water table may trigger a condition of liquefaction and subsequent mass 
slide. 

Increasing the density of a sand or stabilizing the mass may be remedies to 
potential sliding. The increased density may be obtained by vibrating the sand via 
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mechanical tampers, pile driving, and the like. Paradoxically, the very methods for 
improving the density may indeed be the cause of such a slide. Thus, using cement 
or chemical grouting may be an economically viable alternative worth considering 
in this respect. 


Seismic Effects 

Earthquakes may induce displacement and subsequent failure of slopes or earth 
embankments that may be regarded as safe under ordinary conditions (34). Such 
effects may result in liquefaction of the soil, or in a sudden change in pore-pressure 
and effective stresses in the soil mass, or perhaps in the development of a vertical 
crack that may cause a reduction in the shear strength and eventual slope failure. 
Furthermore, the effects of earthquakes may be detrimental to slopes of cohesive 
as well as cohesionless material (20). 

Past practices have employed the use of numerical constants, generally referred 
to as seismic coefficients, kgu to account for the effects of gravity. These coefficients 
were given in percent of gravity. For example, coefficients of 10% of the gravitational 
force (0.1 g) were common. Thus, the dynamic forces were treated as static forces. 
Sometimes referred to as pseudostatic analysis, this method appears to be highly 
empirical and without adequate basis or justification for the selection of the coeffi¬ 
cient of 0.1 g. No substantive data exist to suggest that its use gives accurate results 
or that past slope failures could have been predetermined by its use. 

Investigations at the University of California, Berkeley, by Seed (54-63) and 
others (45, 65, 70) point to deficiencies in the overall analysis when coefficients 
such as those mentioned above are used without due regard to deformations as 
well as material makeup and slope geometry. For example, fine loose sands may 
be subject to liquefaction, whereas coarser dense sands may not be. The latter 
appear to be subject to displacements generally concentrated in thin shear zones 
near the surface of the slope. Also, the effective cohesion and angle of friction in 
the more cohesive soils may be significantly different under repetitions of seismic 
loads than those found from general routine laboratory tests. Indeed it is perhaps 
oversimplistic and dangerous to generalize a very complex physical relationship by 
the use of some highly empirical and loosely based coefficients in slope-stability 
analysis. It is perhaps best that one confronted with such problems, cognizant of 
the limitations of such analyses, research the problem from various points of view 
before resting with a final answer. 


Drawdown 

Figure 11.20 depicts a slope subjected to a lowering of the water table at the face 
of the slope. That is, let us assume that the slope was submerged under water for 
some time and then subjected to a lowering of the water table, a case known as 
drawdown. Under the initial conditions, total saturation may be assumed, and there¬ 
fore the slope is not subjected to any excess hydrostatic pore-water pressure. If the 
drawdown is sudden, the slope remains saturated, at least for a while. In turn, this 
condition induces changes in hydrostatic pressures on the ground surface and on 
the failure surface. That is, the removal of the water on the slope face reduces the 
hydrostatic pressure proportionately to the amount of drawdown and, subsequently, 
thereby decreases the resistance to sliding. In turn, this decreases the total stress 



320 Chapter 11* Stability of Slopes 



Figure 11.20 Slope subjected to drawdown. 


on the failure surface, thereby necessitating the mobilization of some additional 
shear resistance along the surface of failure in order to compensate for a decreasing 
resisting moment. If this is not available, the stability of the slope may be impaired 
(40,43). 

As we have seen previously, the shear resistance comprises the effects of both 
cohesion and friction. Quite apparently a change in the normal forces on the 
failure surface affects the frictional resistance. That is, a negative change in the 
pore-water pressure increases the effective normal component and therefore in¬ 
creases the available friction in a c-cp soil. Conversely, an increase in the pore- 
water pressure decreases the stability by a corresponding decrease in the normal 
component and subsequent effect on the frictional force. Furthermore, one notes 
that the weight of the sliding mass under total saturation is, at least temporarily, 
somewhat larger than that for a correspondingly dry mass, thereby further reducing 
the factor of safety of the slope. 

Problems 

11.1 A slope of infinite extent consists of a dry sand that weighs 'YkN/m 3 - It 
makes an angle / with the horizontal. At a given point at depth H, the 
normal and shear stresses are 63.6 and 21.7 kN/m 2 , respectively. The angle 
of internal friction is 33°. Determine: 

(a) The maximum shear strength the soil can develop at the given point. 

(b) The safety factor against shear failure. 

11.2 A slope of infinite extent consists of a dry dayey silt with c = 24 kN/m 2 and 
Cp = 17°. At a given point along the critical plane, the normal and shear 
stresses are found to be 95.4 and 32.5 kN/m 2 respectively. Determine: 

(a) The maximum shear strength the soil can develop. 

(b) The safety factor against shear failure. 

(c) The critical depth He ifY = 18.2 kN/m 3 and / = 20°. 

11.3 What would be the critical height He in Problem 11.2 (i = 20° and 'Y = 
18.2 kN/m 3 ) under a condition of seepage and water table at the surface 
of the slope? 
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11.4 An infinite slope consisting of sand and having a condition of seepage and 

water table at the surface is inclined at an angle of 16°. Assuming 'Y= 18.3 

kN/m 3 , determine the value for <p for impending failure. 

11.5 An infinite slope constructed of sand is subjected to seepage, with the water 

at ground surface. If <p = 32°. and F = 1.4 (based on strength) is to be 

attained, determine the maximum angle of inclination of the slope. 

11.6 An infinite slope consists of a uniform layer of silty clay 4 m thick and has 
an angle of inclination of 23°. A shale ledge runs parallel to the surface (at 
4 m below). Assume the following silty clay properties: <p = 16°, c = 26 
kN/m 2 , and 'Y = 18.6 kN/m 3 Determine the safety factor against sliding 
(shear failure) on the shale ledge: 

(a) If no water exists at the top of the shale. 

(b) If the water level is at the surface of the slope. 

11.7 For the slope shown in Fig. P11.7, assume the following data: 1/1/= 3600 
kN, r = 15 m, d = 3.3 m, c = 32 kN/m 2 and <p = O. Determine the safety 
factor against sliding on the circular surface shown. 

11.8 What would the developed cohesion have to be for the slope in Problem 
11.7 if the safety factor were 2.0? 

11.9 For the data of Problem 11.7 and h = 9 m, determine the safety factor 
against sliding if a seismic force of 0.15tv; acting horizontally, is applied at 
the center of gravity shown. 

11.10 For the slope shown in Fig. P11.10 determine the safety factor against sliding 
by using the method of slices if (3A = 27°. Divide the wedge into slices 
approximately r/lO wide. 

11.11 Rework Problem 11.10 by the "approximate method" of slices. State any 
assumptions. 

11.12 Rework Problem 11.10 via Bishop's method. 

11.13 Rework Problem 11.10 by using Cousins's stability charts. 

11.14 For the slope in Fig. P11.14 determine the safety factor against sliding by 
the ordinary method of slices, {3A = 26°. 



Figure PI 1.7 Slope of cohesive soil. 
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Figure P11.10 Slope of a c-4> soil. 


11.15 Rework Problem 11.14 by the "approximate method." State any assump¬ 
tions. 

11.16 Rework Problem 11.14 via Bishop's method. 

11.17 Rework Problem 11.14 by using Cousins's stability charts. 

11.18 Determine the safety factor against sliding for the slope in Fig. PI 1.14 by 
the ordinary method of slices if {3 = 26° and the water level drops suddenly 
from 10.5 to 4 m. State any assumptions and observations. 

11.19 Determine the safety factor against sliding for the slope in Fig. PI 1.14 by 
the approximate method of slices if (3A = 26° and the water level drops 
suddenly from 10.5 to 0.5 m. State any assumptions and observations. 

11.20 Determine the safety factor against sliding for the slope in Fig. PI 1.14 by 
the approximate method of slices if jSA = 26° and the water level drops 
suddenly from 10.5 to 0.5 m, and an earthquake force of 0.15 1/1/ is applied 
horizontally at 7 m from the top. State any assumptions and observations. 

11.21 For the cut shown in Fig. PI 1.21 determine the safety factor on the shale 
ledge if j3A = 20°. 

11.22 Rework Problem 11.21 if (3A = 25°. 


0 



Figure PI 1.14 Slope of a c-<f> soil and water at the face of the slope. 
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Figure PI1.21 Slope whose 
sliding surface is a plane. 



Silty clay 

y= 17 kN/m 3 
c= 42 kN/m 2 
<|> = 15° 


mmm 


Failure plane 


Figure PI1.24 Vertical cut 
whose failure surface is a 
straight line. 


11.23 Rework Problem 11.21 if {3B = 30°. 

11.24 Determine the maximum depth for the vertical cut shown in Fig. Pll.24 

at the point of impending failure along a straight line. 
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CHAPTER 12 


lateral Earth Pressure 


12.1 INTRODUCTION 


The problem associated with lateral earth pressure and retaining wall stability is one 
of the most common in the civil engineering field, and a segment of soil mechanics 
that has been receiving widespread attention from engineers for a long time. 
Historical records indicate that efforts to devise procedures and formulate method¬ 
ologies for the analysis of and designing for the effects of earth pressure date back 
to over three centuries-and perhaps much longer. It may be interesting to note 
that many of the theories developed by some of these early investigators still serve 
as the basis for present-day analysis of retaining walls. 

The typical structures whose primary or secondary purpose is to resist earth 
pressures may include various types of retaining walls, sheet piling, braced sheeting 
of pits and trenches, bulkheads or abutments, and basement or pit walls. These 
may be self-supporting (e.g., gravity or cantilever-type concrete walls) or they may 
be laterally supported by means of bracing or anchored ties. 

The lateral earth pressure depends on several factors (1. 4): (1) the physical 
properties of the soil; (2) the time-dependent nature of soil strength; (3) the 
interaction between the soil and the retaining structure at the interface; (4) the 
general characteristics of the deformation in the soil-structure composite; and (5) 
the imposed loading (e.g., height of backfill, surcharge loads). 

Two basic types of soil pressures are evaluated in this chapter, active and passive. 
If the soil mass pushes against a retaining wall such as to push it away, the soil 
becomes the actuating element and the pressure resulting thereby is known as 
active pressure. On the other hand, if the wall pushes against the soil (e.g.. see Fig. 
12.1) the resulting pressure is known as passive pressure. In this case the actuating 
element is the retaining wall itself. 
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Figure 12.1 Forces on gravity 
retaining wall. 


Although much research has been performed and appreciable advancement 
made during the past two centuries regarding the distribution of earth pressures 
and on the analysis of a wide range of earth-retaining structures, some of the 
theories formulated by such persons as Coulomb in 1776 and Rankine in 1857 still 
remain as the fundamental approaches to the analysis of most earth-supporting 
structures, particularly for sandy soils. Furthermore, although some research data 
and experience indicate that assumptions related to pressure distributions on re¬ 
taining walls, or on the failure surface of backfills, are not quite those depicted by 
these early investigators, substantial evidence exists that the analysis and design 
efforts based on their theories give acceptable results for most cases of cohesionless- 
type backfills. The results are significantly less dependable for the more cohesive 
soils. 

12.2 ACTIVE AND PASSIVE EARTH PRESSURES 


Figure 12.1 shows some of the forces acting on a typical gravity retaining wall. 
Frictional forces that may be developed on the front and back faces of the retaining 
wall are not shown. The lateral force induced by the backfill pushes against the 
wall with a resultant pressure Pa. In turn, the retaining wall resists the lateral force 
of the backfill, thereby retaining its movement. In this case, it is readily apparent 
that the soil becomes the actuating force. The thrust Pa is the resultant of the active 
pressure, or simply the active thrust. The resistance to the active thrust is provided 
by the frictional force at the bottom of the wall and by the soil in front of the wall. 
For the sake of illustration, assume that the wall was pushed to the left by the active 
thrust Pa. In this case, relative to the soil in front of the wall, the wall becomes the 
actuating force, with the soil in front of the wall providing the passive resistance 
to movement. This resistance is known as the passive earth pressure, with the resultant 
of this pressure denoted by Pp. 

The magnitude of the lateral force varies considerably as the wall undergoes 
lateral movement resulting in either tilting or lateral translation, or both. This 
phenomenon was focused on by Terzaghi (21) through his classic experiments in 
1929-1934 and by others (1,3,7,8,23). 

Figure 12.2 depicts the relationship between the earth pressure and the wall 
movement. Po represents the magnitude of pressure when no movement of the 
retaining wall takes place; it is commonly referred to as earth pressure at rest. As the 
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Direction of wall movement 


Figure 12.2 Relationship be¬ 
tween earth pressure and wall 
movement. 


wall moves toward the backfill, the pressure increases, reaching a maximum value 
of P p at point C. On the other hand, if the wall moves away from the backfill, the 
force decreases, reaching a minimum value of P a at point B. 

The relative magnitude of the active and passive earth pressures may perhaps be 
better illustrated with the aid of Fig. 12.3. For the sake of simplicity, several specific 



A— -- 

•-- Movement 


H cot p 



(c) W) 


Figure 12.3 Relationship between lateral pressure and wall move¬ 
ment for cohesionless soil mass and plain failure surfaces. («), ( b) 
Development of active pressure P a . (c), (d) Development of passive 
pressure /',. 
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assumptions are made. Deviations from these will be discussed in the next three 
sections: 

1. Frictional forces between backfill and retaining wall are assumed negligible. 

2. The wall is vertical, and the surface of the backfill is horizontal. 

3. The backfill is a homogeneous, granular material. 

4. The failure surface is assumed to be a plane. 

Figures 12.3a and 12.36 show the active case, where the wall moves away from the 
backfill, together with the corresponding force polygon. Similarly, the case of passive 
resistance, together with its force polygon, is shown in Figs. 12.3r and 12.3c/. 

The magnitudes of the active and passive forces P A and P p could be derived from 
the basic condition of static equilibrium as follows. 


Case of Active Pressure. From Fig. 12.36, 

P, = W tan (/3 - 4>) (a) 


From Fig. 12.3a, 

W = (\yH) ( H cot (3) = hyH' 2 cot f3 (b) 

Substituting Eq. (b) into Eq. (a), we obtain 

P.x = hyH' 2 cot (3 tan(/3 - <f>) (c) 

The maximum P 3 may be obtained as follows. Let dF*,/d/3 = 0 and solve for /3„. 
Then substitute (3 lr in Eq. (c); hence, 

dP 

—= ?yH 2 [cot(3 sec 2 (/3 - (j>) + tan(/3 — <j>) ( — csc 2 /3)] =0 
df3 


or 


cos (3 sin /3 — sin {(3 — 4>) cos( 13 — </>) _ 
[cos (13 — ([>) sin f3] 2 

From the trigonometric identities we have 

cos (3 sin (3 = i sin 2(3 
sin(/3 — <f>) = sin (3 cos 4> — cos (3 sin cf) 
cos ((3 — <f>) = cos /3 cos 4> + sin (3 sin tp 

Substituting in Eq. (d) and rearranging terms, we have 

cos(2/3 — <f)) sin <fi _ 

[cos(/3 — <f>) sin/3] 2 

Equation (e) is satisfied when cos(2/3 — </>)= 0. Thus, 

2/3 - 4> = 90 


or 


/3 cr = 45+| 


(f) 
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Substituting in Eq. (c), we obtain 


4> 


4 > 


P d = 2 yH 2 cos |^45 + —j tan ^ 45 — 
But cot(45 + 4>/2) = tan(45 — </>/2). Hence, we obtain 

1 ak _ 


P a = iyH 2 tan 2 45 - 


Case of Passive Pressure. From Fig. 12.3d, 

P p = W tan ((3 + (f>) 

From Fig. 12.3c, 

W = iyH{H cot j3) = iyH 2 cot (3 

Thus, Eq. (g) becomes 

Pp = iyH 2 cot y3 tan (/} + <£) 

As previously, letting dP p /d/3 = 0, we get 
dP D 


But, 


Thus, 


—7 = — H 2 [cot (3 sec 2 (<£ + /3) + ( — csc 2 f3) tan((/> + /?)] =0 

dp 2 




[cot (3 sec 2 (<f> + (3) + (—csc 2 (3) tan(</> + j 8 )] =0 
Rearranging terms, 


cos f3 


1 


sin (3j \cos (<j) + /3)/ J sin (3 


sin /3 


(sin 2 /: 


sin (</> + j 8 ) 


: /3/ \cos(</> + /3) J cos ((/> + /3) 


cos(4> + j 8 ) 


( 12 - 1 ) 

(g) 

(h) 

(i) 


= 0 


or 

cos (3 sin (3 — sin(</> + (3) cos((/> + /3) _ 

(sin 2 /3) [cos 2 (</> + (3)] 

Since sin 2 /3cos 2 (</> + (3) j 1 0 

cos /3 sin (3 — sin(</> + (3) cos(c p + /3) = 0 

From trigonometric identities, 

cos /3 sin )3 = i sin 2/3 
sin (4> + (3) = sin 4> cos f3 + cos </> sin (3 
cos (<p + j3) — cos </> cos (3 — sin </> sin j3 
sin <p cos <f> = i sin 2</> 

sin 2 4> = i (1 — cos 2<fi) 
cos 2 <f> = 1(1+ cos 2</>) 

cos 2<f> = cos 2 cf> — sin 2 </> =1—2 sin 2 (/> = — 1 + 2 cos 2 cf> 
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Hence, we have 

5 sin 2/3 ~ (sin (f> cos /3 + cos </> sin /3) (cos <fi cos /3 — sin (f> sin /3) = 0 
Expanding, 

i sin 2/3 — [sin </> cos <fi cos 2 /3 — sin 2 <j) cos (3 sin (3 

+ cos 2 (f> sin (3 cos j3 — cos </> sin <fi sin 2 /3] = 0 


or 

I sin 2/3 — [sin <p cos </>( 1 — sin 2 /3) — sin 2 (f> cos (3 sin (3 

+ (1 — sin 2 </>) sin f3 cos (3 — cos </> sin (/> sin 2 /3] = 0 

Combining terms, 

5 sin 2 (3 — [sin </> cos </>(l — 2 sin 2 /3) + sin (3 cos >3(1 — 2 sin 2 </>)] = 0 
or 

i sin 2/3 — sin </> cos (j> cos 2/3 + 1 sin 2/3(2 sin 2 </> — 1) = 0 
Rearranging, 

5 sin 2/3(1 + 2 sin 2 </> — 1) — sin (j> cos </> cos 2f3 = 0 
or 


sin 2/3 sin 2 </> — sin cf> cos (/> cos 2/3 = 0 
Factoring sin </>, we get 

sin </>[sin 2/3 sin </> — cos (/> cos 2/3] = 0 
From trigonometric identity 

cos 4> cos 2/3 — sin 2/3 sin </> = cos(c/> + 2/3) 


We have 


—sin </> cos(4> + 2/3) = 0 


This is satisfied when 


cos(</> + 2/3) = 0 


or 


Thus, 


4> + 2/3 = 90° 



(j) 


l\ = H -cot /3 cr tan( d> + /3 cr ) 


Therefore, 
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or 


P p = 2 H2 cot ( 45 ~ f) + 45 - 

But 

cot ^45 - |j = tan ^45 + 

Thus, 



P p = iy// 2 tan 2 ^45 + |j 

(12-2) 

Equations 12-1 and 12-2 

are frequently written as 


and 

P z = \yH'-K, 

(12-la) 

where 

P p = iyH 2 K P 

(12-2a) 


K* = tan 2 ^45 - |) 

and 


K p = tan 2 (45 + |j 

K. rl and K p are generally referred to as coefficients for active and passive pressure, 
respectively. They are constants for any given soil where <f> = constant. 

It is readily apparent that the coefficient K v is significantly larger than K d . How¬ 
ever, it is sometimes the practice to assume a value of K p approximately 10 times 
K a . Though this is true for only a rather small range of <p values, in many instances 
the value for <p for sand does fall within this range. From the above expression, 
however, we note a more fundamental relationship: 



The coefficient of earth pressure at rest K,, has been shown experimentally to 
approximate, after J.Jaky, (5)* 

K 0 = 1 — sin <p 

where <f> is the effective angle of internal friction. 

This expression is acceptable for normally consolidated soils, both cohesionless 
and cohesive. For overconsolidated clays, the value of K 0 is slightly larger than that 
given by the above expression. 


* K 0 is somewhat higher for (a) finer grain soils, (b) loose cohesionless soils, (c) soils of small <£ values, 
and (d) overconsolidated soils. K 0 is somewhat smaller with an increase in overburden pressures. 
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Granular backfill 
y = 18.2 kN/m 3 

Figure 12.4 Active and passive 
forces, variations with 4>- 


Example 12.1_ 

Given A retaining wall as shown in Fig. 12.4. 

Find (a) K 3 , K p , and K p /K, for <f> = 15, 20, 25, 30, 35, and 40°. 

(b) P, and P p for <j> = 30°. 

Procedure (a) K d = tan 2 (45 — <f>/ 2) and K p = tan 2 (45 + <fi/2). The coefficients are 
given in the following table. 



15° 

20 ° 

25° 

30° 

35° 

o 

O 


0.589 

0.490 

0.406 

0.333 

0.271 

0.217 

K p 

1.698 

2.040 

2.464 

3.000 

3.690 

4.599 

K p /K 

2.883 

4.163 

6.069 

9.009 

13.616 

21.193 


(b) P d = iyH 2 K z = i(18.2) (4.2) 2 (0.333) 
P b = iyH' 2 K p = 1(18.2) (4.2) 2 (3.000) 


Answer 


12.0 RANKINE'S THEORY _ 

Although historical evidence exists that shows that as early as in 1687 Marquis 
Sebastian de Prestre de Vauban, a French military engineer, formulated some 
guidelines for designing some earth-retaining structures, it was not until 1776 
that Charles Augustin Coulomb published his now famous and fundamental earth 
pressure theory. Since then, a number of investigators, including William John 
Macquorn Rankine, Jean Victor Poncelot, Karl Culmann, and numerous more 
current investigators, have refined and contributed much toward the solution of 
problems related to earth pressure. Coulomb’s and Rankine’s are perhaps the two 
best-known theories and are frequently referred to as the classical earth pressure 
theories. 

The theory proposed by Rankine in 1857 is based on the assumption that a 
conjugate relationship exists between vertical and lateral pressures on vertical planes 
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within a mass of homogeneous, isotropic, and cohesionless material behind a 
smooth retaining wall. Rankine’s theory reflects a simplification of Coulomb’s 
method. 

Cohesionless Backfill and Level Surface 

The basic concept behind Rankine’s theory can be depicted via Mohr's circle. 
Consider the element shown in Fig. 12.5a subjected to the geostatic stresses shown. 
The value for <Xi could be approximated as the product of the average unit weight 
times depth, namely, cr, = yh. If the wall were to move to the left, thereby creating 
a case of active stress, the value for <t x would become the major principal stress. 
The corresponding Mohr circle for this case is depicted by circle 1 in Fig. 12.56. 
On the other hand, if the wall were to push against the backfill, a case of passive 
pressure would be developed. The vertical stress would then become the minor 
principal stress, and the lateral stress would thus become the major principal stress. 
The Mohr circle for this condition is depicted by circle 2 in Fig. 12.56. 

For clarity, Fig. 12.6 isolates the corresponding Mohr circles for the active and 



Figure 12.5 The orientation of slip planes in granular soil mass with a level surface under 
active and passive states of stress, (a) Element in granular soil. (6) Mohr’s circles for active 
(1) and passive (2) states of stress in element shown in (a), (e) Slip planes for active case. 
( d) Slip planes for passive case. 
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Figure 12.6 Mohr’s circles for 
active and passive cases of stress 
in cohesionless backfill, level 
surface, and depth h. {a) Active 
case. ( b ) Passive case. 


sin (ft = ■ 


passive cases depicted in Fig. 12.56. From Fig. 12.6a we note that 

(CT| - CJjQ/2 = 0-1 - 0-3 

(CT] + <J 3 )/2 CT, + (X 3 

or, rearranging terms and solving for a 3 , 

1 - sin (ft _ 1 - sin eft 

as 1 + sin (ft ^ 1 + sin <ft 

or, since (1 - sin (ft)/(1 + sin (ft) = tan 2 (45 - (ft/2), Eq. (a) becomes 

<ft 


( 7 , = yh tan 2 ^45 — 

For the passive case (Fig. 12.66) we have 

, (03 — a-))/2 0-3 - cn 

sin (ft -- 

(cr : ( + cr,)/2 (To, 4* CT\ 

Thus, after rearranging terms and solving for cr 3 , 

, (1 + sin (ft) , 1 + sin (ft 

^-‘"‘(l-si^T" 7 1-sin (ft 


(a) 


(12-3) 


(b) 


or 


<x( = yh tan 2 ^45 + (12-4) 

We note that tan 2 (45 — (ft/2) and tan 2 (45 + (ft/2) in Eqs. 12-3 and 12-4 are 
constants for constant values of (ft. Hence, the corresponding pressures against the 
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Figure 12.7 Pressure distri¬ 
bution. 


retaining wall vary linearly with depth, as indicated by Fig. 12.7. The corresponding 
resultant pressures, active and passive, can be calculated for a unit length of retaining 
wall as 


P. = hyH- tan 2 (^45 - = iyH 2 K, (12-5) 

P v = iyH* tan 2 ^45 + = iyH'% (12-6) 

which correspond to Eqs. 12-1 and 12-2, respectively. 

The corresponding slip planes for the active and passive cases are shown in Figs. 
12.5c and 12.5 d. 


Cohesionless Backfill and Inclined Surface 

Let us now consider a cohesionless mass with a sloping surface behind a smooth 
vertical retaining wall. Assume this condition to be depicted by Fig. 12.8a. The 
lateral stresses acting on the vertical faces of the element (i.e., the faces parallel to 
the wall) are parallel to the inclined surface. Thus, any such planes experience not 
only normal but also shear stresses. Needless to say, they are no longer principal 
planes, as was the case for horizontal surfaces. 

The corresponding resultant pressure on the wall could be determined with the 
aid of Mohr’s circle. Figure 12.8c symbolizes an active state of stress. The magnitude 
of the vertical stress is depicted by the distance 0C; the latereral stress, acting parallel 
to the sloped surface, is represented by the distance 0A. Hence, from Fig. 12.8c we 
have 


«h = (OA) 


(a) 


OA = 


( 0B- AB \ 
\0 B+ ABJ 


(OC) = 


/ OB- AM 
\0 B+ ABj 


yh cos i 


(b) 


and 

OB = (0 D) cos i 
r = (0 D) sin </> 

BD = (0 D) sin i 

AB = Vr - (BD) 2 = V(0Dsin <£) 2 - (073 sin i) 2 
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Figure 12.8 Lateral pressure and slip planes in granular sloped back¬ 
fill under active state of stress, (a) Inclined granular backfill. ( b) 
Orientation of slip planes, (c) Mohr’s circle for active state of stress. 


Substituting into Eq. (b), we get 


(M = 


(0Z>) cos i — (0 D) Vsin 2 <j> — sin 2 


v (0 D) cos i + (0 D) Vsirrc/.) — sin 

Factoring and canceling (0 D) and substituting sin= 1 
1 — cos 2 *', Eq. (d) becomes 


y/tcos i 


cos 2 (f> and 


; cos i — V1 — cos 2 <b — 1 + cos 2 i\ , 

0 A = |- = I y«cos i 

cos i + V1 — cos 2 <j> — 1 + cos 2 i! 


and 


(M = 


cos i — Vcos H — cos 2 4> 
cos i + Vcos 2 i — cos 2 d> 

cr h = 0 A = yhK, 


y/tcos i 


P, = hyH-K, = \yH 2 


' cos 


i — Vcos 2 * — cos 
cos i + Vcos 2 * — cos 2 <t> 


cos * 


(d) 

sin 2 * = 

(12-7) 

( 12 - 8 ) 

(12-9) 
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For the passive case, 


( OB + AB \ 
\ OB — AB) 


( OA ) 


or 


o’* 


/ OB + AB \ 
\OB — AB) 


{yh cos *) 


But, 

Thus, 

Hence, 


OB = (OD)c os *; BD = (QD)sin *; r = ED — {OD) sin </> 

AB = [r - ( BD) 2 ] l/ 2 = [{OD sin^>) 2 - {OD sin z') 2 ] 1/2 


OC = 


(OC)c os i + OD(sin 2 (f) 
(QD)cos i — OD(sin 2 <p 


sin 2 *) 1/2 
sin 2 *) 1/2 


y/i cos i 


From trigonometric identities, 

sin 2 (£ = 1 — cos 2 </> and sin 2 *’ = 1 — cos 2 * 


we have 


0C = 


cos i+ (1 — cos 2 <p — 1 + cos 2 *) 1/2 
COS * — (1 — COS 2 4> — 1 + cos 2 *) 1/2 


yh cos * 


or 


But, 


Hence, 


a h = OC = yh cos * 


cos * + Vcos 2 * — cos 2 </> 
_cos * — Vcos 2 * — cos 2 (f)_ 


P p = |//(OC) 


Vcos * — Vcos - * — cos-cp/ 


( 12 - 10 ) 


Equation 12-9 is Rankine’s expression for the active lateral pressure at depth // 
for a backfill’s unit weight y. Equation 12-10 is Rankine’s expression for the passive 
case. 

For a given sloped surface and uniform soil properties becomes a constant. 
Thus, the intensity of load, or stress, varies linearly with depth. Hence, as before, 
the total resultant active force may be given by Eq. 12-9. Again, one notes that the 
direction of the resultant is parallel to the sloped surface. 

For the case of level surface, Eqs. 12-9 and 12-10 reduce to Eqs. 12-5 and 12-6, 
respectively. 
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Figure 12.9 Active and passive 
resultants induced by an in¬ 
clined granular backfill. 


Example 12.2 


Given A retaining wall as shown in Fig. 12.9. 
Find P„ and P p . 

Procedure From Eqs. 12-9 and 12-10, respectively 


or 


^ = fry// 2 *. = i( 18.2) (4.2) 2 


cos 20° - Vcos 2 20 - cos 2 30 
.cos 20° + Vcos 2 20 — cos 2 30 


cos 20° 


and 


P. 

P» 


160.52/C = 160.52 


0.94 - V0.883 - 0,750 

-0.94 + Vo. 883 - 0 . 750 . 


cos 20° 


160.52 


0.575 

1.305 


(0.94) 


Pp 


160.52(0.940) 


/ l.305 \ 

\0.575/ 



P » - 66.484 kN/m and P p = 342.452 kN/m 


Answer 
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12.4 COULOMB'S EQUATION 


In 1776 Coulomb introduced an expression for determining the active thrust on 
retaining walls. Although Coulomb was cognizant of the effects of both strength 
parameters c and <£, and of the likely probability that the sliding surface is not a 
plane, he elected to base his analysis on the assumption that the sliding surface is 
a plane and the backfill is granular (c = 0). He did this in order to simplify somewhat 
the mathematically complex problem introduced when cohesion and nonplane 
sliding surfaces are considered. He did, however, account for the effects of friction 
interaction between the soil backfill and the face of the retaining wall, and he 
considered the more general case of a sloped backface of the retaining wall. In 
this respect, it is a more general approach than the Rankine cases considered in 
the previous section. 

According to Coulomb’s theory, the thrust is induced by the sliding wedge, as 
shown in Fig. 12.10a. For this reason, it is sometimes referred to as the sliding wedge 
analysis. The corresponding force polygon is shown in Fig. 12.106. The development 
of Coulomb’s equation follows from this basic relationship. From Fig. 12.106, using 
the Law of Sines, we have 

P, _ W 

sin(a — <f>) sin(— a + (f> + (3 + S) 

or 

P = w _l in igL~^)_ 

sin (—a + <f> + f3 + S) 

The weight IT of the wedge can be obtained from Fig. 12.11 

„ r Lh (AD + CD) h 

w= y7 =--g- y 

But 


( 12 - 11 ) 

(a) 


AB = 


H 

cos(/3 — 90) 


h 

sin(/3 — a) 



Figure 12.10 Coulomb’s theory, general case with cohesionless backfill, 
active state, (a) Coulomb’s sliding wedge. ( b) Force polygon. 



342 Chapter 12 • Lateral Earth Pressure 



Figure 12.11 General cross 
section of sliding wedge. 


or 


Also, 


and 


sin(/3 — a) 
cos(/3 — 90) 


CD _ h 
sin (90 — a + i) sin (a - 1) 


CD = 


sin (90 — a + i) 
sin (a — i) 


AD _ h 
sin(90 — f3 + 8) sin(/3 -a) 

... , sin(90 — (3 + 8) 

AD = h -:——--— 

sin — a) 


Substituting into Eq. (a), 



sin (90 - ;3 + a) + sin (90 - /3 + 8) 
sin(13 - a) sin(a - i) 


(b) 


or, in terms of H, 


H- 

sin(/3 — a) 

2 

sin (90 — a + i) ^ sin (90 - /3 + S) 

T y 

cos (90 — (3 + S) 


sin (a — i) sin(/3 - a) 


(c) 


Hence, substituting into Eq. 12-11, 


2 y) 

sin (a — </>) 

sin ((3 — a) | 

rj 

sin 

sin ( — a + (f> + {3 + 8) 

(90 — a + i) , sin (90 - 

[cos(90 
13 + 8)1 

-{3 + 8)1 

sin (a — i) sin(/3-a) J 




( 12 - 12 ) 
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To determine the orientation of the failure plane that produces a maximum P a , 
the following condition must be satisfied. 



(d) 


The solution to this equation is tedious and beyond the scope of this text. Mtiller- 
Breslau solved this general problem in 1906 (12). Hence, 


where 


P, = 


H-y 

[" esc (i sin ( (i — (/■>) 

_ H-y 

2 

Vsin(/3 + S) + 

/sin(</> 4- 8) sin (</> — i) 

2 

1 

s 

.£ 

*35 


| esc (3 sin ( (3 — <t>) 1 

Vsin(/3 + <5) + 

/sin (5 + </>) sm((f> — i) 

sin (^3 ^ i) 


K, 


(12-13) 


The corresponding passive thrust is expressed by Eq. 12-14. 


H 2 y 

esc (5 + (f>) 

2 

Vsin(/3 - 8) - y 

/sin(0 + 8) sin {<j> + i) 

sin (/3 — i) 


H-y 

-^K p (12-14) 


where 


j esc (i sin ( (5 + <j>) j 

Vsin ( f3 - 8) - yj 

ls'm(<p + 8) sin(c ft + i) 

sin(/8 — i ) 


For a vertical smooth backface (that is, /3 = 90° and S = 0) and when 8 = i, Eq. 
12-13 reduces to Eq. 12-9 derived on the basis of Rankine’s theory. 

Coulomb arbitrarily placed the resultant thrust P, at the third point from the 
bottom. Correspondingly, he assumed the pressure distribution to vary linearly with 
depth. Although this assumption appears to give results acceptable for very rigid 
walls and granular backfill, it is not valid for relatively flexible bulkheads, for cohesive 
backfills, or where the retaining wall rotates about points not close to the bottom. 


Example 12.3 


Given A retaining wall as shown in Fig. 12.12. 
Find P A and P p . 
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Figure 12.12 Retaining wall 
with /8 > 90° and i > 0°. 


Procedure From Eqs. 12-13 and 12-14, 


H 2 y 

[" esc /3 sin (j8 — <j>) | 

2 

Vsin(/3 + S) + ^ 

jsm(4> + S) sin (</> — i) 

sin(/3 — i) 


(4.2) 2 (18.2) 

p esc 98 sin (98 — 30) ~| 

2 

Vsin(93 + 20) + ^ 

/sin (30 + 20) sin (30 - 20) 
sin (98 — 20) J 


Answer 


P 3 = 72.94 kN/m 


and 


H‘ l y 

[ esc fi sin( j8 + <^) ] 

2 

Vsin(/3 - S) - 

ls\n(4> + S) sin (</> + i) 

sin(/3 — i) 


(4.2) 2 (18.2) 

p esc 98 sin (98 + 30) ~] 

2 

Vsin(98 - 20) - ^ 

/sin(30 + 20) sin(30 + 20) 

sin (98 - 20) J 


Answer 


P p = 2089 kN/m 


12.5 LATERAL EARTH PRESSURES IN PARTIALLY COHESIVE SOILS 


The Mohr circle may be used to determine the lateral thrust on retaining walls 
from backfill soil for which the shear strength may be expressed by s = c + cr tan 
d>. In this case, the values of c and (f> imply effective cohesion and effective angle 
of internal friction, respectively. As a special case, let us assume a vertical and 
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(a) (b) 


Figure 12.13 Cohesive (c-<6) backfill, active state. 


smooth retaining wall and a ( c-(f >) soil backfill with a horizontal surface. At a given 
depth h on the element shown in Fig. 12.13a, the vertical stress <x, is equal to yh. 
The lateral stress is designated by <r 3 . Both of these are principal stresses. The 
corresponding Mohr circle for this case is shown in Fig. 12.136. 

From Fig. 12.136 we note that 

. (a, - <j 3 )/2 Oi - 03 


sin <fi — 


\0~i - 031/2 _ a -1 - P's 

(<Xi + <x 3 ) /2 + c cot (6 cr, + <x s + 2c cot c/> 


Rearranging terms, 


tr 3 ( 1 + sin 4>) = CTj(1 — sin <6) — 2f sin </>cot (f> 


( 1 - sin 4>\ n 
0‘S = O'! T—:—7 _ 2c 
\1 + sin <p 


cos (6 
1 + sin <6 


cos <6 _ Vl — sin 2 </> _ V(1 — sin <j>) (1 + sin 4>) 

1 + sin <6 1 + sin <6 V (1 + sin <£)(! + sin <f>) 


cos <6 _ 11 — sin <6 

1 + sin <6 v 1 + sin <6 

Thus, substituting into Eq. (a), 

1 — sin <6 „ /1 — sin (f> 


1 - sin <6 0 

0’s = 0~i , T ■ , ~ 2c, 

1 + sin cp 


1 + sin (6 


But (j\ = yh and (1 — sin </>)/(! + sin <6) = tan 2 (45 — </>/2). Hence, 


cr } = yh tan 2 ( 45 — — 1 — 2c tan I 45 — — 


0-3 = yhK„ - 2 cVK d 
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Figure 12.14 Pressure distributions in (c~4>) soil, (a) ( c-(j >) soil, (b) 
Active state, (c) Passive state. 
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or 

cr 3 = yhK p + 2 cVk p (h) 

The stress (pressure) distribution is shown in Fig. 12.1 4r. From this the pressnre 
resultant P p is 

P p = iy K p H 2 + 2cVK p H (12-16) 

12.6 UNSUPPORTED CUTS IN (c-<fr) SOIL_ 


Unsupported excavations would theoretically be possible in ( c-<fi ) soils if the lateral 
pressure (cr 3 for the active case) would not exceed the strength of the soil. The 
general expression for the horizontal stress <x 3 in a ( c-(f >) soil for the active case was 
given by Eq. (d) in Section 12.5. For convenience it is reproduced here: 

= yhK d - 2 cVk~ 3 (d) 

At ground surface, h = 0. Thus, 

a 3 = —2 c\^K d (tension) 

This implies the formadon of a crack as depicted in Fig. 12.15a. The corresponding 
pressure distribution based on Eq. (d) is shown in Fig. 12.156. 

The theoretical depth of the crack h x can be determined by recognizing that, at 
the bottom of the crack, cr 3 = 0. Thus, from Eq. (d), 

0 = yh,K, - 2cVK d 


or 



(12-17) 


The theoretical maximum depth // c of unsupported excavation may be calculated 
as the point where the tension forces equal the cohesive strength. Hence, from 




Figure 12.15 Tension crack in 
(c-<j>) soil and corresponding 
pressure distribution, active 
state, (a) Tension crack. ( b ) 
Pressure distribution. 
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Fig. 12.156, H c = 2 h t . This could also be obtained from Eq. (d) if cr 3 = 2cVA,, 
when h = H c : 

2eVX = yM A', - 2r\/X 


or 


H c = 


4 c 

y Vk, 


26, 


(12-18) 


Though Eq. 12-18 provides a theoretical depth to which an excavation may be 
made without lateral support, it should be used cautiously. Surface moisture that 
may enter the crack may induce hydrostatic stresses or may decrease the shear 
strength of the soil. Hence, the unsupported excavation to such depths should 
be for short duration at best. Even then, judgment reflecting on the potential 
consequences from unsupported excavation is indeed warranted (13). 

In general, it is advisable to minimize the use of cohesive backfill whenever 
possible. With changes in moisture content, the pressure induced by highly cohesive 
soil may change significantly. For example, as the clay dries up and shrinks, the 
pressure on the wall is likely to be significantly reduced. On the other hand, a drv 
soil subjected to moisture may swell significantly, thereby increasing the pressure 
by a significant amount. Furthermore, repeated shrinking and swelling cycles mav 
result in cumulative movement in the retaining wall itself. Yet to predict forces and 
subsequent effects with any degree of accuracy may be rather difficult. 


Example 

12.4 

Given 

An 

Find 

(a) 


(b) 


(c) 

Procedure 

(a) 


<7 3 = y h tan 2 ( 45 — ^ j — 2c tan ^45 — ^ 


at the top, h = 0, 


o- 3 = 0 - 2(25) tan(45 - f) 


T 


E 

C\J 


v/AVAyAy 


y= 18.2 kN/m 3 
r= 25 kN/m 2 
<|> = 10 " 


mw 


Figure 12.16 Unsupported cut. 
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Answer 


o-j = -41.95 kN/m 2 


and at the bottom, h = 4.2 m, 


£t 3 = 18.2(4.2) tan 2 (45 - ¥) - 2(25) tan(45 - ¥) 
0-3 = 53.82 - 41.95 


Answer 


0-3 = 11.87 kN/m 2 


(b) From Eq. 12-17, 


K = 


2 c 


2(25) 


yVK, (18.2) Vtan 2 (45 -¥) 


Answer 


h t = 3.27 m 


(c) From Eq. 12-18, 


H c = 2K 


Answer 


H c = 6.54 m 


12.7 EFFECTS OF SURCHARGE LOADS 


Concentrated or uniformly distributed loads, commonly referred to as surcharge 
loads, acting on the surface of the backfill, will ( 1 ) increase the lateral pressure 
against the retaining wall and ( 2 ) move the point of application of the resultant 
pressure upward. 

Figure 12.17 shows a uniformly distributed surcharge q (kN/m 2 ) acting on the 
surface of the backfill. The vertical stress (T, on an element within the soil backfill 
at a depth h is equal to y h + q. Correspondingly, the lateral stress cr 3 , from Eq. 
(c), Section 12.5, for a ( c-4 >) soil, is 

a 3 = (y h + q) tan 2 ^45 — ^j — 2 c tan ^45 — ^ 

The intensity of pressure at any given depth can be determined by superimposing 
the effects of the backfill and of the surcharge, as indicated in Fig. 12.18. The effect 
could be envisioned as that of an imaginary equivalent soil layer of thickness q/y 
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Figure 12.17 Uniform sur¬ 
charge on level backfill surface. 


on top of the backfill. Thus, the effect is additive, resulting in the trapezoidal shape 
shown in Fig. 12.18. Furthermore, the resultant thrust of the two superimposed 
effects acts at a point between the resultants of the two pressure blocks shown in Fig. 

12.18. Flence, the surcharge increases both the lateral thrust and the overturning 
moment. 

For concentrated surcharge loads Q; such as may be induced by a continuous 
footing, railroad tracks, and the like, running parallel to the wall, it is possible, 
although rather laborious, to estimate the increased stresses on the wall based on 
Boussinesq's equation, consistent with the theory of elasticity for a semi-infinite 
homogeneous soil mass. Flowever. graphical methods are more expedient for this 
purpose (see Examples 12.5 and 12.6). 

Experimental data indicate that Boussinesq's formula for lateral stress gives ac¬ 
ceptable results where the wall movement is compatible to soil deformations within 
the backfill. On the other hand, if the retaining wall is totally rigid such that the 
soil deformation is greatly restricted by the rigid boundary, the horizontal stress 
approaches a value twice that given by Boussinesq's equation. This effect becomes 
less noticeable as the distance of Q relative to the wall increases. 

The line of action of the active thrust induced by the concentrated surcharge 
loads Q is commonly based on empirical procedures. Such a procedure gives 
acceptable results for cohesionless backfill; it may be illustrated with the aid of Fig. 

12.19. When the concentrated surcharge load is located to the left of point C, the 
active thrust Pa may be determined by drawing lines ED and FD parallel to lines 
AG and AC, respectively. The point of application of Pa is one-third the distance 
EFfrom point E, as indicated in Fig. 12.193. When load Q is located to the right 
of the failure plane, as indicated in Fig. 12.19b, line ED is parallel to line AG. The 



Backfill Surcharge Net 


Figure 12.18 Stresses induced 
by backfill surcharge. 
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Figure 12.19 Procedure for es¬ 
timating the line of action of 
the resultant active thrust fj." 
caused by the concentrated 
surcharge Q on the left and 
right of the potential slip 
planes, (a) Location of active 
thrust induced by concen¬ 
trated load Q acting between 
wall and failure plane, (b) Lo¬ 
cation of active thrust Pa, in¬ 
duced by concentrated load Q 
acting outside the sliding 
wedge. 


point of application of Pa is one-third the distance EA from point E, as shown in 
Fig. 12.1 gb. We note that the line of action of the resultant thrust moves up the 
wall as the load Q approaches the wall. Furthermore, the lateral thrust as well as 
the overturning effect decreases as the load Q moves away from the wall. 


12.8- CULMANN'5 METHOD 


The following graphical procedure was devised by Karl Culm ann over a century 
ago (1875). It is used to determine the magnitude and the location ofthe resultant 
earth pressures, both active and passive, on retaining walls. This method is applicable 
with acceptable accuracy to cases where the backfill surface is level or sloped, regular 
or irregular, and where the backfill material is uniform or stratified. Also, it considers 
such variables as wall friction, cohesionless soils, and, with some procedural modifi¬ 
cations, cohesive soils and surcharge loads, both concentrated and uniformly distrib¬ 
uted. It does, however, require that the angle of internal friction of the soil be a 
constant for the total backfill. The procedure presented here is limited to cohesion¬ 
less soils. 

Reference is made to Fig. 12.20 in describing the procedure for determining the 
active pressure for a case of cohesionless soil by Culmann's method: 

^ Select a convenient scale to show a representative configuration of retaining 
wall and backfill. This should include height and slope of the retaining 
wall, surface configuration of the backfill, location and magnitude of concen¬ 
trated dine) surcharge loads, uniformly distributed surcharge, and 

so on. 

From point A draw line AC, which makes an angle of <p with the horizontal. 


2. 



352 Chapter 12 • Lateral Earth Pressure 



Figure 12.20 Culmann's active earth pressure for cohesionless soils. 


3. Draw line AD at an angle of t/J from line AG. Figure 12.20 shows the angle 
t/J to be the angle between the vertical and the resultant active pressure. 

4. Draw rays ABi ABz, AB 3 , and so on. that is, assumed failure surfaces. 

5. Determine the weight of each wedge, accounting for variations in densities 
if the backfill is a layered system, for variable moisture content, and so on. 

6. Select a convenient scale and plot these weights along line AG. For example, 
the distance from A to Wi along line AG equals WI; similarly, the distance 
from Wi to Wv along line AG equals W 2 and so on. 

7. From each of the points located on line AG, draw lines parallel to line AD 
to intersect the corresponding assumed failure surfaces; that is, the line 
from WI will intersect line AB], the one from Wz will intersect line ABz, 
and so on. 

8. Connect these points of intersection with a smooth line, Gulmann's cuiye. 

9. Parallel to line AG, draw a tangent.to Culmann's curve. In Fig. 12.20 point 
E represents such a tangent point. More than one tangent is possible if the 
Culmann line is irregular. 

10. From the point of tangency, draw line EFparallel to line AD. The magnitude 
of EF, based on the selected scale, represents the active pressure Pa. If 
several tangents to the curve are possible, the largest of such values becomes 
the value of Pa. The failure surface passes through E and A, as shown in 
Fig. 12.20. 

Surcharge loads and their respective effects on the location of the resultant could 
be accounted for as described in the previous section. Examples 12.5 and 12.6 may 
further enhance this explanation. 

Figure 12.21 illustrates the procedure for determining the passive resistance via 
Culmann's method. The approach is similar to that for the active pressure, with 
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Figure 12.21 Culmann's passiveearth pressure for cohesionless soils. 


some notable differences: (1) line AG makes an angle of Cj) degrees below rather 
than above the horizontal; (2) the reference line makes an angle of If,' with line 
AG, with //j' measured as indicated in Fig. 12.21. For the assumed sliding wedges, 
the weights Wl, 1/1/ and so on, are plotted along line AG. From these points, lines 
are drawn parallel to the reference line to intersect the corresponding rays, as 
shown in Fig. 12.21. The Culmann line represents a smooth curve connecting such 
points of intersection. A tangent to the Culmann curve parallel to line AG is drawn, 
with the resultant earth pressure being the scaled value of line EF, as shown in Fig. 
12 . 21 . 


Example 12.5 

Given A retaining wall with backfill as shown in Fig. 12.22. 

Find The active thrust via Culmann's method. 

Procedure ^'" ure 12.22 shows a 7-m vertical wall supporting a granular backfill whose cp 
value equals 30°. The wall is assumed smooth. A line load of 100 kN/m runs 
parallel to the wall. For an arbitrary scale of 1 cm = 1 m the given data are 
plotted to scale. 
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Figure 12.22 Culmann's graphical solution. 


For convenience the bases for all the wedges are the same. Hence, the weight 
of all the wedges equals 127.4 kN, as shown in Fig. 12.23. The corresponding 
points along AG are shown in Fig. 12.22 for an arbitrary scale of 1 cm = 100 
kN. From these points lines are drawn parallel to line AD so as to intersect rays 
ABI' AB2' AB: and so on. Note that a similar line is drawn for the line load PI' 
By connecting these points of intersection with a smooth curve (Culmann's 
curve) and drawing a tangent to this curve parallel to AG, we obtain the value 
for Pa, which is equal to the corresponding scaled value EF. The scaled value 
for EF = 1.85 cm for 185 kN. 

The point where Pa acts is determined as described in the preceding section 
and as shown in Fig. 12.24. Line EGis parallel to line AG, and line GFis parallel 
to the failure plane. Pa therefore acts at one-third distance EFfrom point E, or 
a total of 4.25 m above point A. 


Example 12.6 

Given a surcharge on a backfill as shown in Fig. 12.25. 
Find The active thrust via Culmann's method. 


b= 2m — 



Figure 12.23 Typical wedge. 
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Figure 12.24 Active resultant induced by concentrated surface sur¬ 
charge. 


Procedure The uniform surcharge shown in Fig. 12.25 is transformed into an equivalent 
effective weight as shown in Fig. 12.26. From there on, the procedure is very 
similar to that given in Example 12.5. Note, however, that the soil on top of the 
heel of the retaining wall cannot form a wedge during failure, provided the 
retaining structure remains intact. 

Hence, line AB forms an imaginary rigid surface of the backfill. Furthermore, 
the point where Pa acts may be determined by assuming that the pressure distribu¬ 
tion and the location ofthe resultant pressure are as shown in Fig. 12.18. In our 
case the resultant thrust turns out to be located 2.6 nr from the bottom of the 

wall. 


20 kN/m 2 surcharge 



n 

□ 

rr 

n 

n 

r 

f f 

rmyAYAw 


E 


= 30° 

Y = 18.2 kN/m 3 


Figure 12.25 Wall supporting 
backfill and uniform surface 
surcharge. 
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Figure 12.26 Culmann's solution. 


Problems 


For the condition outlined in Section 12.2, the expressions for the coeffi¬ 
cients for active and passive pressures were Ka = tan 2 (45 - cP/2) and 

Kp = tan 2 (45 + cP/2). 

(a) For 5° increments, determine the value of Ka and Kp. 

(b) Plot the relationships determined in part (a). 

(c) Is the ratio of Kp/ Ka a constant? 

(d) At what value of cP would the passive coefficient approach infinity? 
A vertical retaining wall retains a granular backfill whose angle of internal 
friction and unit weight are 30° and 18.5 kN/m\ respectively. For H = 
5 m: 

(a) Determine the active thrust Paper meter length of wall by Eq. 12-la. 

(b) Determine Pa by Rankine's equation 12-9 for / = 0, 10, 15,20, and 

25°. 

(c) What is the percentage error when calculating Pa by assuming a level 
backfill instead of the actual slopes given in part (b)? 

(d) Plot percentage error versus / for the results of part (c). Is a trend 
implied? Explain. 

A 2-m high, vertical retaining wall pushes against a granular backfill whose 
angle of internal friction is 30°. Assume the unit weight of the fill to be 
17.6 kN/m 3 . 

(a) Determine the total passive resistance Pp via Eq. 12-2a. 

(b) Determine Pp via Rankine's equation 12-10 for / = 0, 10, 15, 20, 

and 25°. 
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(c) What is the percentage error when calculating P p by assuming a level 
backfill instead of the actual slopes given? 

(d) Plot percentage error versus i for the results of part (c). Is there a 
distinct trend? Explain. 

12.4 A smooth, vertical retaining wall, 5-m high, retains agranular backfill whose 
angle of internal friction is 30°. Assume the unit weight of the backfill to 
be 18.5 kN/m 3 - 

(a) Determine the active thrust Pa by Eq. 12-la. 

(b) Determine Pa by Coulomb's equation 12-13 for i = 0, 10, 15, 20, 
and 25°. 

(c) What is the percentage error when calculating Pa by assuming a level 
backfill instead of the actual slopes given in part (b)? 

(d) Plot percentage error versus i for the results of part (c). What might 
one conclude? Explain. 

12.5 A smooth vertical retaining wall, 2-mhigh, pushes against agranular backfill 
whose angle of internal friction is 30°. Assume the unit of weight of the fill 
to be 17.6 kN/m 3 * 

(a) Determine the total passive resistance P p via Eq. 12-2a. 

(b) Determine P p via Coulomb's equation 12-14 for / = 0, 10, 15, 20, 
and 25°. 

(c) What is the percentage error when calculating P p by assuming a level 
backfill instead of the actual slopes given in part (b)? 

(d) Plot percentage error versus i for the results of part (c). What might 
one conclude? Explain. 

12.6 A smooth vertical retaining wall, 5-m high, retains a granular backfill whose 
angle of internal friction is equal to 30°. Assume the unit weight of the 
backfill to be 18.5 kN/m 3 - For a backfill slope i = 0, 10, 15, 20, and 25°: 

(a) Determine Ka via the Rankine equation and Coulomb equation. 

(b) Determine the corresponding differences in the values of Ka. 

(c) Plot the differences from part (a) versus i. 

12.7 For the retaining wall shown in Fig. P12.7 determine the active thrust via 
Coulomb's theory for the following given data: i = 22°, 'Y= 17.3 kN/m\ 

0 = 32°, 8 = 20°, {3= 100°, and H = 5 m. 

12.8 Rework Problem 12.7 assuming 8 = 0 (a smooth wall). What is the percent¬ 
age error introduced by assuming a smooth wall when the angle 8 actually 
is 20°? 



Figure P12.7 Wall with /3 > 90° 
and i > 0°. 
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Figure P12.ll Wall with i = 0". 

12.9 Rework Problem 12.7 by assuming that the angle i = 0°. What percentage 
error is introduced by assuming a value of 0° when / actually equals 22°? 

12.10 Rework Problem 12.7 assuming the angle f3 = 90°. What percentage error 
is introduced by assuming a value of 90° when it actually equals lOOO? 

12.11 The depth of the vertical unsupported cut shown in Fig. P12.ll is 3.7 m. 
Assume c= 22 kN/m 2 0 = 12°, 'Y = 17.3 kN/mr- Determine: 

(a) The stress at the top and bottom of the cut. 

(b) The maximum depth of the potential tension crack. 

(c) The maximum unsupported excavation depth. 

12.12 Figure PI2.11 shows a vertical unsupported cut of 3.7-m depth. Assume 
c= 22 kN/m 2 , 'Y = 17.3 kN/m 3 , and 0 = 6°. Determine: 

(a) The stress at the top and bottom of the cut. 

(b) The maximum depth of the potential tension crack. 

(c) The maximum unsupported excavation depth. 

12.13 Figure PI2.11 shows a vertical unsupported cut of 3.7 m. Assume 'Y = 17.3 
kN/m 3 and 0 = 12°. Cohesion is suspected to vary from 20 to 30 kN/m 2 . 
For the range of 20.:...3(kN/m 2 in increments of 2 kN/m 2 , plot c versus 
the following quantities: 

(a) The stress at the top and bottom of the cut. 

(b) The maximum depth of the potential tension crack. 

(c) The maximum unsupported excavation depth. 

12.14 Rework Problem 12.13 for 0 = 0°. 

For Problems 12.15 through 12.20, refer to Fig. P12.15 and determine the active 

thrust for the respective data given. Assume a frictionless wall. 

12.15 H = 5 m; 0 = 30 °;f3 = 90°; hw = 0; 'Y = 18 kN/m~ q = O. 

12.16 H = 5 m; 0 = 30 °;f3 = 90°; hw = 0; 'Y = 18kN/m 3 ; q = 250 kN/m 2 - 

q kN/m 2 


Figure PI2.15 Uniform sur¬ 
charge for i = 0°. 
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Figure PI 2.27 Uniform and 
concentrated surcharge for i = 


0 °. 


12.17 H = 5 m; <j> = 30°; /3 = 90°; K = 2 m; y = 18 kN/m 3 ; q = 0. 

12.18 H = 5 m; 4> = 30°; /3 = 90°; /t w = 2 m; y = 18 kN/m 3 ; 9 = 250 kN/m 2 . 

12.19 H= 5 m; <f>= 30°; /3 = 75°; A w = 0; y = 18 kN/m 3 ; q = 0. 

12.20 // = 5 m; cj, = 30°; 0 = 95°; A w = 0; y = 18 kN/m 3 ; q = 0. 

Referring to Fig. PI2.15, solve for P a via Coulomb’s method for the data given in 
Problems 12.21 through 12.26. Assume y is a constant for the whole depth and 
c = 0. 

12.21 H= 5 m; 0 = 30°; (3 = 100°; A w = 0; y = 18 kN/m 3 ; q= 0. 

12.22 H = 5 m; <j> = 30°; /3 = 100°; A w = 0; y = 18 kN/m 3 ; q = 250 kN/m 2 . 

12.23 H = 5 m; 4> = 30°; /3 = 90°; = 2 m; y = 18 kN/m 3 ; 9=0. 

12.24 H = 5 m; 4) = 30°; = 90°; K = 2 m; y = 18 kN/m 3 ; q = 250 kN/m 2 . 

12.25 H = 5 m; <p = 30°; (3 = 95°; K = 0; y = 18 kN/m 3 ; q = 0. 

12.26 H = 5 m; 4> = 30°; = 95°; K = 0; y = 18 kN/m 3 ; q = 250 kN/m 2 . 

12.27 Solve for the active thrust via Coulomb’s method for the data given in Fig. 
P12.27, assuming P\ = P% = 300 kN/m, and q = 0. 

12.28 Referring to Fig. PI2.27, for q = 250 kN/m 2 and P, = P 2 = 0, determine 
the active thrust on the cantilever retaining wall via Coulomb’s method. 

12.29 Referring to Fig. P12.27, if P, = P 2 = 300 kN/m and q = 250 kN/m 2 , 
determine the active thrust on the retaining wall via Coulomb’s method. 

12.30 Referring to Fig. P12.27, for P, = P 2 = 500 kN/m and q = 250 kN/m 2 , 
determine the active thrust of the retaining wall via Coulomb’s method. 
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CHAPTER 13 


Site Improvement 


13.1 INTRODUCTION 


An ideal building site is one whose foundation soils provide for a safe as well as an 
economical design, be it for a building, pavement, or dam. Ideally, the foundation 
soils will possess the following properties: (1) have adequate shear strength and 
good bearing capacity, (2) will undergo minimum deformation and minimum 
consolidation under the imposed loads, (3) will undergo minimum volume change 
from swelling, shrinkage, or dynamic loading, (4) will retain strength and resist 
deformation with time, and (5) possess special qualities that may be desired for a 
particular construction (e.g., favorable water table, permeability, minimal construc¬ 
tion problems). 

Some sites possess most, if not all, of the above qualities. Of course, many building 
sites do not. Indeed, as the more "suitable" sites are built on, the problems associ¬ 
ated with the poor sites appear to become more prevalent. Thus, the engineer may 
frequently be faced with the choice of one of the following: (1) adapt the design 
details to be compatible with the soil conditions (e.g., use piles, increase footing 
dimensions to compensate for low bearing capacity), (2) alter or improve the soil 
properties toward a designated goal (e.g., increase strength, reduce permeability, 
reduce compressibility), and (3) abandon the site in favor or one with more favor¬ 
able soil characteristics. 

The process of altering the soil properties of the given site is broadly referred 
to as soil stabilization. Encompassed in stabilization are a number of techniques: 

• Densification of soil via compaction, precompression, drainage, vibrations, or 
a combination of these 


361 




362 Chapter 13- Site Improvement 


• Mixing or impregnation of the soil formation with chemicals or grouting, or 
using geofabrics to develop a more stable base for compaction 

• Replacement of an undesirable soil with a suitable one under controlled condi¬ 
tions 

Not all methods and techniques mentioned are practical for all sites and for all 
types of soils. For example, the impregnation of a clay stratum with a grout or 
chemical is likely to be appreciably more difficult than injection of such materials 
into a granular layer; the permeability of the stratum to be impregnated is of 
obvious importance. Also, the construction details and equipment (e.g., type of 
equipment, field control) are generally different. 

Sometimes, building sites are such that neither abandoning the site nor inexpen¬ 
sive corrective measures are available options. By way of an example, the author 
recalls a site for a proposed high school in western Pennsylvania. The site was located 
over coal mine voids, with a history of some nearby subsidence. The improvemem 
via filling the mine void with a sand slurry was considered but deemed rather 
inappropriate for the site; the cost was high and the probable success of totally 
filling the void in a reliable manner was doubtful. The adopted solution was to 
project the building loads down to the rock formation via drilled piers (caissons , 
through the mine void. Although a costly approach, this was deemed a viable 
alternative to abandoning the site; the school board felt strongly that the location 
of this facility was almost imperative to the functional needs of the community_ 
thereby overcoming the added cost. 

In this chapter we shall briefly evaluate some methods for site improvement. 


13.2 COMPACTION 


Of the number of methods used for improving the soil character of a site, compac¬ 
tion is usually the least expensive and by far the most widely used. It is a procedure 
employed frequently to density in-situ soils, and is virtually the universal method 
for controlled fills (also referred to as engineered fills). Benefits from compaction 
include: 

1. Increase in soil strength and improved bearing capacity. 

2. Reduction in the voids (reduced void ratio and increased density); reduction 
of settlement and permeability. 

3. Reduced shrinkage. 

The increased soil strength and improved bearing capacity is attained by the increase 
in the values for 1>, c, and 'Y (i.e., angle of internal friction, cohesion, and unit 
weight). Reduction in the void ratio may be achieved by particle reorientation 
subsequent to 

1. Alteration of the soil structure. 

2. Crushing and changes in the geometry of the soil grains. 

3. Distortion of the grains. 

The reduced shrinkage benefits come as a result of a higher resistance to deforma¬ 
tion and of a smaller void ratio (for all practical purposes, consolidation and 
shrinkage are solely due to a reduction in the void ratio). 
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Typically, the fill to be compacted is placed in somewhat uniform layers, which 
vary in thickness from about 0.2 m to perhaps as much as 0.5 m. In practice, the 
new fill is brought to the site, perhaps via a truck, dumped, and subsequently spread 
in a somewhat uniform thick layer by a bulldozer. The layers are then compacted 
via mechanical compactors, with each layer compacted to a specified density. Gener¬ 
ally, the degree of compaction is designated as a percentage of optimum, based 
on a specified test (e.g.. Standard Proctor, ASTM D-698-78 or AASHTO T-99; 
Modified Proctor, ASTM D-1557-78 or AASHTO T-180). The compaction is accom¬ 
plished by rolling each layer. Each layer is tested and approved by a qualified 
technician prior to the placement of subsequent layers. If the degree of compaction 
is not obtained, it is likely that (1) the material is too dry or too wet or (2) additional 
passes with the roller must be made. It is the technician in the field who must make 
a relatively fast assessment of this information and thereby be able to guide the 
contractor. He tells the contractor that (1) the material passes and to proceed with 
the next lift, or (2) if the material does not pass, what should be done (e.g., provide 
more compaction effort, or add water for a dry soil, or decrease the moisture 
content via evaporation, or change the borrow source). Generally, the technician 
provides but a rough estimate of the degree of compaction in the field since a 
more accurate determination of the moisture in the soil is normally determined 
via drying of the soil. 

It is also common to designate the quality of the material. For example, for 
maximum density, a well-graded mixture of some gravel, sand, silt, and clay is 
specified, such that a specified density (unit weight) is attained at optimum (e.g., 
common values may range between 128 to 133 psf). Occasionally, the moisture 
content is also specified. For example, in order to minimize the potential of shrink¬ 
age in clay- it is sometimes desirable to compact a clay at a moisture content of 
perhaps 3 or 4% wet of optimum. 

Formations may be compacted to varying degrees for some depths with surface- 
type vibrators. However, the increase in density becomes smaller with depth, with 
rather minimal improvement beyond approximately 1 m in depth, particularly for 
the more cohesive-type soils. Some noticeable increase in density in sands has been 
realized in projects with which the author was involved to the depth of approximately 
1.5 m, although some density improvement to depths in excess of2 m were reported 
by others (8, 26). Interestingly, the maximum density from surface compaction 
occurs not at the surface, but at approximately 0.5 m below. Compaction of granular 
fills has been accomplished via repeated droppings 6flarge weights (21, 23), with 
densification realized to depths exceeding 6 m. 

With proper control, the engineered fill is frequently better than the soil on 
which it is placed. However, control means maintaining the quality of the fill, the 
thickness of the lifts, the moisture content, proper selection of the type and weight 
of compactor, and the number of passes the compactor must make. 

Density-Water Content Test 

The degree of compaction in the field is commonly measured relative to a soil 
density-water content test, generally run in the laboratory. The basis for such a test 
is usually attributed to R. Proctor, who pioneered this effort in connection with his 
construction of dams in the late 1920s, and to subsequent applications of several 
articles in this regard (29). Figure 13.1 shows the mold and hammer assembly used 
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Figure 13.1 Mold and hammer used to conduct density-moisture content tests. 
The upper collar is removed subsequent to the compaction of the last layer (3 
layers for Standard and 5 for Modified), which is placed such that it is about even 
with the top of the lowersection. Anyexcessis removed once the collar is removed 
and, subsequently, the weight is measured. See Table 13.1 for properties of mold 
and hammers. (Courtesy of Soiltest, Inc.) 


when performing the Proctor test manually; Figure 13.2 shows a mechanical version 
in this regard. Subsequent efforts induced a standardization for some widely used 
compaction standards. Proctor's work was influential in showing that, subjected to 
a given compaction effort, the soil increases in density with an increase in moisture 
content up to a certain point; beyond this point there is a decrease in density with 
further increase of moisture content. Figure 13.3 is a graphical depiction of this 
statement. Although various modifications of methods and procedures have been 
developed for determining the density-water content relationship, the basic test 
essentially described by and named after Proctor remains, by far, the most widely 
used test for this purpose. 

The details for the performance of density-water content tests can be obtained 
from a number of laboratory manuals dealing with soil testing (3, 17, ASTM or 
AASHTO specifications, etc.). Table 13.1 gives the adopted standards for some of the 
more common density-water content tests. Briefly, the test consists of compacting a 
soil sample, which is placed into a cylindrical mold of specified size in a designated 
number of layers. Each layer is tamped by a freely falling hammer of designated 
mass, imparting a specific number of evenly distributed loads over the surface of 
each layer. When all the layers are compacted, the soil in the mold is weighed and 
the water content measured. This is repeated several times for the same soil, but 
at a slight increase in moisture content with each complete test. Each test result is 
plotted as a point on a unit weight-water content test curve, as shown in 
Fig. 13.3. 
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Figure 13.2 Mechanical com¬ 
pactor and mold assembly for 
performing density-moisture 
tests. 



FlgUI'e 13.3 Standard and modified Proctor compaction tests, run-of-bank mixture 
(gravelly, silty sand, G = 2.65). 
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Figure 13.3 depicts the results from the standard as well as the modified Proctor 
tests for the same soil. They are frequently referred to as compaction-control charts. 
Typical of such test results, the modified Proctor test (1) yields a maximum density 
at a somewhat lower optimum water content and (2) yields a maximum density 
which, as might be expected, is larger than that from the standard Proctor test. 

One notes that the energy expended via the modified Proctor test is approximately 
four times that for the standard test. The increase in maximum density, however, 
is not commensurate with the much larger proportion of expended energy. In fact, 
the increase in density from the modified Proctor test is generally only a few percent, 
varying somewhat with different types of soil and gradation, but it seldom exceeds 
10% of the standard tests. 

The dry density* could be expressed as a function of the void ratio, as given by 
Eq. 13-1: 


Tdry 


Gy* 

1 + e 


(13-1) 


Figure 13.3 relates the dry density-water content for the particular soil tested. 
Similarly, the dry density could be related to the water content and degree of 
saturation via Eq. 13-2: 


_ Gy w 

7dry _ 1 + wG/S 


(13-2) 


Figure 13.3 shows dry density calculations at a water content of 12% and 16% for 
the corresponding values of S = 100% and S = 80%. Furthermore, the dry density 
and wet density could be expressed by Eq. 13-3: 


'Y dry 


Twe! 

1 + IV 


(13-3) 


The curve representing 100% saturation is a theoretical limit, something never 
reached in practice since this implies zero air voids; that is, some air voids will 
always remain within the mass. 


Degree of Compaction 

Typical specification requirements for compacted fills (frequently referred to as 
controlled fills) will specify the percentage of compaction based on maximum 
density. Sometimes both the density and the optimum moisture content are desig¬ 
nated. For example, a specification of 95% of maximum density is frequently 
designated for the interior of buildings. Correspondingly, a range of water content 
from optimum could be tolerated without negative effects. That is, referring to Fig. 
13.4, a range on the dry or wet side of the optimum can be tolerated without undue 
energy requirements. On the other hand, if the material is too dry to too wet, 
optimum compaction is difficult, if not impossible, to obtain. A soil that is too dry 
is likely to form lumps, which must be crushed with additional energy for an increase 
in density. On the other hand, a slight increase in the water content may not only 
reduce the strength of the lumps, but it may also lubricate the particles during the 
compaction shifting. Of course, if excessive water is permitted within the mass. 


It is common to discuss compaction in terms of dry density as a substitute for dry unit weight. 
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Figure 13.4 Variations in y d 
with w near peak density. 


pore pressures are developed from the applied energy, while the mass is merely 
shifted and not packed. Needless to say, the range of water content for maximum 
benefit could be obtained by drying (e.g., scarifying) the soil, if possible, if too wet; 
or by adding additional moisture (e.g., via spray-bar tmcks) in order to maintain 
a most favorable moisture condition, if too dry. 


Soil Types 

Granular material will behave differently than a cohesive material under a given 
compaction effort and a given moisture content. Furthermore, the selection of 
equipment and the subsequent results from the use of this equipment will yield 
different results for the two types of material. For example, clays compacted dry of 
optimum display a particle arrangement somewhat independent of the type of 
compaction (31). On the other hand, when subjected to compaction under moisture 
conditions higher than the optimum (i.e., wet of optimum), the particle orientation 
is significantly affected, as are the strength, permeability, and compressibility of 
the clay. This is further discussed in Section 13.3. 

In general, while the shear strength varies with soil types, samples compacted 
dry of optimum appear stronger and more stable than those compacted wet of 
optimum. Similarly, while increasing the compactive effort reduces the permeability 
via a reduction of voids, the permeability is also increased with an increase in the 
water content within the range on the dry side of optimum. However, a slight 
decrease in permeability is experienced if the water content is increased on the 
wet side of optimum. 

Clay behaves more uniquely. The compressibility of two saturated clay samples 
at the same density is affected by both stress and the water content at the time of 
compaction. That is, the sample compacted on the wet side is more compressible 
than the one compacted on the dry side at low stresses, while the sample compacted 
on the dry side is more compressible than that compacted on the wet side at high 
stresses. Likewise, clays compacted on the dry side tend to shrink less upon drying 
and swell more when subjected to moisture than those compacted on the wet side. 
Hence, it is quite apparent that the engineer must weigh the effect of loading or 
stresses (e.g., from the addition of building loads, surcharge) and changes in water 
content and pore-water pressures as well as the subsequent effects that these changes 




13.2 Compaction 369 


in load or moisture conditions, or both, may have on the intended function of the 
compacted stratum. 

The engineering properties of cohesionless soils are significantly affected by the 
relative density of the soil, and not as much by the many variables cited in connection 
with the compaction of cohesive soils. Generally, an increase in density increases 
the shear strength of the soil and reduces its compressibility. On the other hand, 
for a given compacting effort, the density also increases with an increase in water 
content, up to a point; then it decreases with a further increase in water content. 
Hence, density is usually the only specified criterion for the compaction of cohesion¬ 
less soils; the degree of moisture is not a specified criterion, as may be frequently 



Figure 13.5 Self-loading and unloading earthmovers, also re¬ 
ferred to as pans or scrapers, are commonly used for moving 
earth (cut or fill) within building sites. The larger units are 
usually equipped with front and back engines (push-pull) and 
are controlled by one operator in the front. Auxiliary push is 
sometimes provided during the cutting phase by a bulldozer, 
as shown in (b). 
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Figure 13.6 Bulldozer pulling a sheep-foot roller (compactor), 
compacting a typical 6-10 in. thick layer of usually cohesive soil. 

The thickness of the layer is developed by the pans as they 
discharge, or by the bulldozer if its dumped in a pile by a dump 
tmck (see Figs. 13.8 and 13.9). 

the case for cohesive soils. For optimum density, the material selected is usually a 
well-graded material, which may range in size from as much as 15 cm (6 in.) in 
diameter to clay (e.g., run of bank is a common selection for this type of fill). Manv 
specifications will dictate either a relative density or a percentage of maximum 
density as the criterion for the degree of compaction. 

Equipment 

A variety of equipment for compaction purposes is available, with the choice for 
the proper equipment usually left to the engineer. Figure 13.5 shows equipment 



Figure 13.7 Close-up view of a sheep-foot roller. 
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Figure 13.8 Bulldozer, on the left, spreading soil into a reason¬ 
ably uniform layer of 6-10 in. A vibratory, smooth-face roller, 
on the right, is specifically effective in compacting granular 
soils. 


commonly employed on construction sites to remove or add and compact soil. 
Usually it is advisable to use vibration-type equipment (e.g., vibratory rollers, tam¬ 
pers) for granular soils, and equipment that penetrates the stratum (e.g., sheep- 
foot roller) for the more cohesive material such as silt or clay. Many of these units, 
such as sheep-foot rollers, Figs. 13.6 and 13.7, vibratory rollers. Figs. 13.8 and 13.9, 
and tampers, Fig. 13.10, are common inventory of most of the larger construction 
firms or equipment dealers, who are also good sources for information regarding 
other types of equipment as well. 



Figure 13.9 Vibratory roller compacting a granular layer. 
Dump trucks discharge borrow material, which is to be spread 
by the bulldozer and subsequently compacted by the vibratory 
roller. 
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Figure 13.10 Hand-operated compactors are typically used in 
trenches or for backfilling behind walls and other areas with 
limited access, (a) Mechanical vibratory tamper, sometimes 
referred to as ajumpingjack, used to compact the bottom of 
a narrow excavation, (b) This hand-operated compactor is a 
modified version of a sheep-foot roller. 


Performance Control 

Compaction control and inspection are done by a qualified technician under the 
auspices of an engineer. Within the scope of duties, the technician performs field 
density tests, observes the placement of the fill (e.g., layer thickness, consistency 
of material), makes water content tests, and generally guides the contractor. Obser¬ 
vations and density readings are made, usually a designated number for every lift 
(layer) or for a specified volume of fill placed. It is common to take such readings 
for each layer, for every 500 to 1000 m 2 depending on the importance of the site. 
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Within the scope of inspection, when working with clay, compaction may result in 
a relatively smooth interface between lifts, and thereby create a potential seepage 
conduit-indeed undesirable in the case of a dam. This is less likely to be the case 
if sheep-foot rollers are used in the process. 

In-Place Field Tests 

A number of methods for determining field densities are available. Among these 
are the nuclear method (ASTM D-2922-70), the rubber balloon method (ASTM 
D-2167-66-1977), Fig. 13.11a, and the sand-cone method (ASTM D-1556-66-1974), 
Fig. 13.11b. The author has developed a method more expedient and more accurate 
than others, which has been used extensively under his supervision during the past 
20 years (6). Briefly, the method consists of digging a hole in the compacted 
stratum, say 8 to 12 cm in diameter and for a similar depth. All the soil is carefully 
extracted from the hole and weighed via a portable field scale. A representative 
sample of the soil is preserved and dried, and subsequently the moisture content 
is determined. From this information both the dry and the wet states of the soil 
can be determined. Up to this point the procedure is similar to that followed with 
the rubber balloon or the sand-cone methods. For the determination of volume, 
a glass or transparent plastic graduate is filled with a uniform-size dry sand to a 
point that will ensure an adequate volume of sand to fill the hole. With the initial 
level of the sand noted, the sand is poured into the hole until the hole is filled to 
the level judged by the technician to be that of the original ground surface. The 
new level of the sand in the graduate is now observed, with the difference being 



Figure 13.11 Apparatus used in performing field density tests via (a) the rubber-balloon 
method and ( b ) the sand-cone method. (Courtesy of Soiltest, Inc.) 
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Figure 13.12 Apparatus used 
in performing field density 
tests via the method developed 
by the author. 


the volume of the hole. The apparatus is shown in Fig. 13.12. The unit weight of 
the soil may thus be determined by merely dividing the weight of the soil from the 
hole by the volume of the hole. 


13.3 COMPACTED CLAYS 


Compacted silts and clays are much less likely to fit into a well-defined category 
regarding their behavior and characteristics than granular soils. For example, while 
granular soils show gain in strength from compaction and subsequent increase in 
density, some silt and clays may, under certain conditions (e.g., method of compac¬ 
tion, molding water) display a decrease in strength past a certain increase in density. 
For this reason it is advisable to determine the characteristics of a given fine-grained 
soil via laboratory tests of that soil and not depend on general data available in the 
literature. Nevertheless, much may be gained from the findings of others in this 
regard. Generally, considerable experimental data show that the compaction of 
clay at various water contents results in 

1. Change in particle structure or grain arrangement. 

2. Change in engineering properties. 

Figure 13.13 shows the effects of compaction on soil structure as presented by 
Lambe (19). A possible explanation for the change in structure is tied to the change 
in electrolyte concentration. At small water contents, such as points A or E located 
at dry of optimum, the concentration of electrolytes is relatively high; this impedes 
the diffuse double layer of ions surrounding each clay particle from full develop¬ 
ment. The result is low interparticle repulsion and subsequent flocculation of the 
colloids and, thereby, a lack of significant particle orientation of the compacted 
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Figure 13.13 Effect of compac¬ 
tion on soil structure. [After 
Lambe (19).] 


clay. On the other hand, as the water content is increased, say to point C or D 
located wet of optimum, the electrolyte concentration is reduced, and there is an 
increase in repulsion between clay particles, a reduction of flocculation, and thus 
an increase in particle orientation. Typical data illustrating this relationship between 
particle orientation and water content are given in Figs. 13.14 and 13.15. 

A pronounced change in engineering properties of a compacted clay results 
from a change in the structure of the soil. The shrinkage of samples compacted 
dry of optimum is less than for those compacted wet of optimum, as shown in 
Fig. 13.16. Conversely, samples compacted dry of optimum swell more than those 
compacted wet of optimum. Likewise, as indicated by Fig. 13.17 for a kaolinite 
clay, molding water and the corresponding particle orientation exert a significant 
influence on the stress-strain relationships of compacted clay. 

In general, the more flocculated samples develop their maximum strength at 
low strains and exhibit much deeper stress-strain slopes, whereas the dispersed 
samples display much flatter stress-strain curves, reaching maximum strength at 
much higher strains. 
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Figure 13.14 Influence of 
molding water content on par¬ 
ticle orientation for compacted 
samples of Boston blue clay. 
[After Pacey (28).] 
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Figure 13.15. Influence of 
molding water content on par¬ 
ticle orientation and axial 
shrinkage for compacted sam¬ 
ples of kaolinite. [After Seed 
and Chan (31).] 
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Figure 13.16 Influence of soil structure on shrinkage of silty clay. 
[After Seed and Chan (31).] 
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Figure 13.17 Influence of 
molding water content on 
structure and stress versus 
strain relationship for com¬ 
pacted samples of kaolinite. 
[Mter Seed and Chan (31).] 


Although not applicable to all clays, and depending on the particle content and 
grain structure or arrangement. Fig. 13.17 depicts a general relationship between 
water content and density, particle orientation, and strength of samples of silty clay 
subjected to kneading compaction. One notes that a significant reduction in 
strength results when the strength is determined at relatively low shear strain (5% 
in this case) beyond certain densities and certain water contents (e.g., compaction 
at wet of optimum). Conversely, strength appears to increase somewhat with density 
when it is determined at high strains, for various conditions of water content, 
and irrespective of flocculated or dispersed soil structure. Also, clays compacted 
dry of optimum display much higher permeability than those compacted wet of 
optimum. 

Generally, the soil characteristics seem to be related to the method of compaction 
(e.g., kneading, impact, laboratory, static). They are similar for samples compacted 
dry of optimum but are different when the samples are compacted wet of optimum. 
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Furthermore, the strength determined at low strains tends to increase in the follow¬ 
ing order of compaction: kneading, impact, vibratory, static (31). 


13.4 VIBRATORY COMPACTION 


As mentioned in Section 13.1. conventional surface-type compactors, both the static 
and the vibrating types, exert a compacting effect to only a relatively shallow depth, 
generally less than 2 m. For greater depths other procedures are sometimes used; 
some of these are briefly described in the following paragraphs. 

Vibroflotation 

Vibroflotation is a compaction technique employed mostly for cohesionless soils. 
The basic equipment used in conjunction with this method is shown in Fig. 13.18 



Figure 13.18 Vibroflotation equipment. [After Brown (5).] 
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(5). Supplemented by some auxiliary units, the essence of the equipment is the 
vibroflot probe, which is freely suspended from a crane and equipped with water 
jets at the upper and lower ends. It consists of a cylindrical tubular section that 
houses eccentrically rotating weights that induce horizontal vibratory motion. 

While vibrating and with water jetting, as shown in Fig. 13.19a, the probe is 
lowered under its own weight to the required penetration depth. When this depth 
is reached, the water flow is decreased and reversed from the lower to the upper 
interior jets, as shown in Fig. 13.19c. While still vibrating, the vibroflot unit is raised 
in incremental steps as a suitable granular material (e.g., river gravel) is shoved 
into the hole, which, by now, is enlarged by the horizontal vibratory motion. This 
material is then compacted by vibrating the probe at each incremental position 
for a certain time. The final result is essentially a column of granular material, as 
shown in Fig. 13.19d. Simultaneously, the adjoining soil formation is likewise denser 
than originally. 

Vibroflotation is most effective for loose sands, particularly those below the water 
table. According to Brown (5), the range of the suitable size for most effective 
composition falls within zone B of Fig. 13.20, with zones A and C less desirable. 
Zone C appears appreciably more difficult to compact, whereas zone A, the zone 
containing coarse material such as gravels, may pose installation obstacles and 
subsequent economic problems if the penetration rate of the vibroflot is too low. 

Terra Probe 

The basic equipment employed for this method consists of a vibrodriver, a probe 
suspended from a crane, and an electric generator. The probe is an open-ended 
pipe that is vibrated down into the stratum with the aid of water jets. The weight, 
the vibration, and the water jets facilitate the penetration process. Once the depth 
of penetration has been reached, the still-vibrating probe is extracted at a slow 
uniform rate with continuous water jetting. This is repeated over the site to be 
compacted. 



(a) (b) (c) 

Figure 13.19 Vibroflotation compaction process. [After Brown (5).] 


(d) 
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Figure 13.20 Soils suitable for vibroflotation. [Mter Brown (5).] 


Although the terra probe and vibroflotation methods are somewhat similar, a 
relative comparison of the results obtained via the two methods may be more 
problematical than unique. Soil types, mechanical installation procedures, and 
equipment are influential factors in this regard. Generally, however, (1) the extrac¬ 
tion rate for the terra probe is higher than that for the vibroflot, and (2) more 
probes may be needed for the terra probe than for vibroflotation to achieve equiva¬ 
lent results (4). 

Pounding 

This process consists of dropping a heavy weight from designated heights to achieve 
densification of loose cohesionless soils or fills. Successful applications of this 
method have been reported for various site conditions, including a former garbage 
dump (21,23). In some cases the weight ranged up to 40 tons, and the dropping 
height exceeded 30 m. Cohesive soils may be liquefied by this process. 

Menard and Broise (23) propose a formula relating the required energy to the 
required depth of densification: 

WH= D 2 (13-4) 

where 1/1/ = weight (metric tons) 

H - height of drop (m) 

D densification (m) 

As might be expected, the rather high intensity of vibration induced by the 
dropping weight may affect adjacent structures. The effects are much greater than 
those from the vibroflotation or terra-probe methods, and they approach those from 
blasting-another method sometimes used for deep-soil densification. It should be 
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used with caution in the proximity of adjacent buildings in order to minimize the 
potential dangers of damage to such buildings. 


13.5 PRELOADING 


The method consists of subjecting a building site to an artificial load, generally in 
the form of added fill or surcharge, prior to the building loads. The duration of 
the load may be several months or perhaps years, commensurate with the desired 
results. It is governed by an acceptable designated deformation or rate of settlemen t 
of the preloading. Sometimes a system of vertical sand or gravel drains is employed 
in conjunction with the preloading, in order to decrease the time of consolidation 
and, therefore, permit an earlier use of the site. 

Preloading can be employed for virtually all sites with some beneficial results. 
However, it is limited to compressible strata, soft silt and clays, or sanitary landfills. 
It is not usually associated with granular formations where consolidation is an 
insignificant factor. Furthermore, economic considerations may indeed be a govern¬ 
ing factor. In this regard, the availability of sailor some other material to be used 
for preloading may have a decisive bearing on the economic feasibility of the 
method. 

13.6 DEWATERING 


As we have noted in various sections of this text, water can have a pronounced 
influence on the stability or behavior of a soil formation. In other words, the change 
in effective stress and, subsequently, the strength and stability of the soil mass may 
be directly tied to the change in pore-water pressure. For example, an increase in 
pore-water pressure results in a decrease in the effective stress, a reduction of soil 
strength, and perhaps a reduction in stability. Conversely, a reduction in water 
levels may have just the opposite effect-an increase in intergranular pressure, 
strength, and stability. Dewatering is a method of improving the soil properties by 
reducing the water content and the pore-water pressure. 

Vertical sand or gravel drains are commonly used to dewater and, thereby, in¬ 
crease the consolidation and settlement of soft, saturated and compressible soils, 
such as under embankments or for stabilizing liquefiable soil deposits (32). Hori¬ 
zontal drains are common means of dewatering and subsequently stabilizing natural 
slopes against seepage and erosion. Ditches along highways may serve the purpose 
of not only channeling the surface runoff from the road but also dewatering the 
base and perhaps the subbase ofthe road. Wellpoints are sometimes used to dewater 
a soil formation to greater depths. 

Electroosmosis is sometimes employed during dewatering to facilitate the water 
movement. Electroosmosis develops a time-dependent imbalance in the pore-water 
pressure in a fine-grained soil, thereby expediting the water movement through 
the soil into an installed drain or wellpoint; see for example. References 1, 25, 
and 35. 

Routinely tied to considerations regarding the use of dewatering as a means of 
improving or stabilizing the site are factors such as cost versus benefit, feasibility. 
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and effectiveness, and the time schedule to achieve a designated objective. In 
addition, one should evaluate the effect (e.g., settlement) dewatering may have on 
adjacent structures. 


13.7 CHEMICAL STABILIZATION 


Various chemicals added to a soil may yield one but more likely a number of 
changes in a soil formation: (1) reduce permeability of the soil (e.g., in dam 
construction, excavation infiltration); (2) increase soil strength; (3) increase bearing 
capacity; (4) decrease settlement; and (5) produce a stiffening ofloose sand forma¬ 
tion and thus minimize undesirable effects, such as from vibrations. 

The designated objective of the engineer is the central consideration point for 
the selection of the method and chemicals to be used. Numerous cases of successful 
chemical stabilization attempts have been described in the literature. Indeed, an 
attempt to reflect even briefly on the very large number of methods and techniques 
and materials used in connection with this method of soil stabilization is perhaps 
unwarranted and may be even counterproductive. Instead, the discussion will be 
limited to a general overall view of the more common methods and chemicals. 

Chemical stabilization may be employed for surface soils, for subsurface forma¬ 
tions, or for both (36). Surface treatment, common in connection with subgrades 
or bases for pavement construction, generally consists of mechanically mixing the 
soil with a chemical (cement, bitumen, lime, bentonite, or some other chemicals) 
in place or by a batch process. Lime is an effective agent to be mixed with fine¬ 
grained soils with high plasticity. Subsurface treatment generally entails the impreg¬ 
nation of the subsurface formation with the chemical. Some of the more common 
additives are cement grout, sodium silicate (7), and calcium chloride solutions. 

Grouting generally refers to the process of injecting a stabilizing substance into 
the soil stratum under pressure. The substance might be a Portland cement, a 
cement-sand mixture, a bentonite or a solution of sodium silicate or a number of 
other chemicals (2, 17, 27, 35, 37). Some of these solutions will penetrate the 
subsurface formation more easily than others, depending on the viscosity and the 
rate of chemical reaction or hardening. Some of these form a gel within a matter 
of seconds (a potential advantage when unstable conditions are critical), while 
others take perhaps hours to set or harden. The setting can be and often is con¬ 
trolled. Furthermore, the distance of penetration is not only related to the applied 
pressure, but it is also closely tied to the size of the soil particles and the permeability 
of the stratum. The coarser grain soils will normally permit much easier penetration 
for longer distances than will silt or clay formations. Grouting with either cement 
or chemicals is a relatively expensive form of soil stabilization. Thus, except for 
special instances where the desired effect cannot be obtained by more conventional 
stabilization techniques, its use is closely scrutinized from an economical point of 
view. In many instances an alternate method may be more economical. In addition, 
the degree of consistency and effectiveness over a layered system may require close 
monitoring of the installation effort as well as of the final results, particularly when 
subsurface conditions are not uniform orwell-defined (e.g., erratic layer formation, 
crevices in rock). In fact, a detailed evaluation of the soil formation, a careful 
evaluation of the method of injection, a close scrutiny of the type and desired 
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characteristics of the stabilizing agent, and an economic assessment of the benefit 
are recommended prerequisites to the use of this method. 

13.8 GEOSYNTHETICS 


Geosynthetics is a name given to a family of man-made, sheet or net-like products 
derived from plastics or fiberglass compounds. Belonging to this group are geotextiles, 
geogrids, geonets, and geomembranes. Their use has increased dramatically in the last 
two decades to enhance soil properties or to serve a special need. 

The uses and design of geosynthetics vary so widely that it is virtually impossible 
to enumerate or describe them all. Indeed, these are beyond the scope of this text. 
Figure 13.21 provides examples of geotextile uses. For those interested, Koemer 
(16) provides an extensive and detailed coverage of use and design of geosynthetics 
material. Here the coverage will be limited to a general overview of and introduction 
to the uses of geosynthetics. 

The following are but a few of many dozens of applications of geosynthetic 
materials in the Civil Engineering field. Figures 13.21 through 13.24 are examples 
of such applications. 

• Reinforce soft soil; increase bearing capacity 

• Strata separation 

• Filtration 

• Drainage 

• Moisture barriers 

• Retention walls, embankments, and slope stability 

• Erosion control 


Geotextiles 

Sometimes also referred to as geofabrics because some of the geotextiles resemble 
a woven fabric, geotextiles constitute the largest segment of the geosynthetics group. 
They are usually shipped to the construction site in rolls and are used in various 
situations for various needs as follows: 


Strata Separation 1 11 this function, the geotextile is placed between two different 
materials so as to preserve their individual characteristics and function. A common 
example is the use of a geotextile fabric to separate a fine-grain soil from the base 
(generally crushed stone) of a pavement (as shown in Fig. 13.21a). The fabric is 
placed between the fine-grain and the coarse material base in order to keep the 
fine-grain soil from intruding into the stone base, thereby destroying the shear or 
"bridging" strength of the base. The typically small perforations (slits) in the 
geotextile are large enough to allow water to permeate up or down, but small 
enough to prevent the fine-grain soil from migrating up into the coarse base. 


Reinforcement Because of their tensile strength, geotextiles are sometimes placed 
over weak (poor bearing capacity) soils to form a reinforcement, somewhat anal¬ 
ogous to reinforcing bars in concrete construction. Generally, a layer of controlled 
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Figure 13.21. Examples of uses of geosynthetic products in construction. 

(a) The geotextile prevents fine soil particles from permeating into the coarse aggregate 
base (say, from traffic vibrations) and thereby reduces the shear strength (bridging) of the 
stone base. Water can move through the geotextile fabric. 

(b) The geotextile restricts soil but not water movement through it. The geogrid is added, 
as shown, to improve the bearing capacity of the base when pumping is a problem; geotextiles 
alone are not as effective. (Caption continues.) 
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fill is placed over the geotextile, thereby creating a form of composite that spans 
over the weak soil. Indeed, inherent in the separation function described above is 
the added benefit of some reinforcement of the soft subsoil. Figures 13.22 and 
13.23 show the process of constructing a geotextile-reinforced base. 

Filtration Because water is permitted to move through the openings of the geotex¬ 
tiles without permitting the soil particles to do likewise, the effect is one of some 
filtration. Examples of such an application include the use of geotextiles as filters 
in hydraulic fills, to protect drains against soil infiltrations, to separate stone bases 
from fine-grain soils in various types of paved and unpaved construction, and for 
riprap construction and slope stability; see Figs. 13.21c, 13.21d, 13.21f 13.21g. 

Drainage Examples of geotextiles used for drainage include the construction of 
drainage gallery in earth dams (Fig. 13.21 d); as a drainage blanket between two 
different formations (Figs. 13.21a, 13.21b); and under railroad ballast. 


Geogrids 

Geogrids resemble nets, to some extent, since they have relatively large apertures, 
which vary in size from 1 in. to as much as 4 in. Their primary purpose is to reinforce 
a soil or stone formation (Fig. 13.21 b). Like the geotextiles, they are generally 
shipped to the job site in rolls. Figure 13.24 shows the process of constructing a 
geogrid reinforced base. Examples of their uses are as follows: 

Pavements (roads and parking lots) Typically, they are used in situations where 
the soil is relatively weak. Usually geogrids are used in conjunction with geotextiles; 
the geotextiles are placed first over the fine-grained soil, followed by a geogrid and 
stone blanket. This significantly increases the stiffness and bearing capacity of the 
strata. A common situation for their use is to reinforce soft and compressible soils 
for both paved and unpaved surfaces subjected to various types of loads, including 
moving loads. 


(c) Geotextiles and riprap as used for erosion control on slopes. 

(d) Geotextile and riprap used on the upstream face of a dam to minimize erosion, and 
particularly at the higher elevation of the dam where wave action effects are more pro¬ 
nounced. The geonet directs any water permeating through the clay core into the drainage 
gallery, thereby reducing the hydraulic gradient and subsequent erosion of the downstream 
face. 

(e) In this landfill liner, the upper geomembrane restricts the downward flow and directs 
it to a perforated pipe drain. If any water should penetrate this member (e.g., via rips, lap 
join ts), the geonet will conduct the water to a drain, placed over the second geotextile. The 
clay liner acts as a filter (further insurance) for any fluid that may find its way through this 
composite blanket. 

(f) Geotextiles permit the water to escape but retain the soil in this version of a reinforced- 
earth wall. 

(g) In this drainage arrangement behind a reinforced concrete wall, the geotextile prevents 
the soil particles from plugging up the geonet, which directs the water to the drain and 
weepholes. 
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Figure 13.22 Dump truck discharging granulated slag over a 
geofabric (geotextile) sheet placed over a soft (pumping) silt 
and clay. The geofabric permits moisture to permeate through 
it (perforated texture), but will inhibit the soil to permeate 
into the slag base and thus destroy the shear strength of the 
base. Also, it develops a more stable base for compacting the 
fill. 


Slopes and Embankments The general purpose is to reinforce, as part of the 
construction of new slopes, the slope or embankment against potential slip failure. 

Reinforced Earth Walls Here the benefit is derived using the geogrid as a reinforce¬ 
ment to construct a fairly steep wall, somewhat similar to a reinforced earth construc¬ 
tion (Fig. 13.21j). 



Figure 13.23 A layer of slag is spread over the geofabric 
awaiting compaction for a truck driveway. 
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Bearing Capacity Geogrids increase the bearing capacity of weak soils. Typically, 
these soils are fine grain, depict poor shear strength, and generally are of poor 
bearing capacity. The geogrid is placed over such soils followed by a controlled fill 
(usually large, crushed stone), which interlocks with the geogrid to form a composite 
blanket of stone and geogrid. 

Geonets 

Somewhat similar to geogrids, geonets have a net-like appearance. They are gener¬ 
ally extruded with intersecting ribs. They find frequent use as a drainage medium 
(small series of pipes) under roads, solid waste sites, and behind retaining walls 
(Figs. 13.21d, 13.21e, 13.21g). For roads, the typical construction consists of placing 
the geotextile over the virgin soil, followed by the geonet, followed by another layer 


Figure 13.24 Geogrid sheets are used to stabilize a soft base 
(e.g., for roads, parking lots). The aggregate penetrates the 
grid and locks into the base material (b). (a) The grid sheets 
spread over the base (note overlap of joints). 
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Figure 13.24 (continued) (c) A dozer spreads the new fill over 

the geogrid, usually 8-10 in. layers. (Courtesy of Huesker, Inc.) 


of geotextile. On top of the upper geotextile layer is the road base. The geonet is 
usually sloped toward a perforated drain or ditch, thereby permitting the water to 
move into the drain or ditch. For some landfills, where surface drainage is to be 
prevented from permeating down, the usual construction consists of an impervious 
plastic layer (geomembrane) over the virgin soil, followed by the geonet and, on 
top, the geotextile. This system permits vertical drainage through the geotextile 
into the geonet, which subsequently carries that water to a perforated drain. For 
retaining walls, the geonet is placed directly behind the wall followed by the geotex¬ 
tile. The geotextile separates the geogrid from the backfill. As such, it permits the 
water to be drained from the backfill into the geonet, which subsequently directs 
it into a perforated drain or weepholes. Geonets, too, are delivered to the job site 
in rolls. 


Geomembranes 

These are impervious (not perforated), continuous, thin plastic sheets, typically 
shipped in rolls for large projects, but folded for small projects. They are used 
primarily for lining and cover for liquid or solid waste storage facilities, with the 
typical function of limiting or eliminating liquid or vapor transmission (Fig. 13.21ej. 
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Frequent uses of such material are in landfill construction, in limiting moisture 
infiltration to potentially unstable soils or expansive shales, and as vapor barriers 
under floor slabs. 

As one might expect, geosynthetics may be subject to deterioration from some 
chemicals, ultraviolet light, biological hazards, animal and bacteria attack, and 
temperatures, especially heat. Thus, it is typical that these materials are placed and 
covered within a reasonably short time with suitable material to protect them from 
attack. 

13.9 GEOENVI RONMENT AL-LANDFILLS 


Estimates from surveys conducted by the U.S. Environmental Protection Agency, 
the Congressional Budget Office, the Chemical Manufacturers Association, and 
others indicate that hazardous waste generated in this country may exceed 300 
million tons per year. It may cause a wide range of problems, including an increase 
in mortality and a variety of illnesses to humans and damage to our environment. 

Hazardous waste may be found in the air, in bodies of water, and in the soil. 
The objective here is merely to provide an overview of the problem for treatment 
or management of ground-stored materials. Chemical treatment procedures of in- 
ground contaminants are beyond the scope of this book. A detailed approach to 
such treatments may be found in many (and a growing number of) sources; C. A. 
Wenz (38) presents a particularly good coverage of this aspect. 

In dealing with in-ground waste-disposal sites, we deal with two types: 

1. Sites that are engineered (designed) and constructed for the purpose of safe 
storage of waste. 

2. Sites that have been used as dumps without proper regard, and in many 
instances without any regard, to the environment. 

For'the discussion here, we shall refer to the former as "engineered" and to the 
latter as "unprotected" landfill sites. 

Engineering a Landfill Site 

When designing a landfill site, the engineer's goal is to develop a facility that will 
provide a reasonable degree of safety to humans and to the environment during 
its operational as well as its post-closure life. While costs are always a consideration, 
a totally fail-free facility for an indefinite time span is an unrealistic and perhaps 
unattainable goal, even without economic constraints; general degeneration of 
construction material with time, and man- or nature-induced destructive forces on 
the facility are factors that may adversely affect the life of the landfill facility. 

The process of designing a hazardous waste site should include the following: 

Site Selection The topography and hydrology of the area are considered essential 
pieces of information. For example, the proximity and quality of the groundwater 
and nearby users and geological faults are key ingredients when assessing the risks 
from the effects by a possible leak of the landfill facility during its operational as 
well as its post-closure life. 
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Planning and Design The following data are considered relevant in the planning 
and design of a landfill facility: 

• Anticipated amount and type ofwaste stored, the projected quantity and quality 
of material to be treated, and the selection of the treatment system 

• Life expectancy of the landfill facility during its operation life 

• The topography and soil characteristics near the site, and the climatic condi¬ 
tions 

• Surface and ground water data in the proximity of the site, and the monitoring 
of ground and surface water during the operating and post-closure phases of 
the facility 

• Provisions for venting gaseous products 

• Selection of durable (strong and immune to attacks by acids, alkaline sub¬ 
stances), impermeable liners for the landfill 

• Provisions for closure and post-closure of the landfill 

• Compliance with governing regulations (local, state, federal) 


Construction of a Landfill Site 

Figure 13.25 depicts the basic components of an engineered landfill facility. The 
final "cover" is installed after the facility's working life. The construction sequence 
is usually as follows: 

1. The site is excavated, generally bowl-shaped, with the bottom and sides reason¬ 
ably smooth. Side slopes steeper than 30° may pose excavation problems, 
may introduce "anchoring" and stress problems in the geomembrane, and 
may sometimes create difficulty in placing any granular material (e.g., sand) 
over the inner geomembrane. 

2. A clay liner, normally about 12 in. thick is placed over the excavated surface. 
This provides a degree of safety against puncturing of the outer geomembrane 
(e.g., from rock wedges that may protrude in the excavation surface). Also, 
it provides an added degree of safety regarding filtration, should a contami- 
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Figure 13.25 Elements of an engineered landfill facility. The post-closure 
cover follows the functional life of the facility. 
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nated liquid escape the geomembrane container. A clay liner maybe unneces¬ 
sary if the subsurface material is cohesive and relatively free of broken rock. 

3. The outer (bottom) membrane is placed over the clay, glued or fused at 
joints, and "anchored" at the top. A rather loose liner is advisable to reduce 

the potential for tearing during construction or due to waste-load shifting, 
and the like. 

4. A perforated pipe is placed at the bottom of the bowl, over the outer liner 
to collect and discharge any liquid that may escape the inner liner. 

5. The next layer may be a granular (e.g., sand), highly permeable material or 
a geonet whose primary function is to facilitate drainage of any hazardous 
liquid that may inadvertently escape the inner geomembrane liner, to be 
collected by a second perforated pipe. A geonet also provides an added 
degree of reinforcement to the geomembrane liner against tearing. 

6. The inner (top) geomembrane is then placed and anchored to the top of 
the bowl. A perforated pipe is placed at the bottom of the bowl to collect 
and discharge the hazardous liquid from the facility for subsequent treatment. 

7. A granular blanket about 8-12 in. thick is placed over the inner liner to 
facilitate flow to the perforated pipe. 

8. The facility is capped following the functional life of the landfill to seal it 
from surface water. In order to direct surface runoff away, a small slope is 
constructed. Some additional soil cover, including some surface vegetation, 
may be placed over the geomembrane cap to keep it from external damage 
and to provide an acceptably esthetic (and possibly functional) site. A vent 
is sometimes installed to permit the escape of gases that may be generated 
in the landfill. 

Unprotected Disposal Sites 

Not all disposal sites are hazardous. Refuse, trash, and household garbage are 
biodegradable and, thus, do not pose severe, long-term problems to human health 
or the environment. On the other hand, many synthetic chemicals and hydrocar¬ 
bons. if they should enter the water supply, may pose long-range problems to 
humans and the environment. Hazardous substances may induce alterations in the 
genetic/hereditary makeup ( mutagenicity), abnormality in various forms (teratogenic¬ 
ity), various cancers (carcinogenicity), and other effects. Examples of toxic substances 
include lead, mercury, silver, cadmium, chromium, barium, arsenic-substances 
commonly associated with many industrial processes and wastes. 

Many hazardous substances were and are still found in many disposal sites. Until 
about the late 1970s governmental regulations were lax or nonexistent. Correspond¬ 
ingly, the hazardous waste problem grew almost unimpeded. Now we are faced 
with not only the waste but also the increased evidence of potential harm these 
substances are capable of inflicting on us. 

Some hazardous sites are known, and efforts are being taken to clean them up. 
Others are still undiscovered, and harmful substances remain untreated, posing 
the danger of contaminating our groundwater. This presents enormous implications 
when one realizes that as much as 95% of the world's total fresh water resources 
are found in ground water, stored predominantly in aquifers. Once contaminated, 
ground water is difficult (sometimes impossible) to restore to a purified state. 
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Figure 13.26 A typical ground¬ 
water-monitoring well. 


Drilled wells are common means for monitoring ground water. Samples are 
extracted for testing, evaluation (volume, quantity, and type), and subsequently for 
developing methodologies for treatment. Figure 13.26 shows the basic features of 
a typical monitoring well. If the hole remains open (does not collapse), the steel 
casing is not needed. If a steel casing is needed, it is advanced (pounded) downward 
as the drilling auger also advances downward. Once the auger is extracted (the soil 
is removed by the auger flights), the pipe (usually plastic) and screen are lowered 
into the hole. A filter material (e.g., sand or gravel) is placed between the pipe 
and the casing, as the casing is extracted to just above the ground water level. The 
infiltrating fluid may then be extracted via pumping. 

Another means of exploration and sampling is via excavating with a backhoe or 
excavator. The extraction of any liquid is by pumping from the open excavation. 
This approach has some disadvantages: limited depth, length of time the excavation 
will stay open without installed bracing, likely infiltration of surface runoff/rain 
water, and so on. 

Frequently the most effective, but also quite possibly the most costly, remedial 
approach is the removal of the ingredients from a contaminated site via excavation. 
The excavated contaminated material is then transported for subsequent treatment 
at a designated treatment plant. Sometimes treatment at the contaminated site is 
possible and is usually less expensive. 

The method of treatment of on-site pollutants may encompass three categories: 
chemical, biological, and physical. Flere we shall merely scan over some aspects of 
these categories; specifics regarding the processes is beyond the scope of this text. 
Briefly, the categories encompass some of the following treatments: 

Chemical Methods 

• Neutralize acids and alkaline contaminants 

• Precipitate (e.g., of heavy metals) via coagulation and flocculation 

• Convert toxic pollutants to less harmful materials via oxidation or reduction 
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• Destroy harmful organisms via disinfection 

• Reduce the release of hazardous constituents via stabilization processes 

Biological Methods 

• Develop microbes that render organic compounds harmless via aerobic 
methods 

• Introduce oxygen into the waste via aeration, to neutralize the harmful effects 

• Convert harmful sludge to harmless sludge via anaerobic methods 

Physical Methods 

• Separate large solids via screening 

• Settle suspended solids via gravity (sedimentation) 

• Separate low-density and hydrocarbon solids via flotation 

• Filter suspended solids through a porous media such as sand 

• Incinerate, consisting of heating the contaminants to very high temperatures 
(1600 to 1800°F) and "burning off" their harmful components 

• Others: evaporation, distillation, stripping, degasification 
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CHAPTER 14 


Bearing Capacity 
Shallow Foundations 


14.1 INTRODUCTION 


It is common practice to separate structures supported by the earth (e.g., buildings, 
bridges, dams) into two categories: The upper part is designated as the superstructure, 
and the components that interface the superstructure to the adjacent zone of soil 
or rock as the foundation. 

The function of the foundation is to transfer the load of the superstructure to 
the underlying soil formation without overstressing the soil. Hence, a safe founda¬ 
tion design provides for a suitable factor against (1) shear failure of the soil and 
(2) excessive settlement. The soil's limiting shear resistance is referred to as the 
ultimate bearing capacity, qu, of the soil. For design, one uses an allowable bearing 
capacity, qa, obtained by dividing the ultimate bearing capacity by a suitable safety 
factor (i.e., qa = quIF). Interrelated to the bearing capacity used for design is the 
magnitude and rate of settlement (soil deformation) and related effects on the 
superstructure. Indeed, the geotechnical-foundation engineer is alwaysfaced with 
the dual requirement: (1) select a suitable bearing pressure that is compatible with 
settlement restrictions (i.e., provide a safe foundation) and (2) keep the cost at a 
minimum (economic considerations are almost always an indispensable part of the 
decision making, since budget limitations are frequent and common restrictions). 

Depending on the importance of the proposed structure, the process of selection 
of a suitable bearing capacity may include extensive subsurface investigation and 
laboratory analysis, or it may be a matter of merely complying with the minimum 
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standard of a building code. As so typical of engineering, the "relative importance" 
of the structure is a dilemma that the engineer has to resolve. Building codes and 
handbooks are frequently relied on as the sole basis for the selection of a bearing 
capacity value (a design number) for ordinary buildings such as homes and other 
light structures. Although this could prove a dangerous practice even for light 
buildings, it is highly inadvisable as a general practice, particularly for heavy or tall 
structures. Hence, the more reliable approach consists of field exploration and 
testing, laboratory analysis, and subsequent geotechnical evaluation. 

Sometimes the foundation loads are transmitted directly to a rock formation. 
Except for possibly poor-quality rock (such as potentially expansive shales, pyrite 
formations, or rock heavily laminated with clay seams or highly fractured), rock 
formations generally have more than ample strength for a safe bearing support. 
In such a case, ordinary spread footings or wall footings are the routine foundation 
components. Indeed, such footings are common for residential, commercial, and 
even industrial structures of light-to-moderate loads bearing directly on soil. Such 
foundations are referred to as shallow foundations, discussed in this chapter. On the 
other hand, if the stratum directly underneath the building foundation consists of 
soil that has low shear strength or is highly compressible, the foundation loads may 
have to be transmitted to a greater depth, to a stiffer stratum or to rock, perhaps 
by means of piles or drilled piers. These are generally referred to as deepfoundations. 

Much investigation on the subject of bearing capacity has been carried out during 
the past century. Subsequently, numerous proposals have been advanced regarding 
considerations, criteria, and procedures for the evaluation of the bearing capacity 
of soils (57). In fact, the development of a bearing capacity equation is still under¬ 
going some degree of evolution. Among the very early contributors were Prandtl, 
Terzaghi, and Taylor; somewhat more recent refinements were made by Meyerhof, 
Vesic, Hansen, Caquot, Kerisel. and many, many others. It is perhaps exhaustive 
and counterproductive to attempt to delineate the work of all of the numerous 
contributors to the subject. Hence, an attempt to provide a merely sequential 
overview of development of current bearing capacity equations will be described 
in several of the following sections. 


14.2 LOAD-SOIL DEFORMATION RELATIONSHIP 


As we know from basic mechanics, all materials will deform if subjected to load; so 
will soil. However, unlike the more homogeneous materials such as steel or other 
metals, the load-deformation relationship in soils is not nearly as well-defined or 
predictable; also, time is frequently a factor in soil deformation. Nevertheless, a 
certain degree of elastic behavior could be detected even in soils. Most fairly dense 
or stiff soils will depict a somewhat elastic relationship between load and deformation 
up to a significant percentage oftheir ultimate strength. This is somewhat analogous 
to the stress-strain relationship for materials such as concrete or steel, although 
the degree of linearity in soils is not comparable to that of steel. In soil, the early 
phase of deformation is primarily attributed to the densification of the stratum as 
a result of the reduction in voids within a soil mass. As the load is increased, a 
further increase in the deformation takes place, but at a somewhat more rapid rate. 
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This increased rate of yielding is deemed to be due partially to an additional 
decrease in the void ratio, as well as to high lateral displacement coupled with vertical 
deformation. With a further increase in the load, excessive vertical penetration and 
ultimate shear failure of the soil stratum will take place (again, somewhat analogous 
to the stress-strain behavior in other construction materials). 

Figure 14.1 depicts a general pattern of load-deformation relationship in a soil 
subjected to a spread or isolated footing. Within the elastic range, the amount of 
the footer penetration in Fig. 14. la is relatively small (e.g., the soil shifting under 
and around the footing is small). With an increase in load, the soil under the 
footing becomes increasingly compressed, while that around the footing has a 
tendency to bulge out laterally and upward, as shown in Fig. 14.1b. This phenome¬ 
non becomes more apparent with increasing footer penetration, as shown in Fig. 
14.1c. 

Figure 14.2 depicts a rather typical load-settlement relationship for a case of 
spread (isolated) footing on a soil stratum. In general, no part of the load-settle¬ 
ment curve of soils is a truly straight line (hence, the modulus of elasticity, E, is an 
elusive quantity). Furthermore, the yield and ultimate strengths are not at well- 
defined levels. In most instances, such a load-deformation relationship (diagram) 
is not even available for determining yield or ultimate strengths. The lack of such 
information is usually attributed to cost and time. Occasionally, load-bearing tests 
are run in the field on relatively small plates, say I to ! square meters, using dead 
loads. That is, due to the very large loads required for prototype-size loading tests, 
only bearing plates of relatively small size are deemed practical. 



(a) 


(b) 



Figure 14.1 Soil deformation under and around isolated footing at various stages 
of increasing load. 



398 Chapter 14 • Bearing Capacity—Shallow Foundations 


Relatively elastic 
vertical compression; 
some lateral 
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Figure 14.2 General load intensity-settlement in soils. 


When load-deformation relationships are available, the ultimate bearing capacity 
qu is taken at pressures associated with large vertical penetration, as indicated in 
Figure 14.2. In lieu of such field tests, the ultimate bearing capacity is determined 
via equations, as described in the following sections. 


14.3 BEARING FAILURE PATTERNS 


Bearing failure of a foundation usually results because the soil supporting the 
foundation fails in shear. Depending on the type of soil and soil density, bearing 
failures are usually accompanied by rather deeper penetration and side bulging, 
perhaps resembling one's foot sinking in soft mud and bulging of surrounding 
soil. 

The modes of shear failure are commonly separated into three categories: (1) 
general shearfailure, (2) local shearfailure, and (3) punching shearfailure. Based on his 
personal research and observations, and on a comprehensive summary of findings by 
others, Vesic (60) notes that the failure load is linked to several factors. In general, 
it depends on the relative compressibility of the soil in the particular geometrical 
and loading conditions. 

Vesic depicts the basic features of these failure modes as shown in Fig. 14.3 for 
tests conducted in Chattahoochee River sand (North Carolina). For the case of 
general shear failure, usually associated with dense soils of relatively low compress¬ 
ibility, the slip surface is continuous from the edge of the footing to the soil surface, 
and full shear resistance of the soil is developed along the failure surface. The 
load-deformation curve has a fairly constant slope for a substantial percentage of 
the ultimate load. A gradual deviation from a straight line and subsequent yielding 
are observed as the load intensity approaches qu. The slope becomes virtually vertical 
as qu is reached. Under stress-controlled conditions (e.g., dead loads, building 
loads), an increase in load past qu may result in significant continuous and cumula- 
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Figure 14.3 Modesof bearing failures, (a) General shear, (b) Local shear, (c) Punch¬ 
ing shear. [Mter Vesic (60) .j 


tive vertical or tilting deformation, with likely sudden and total failure. Under strain- 
controlled conditions (e.g., constant rate of penetration), deformation is likely even 
under a reduced level ofload. Bulging of the soil near the footing is usually apparent 
throughout most of the loading cycle, as shown in Fig. 14.3a. 

For the local shear failure, the failure surface extends from the edge of the 
footing to approximately the boundary of the Rankine passive state. The shear 
resistance is fully developed over only part of the failure surface (solid segment of 
the line). There is a certain degree of bulging on the sides and considerable vertical 
compression under the footing. This is not usually apparent until significant vertical 
penetration occurs. As shown in Fig. 14.3b, the load-deformation curve displays a 
lesser degree oflinearity, a steeper slope, and a smaller gu than the load-deformation 
relationship for general shear, represented in Fig. 14.3a. 

In the case of punching shear failure, a condition common for loose and very 
compressible soils, the pattern of failure is not easily detected. Generally, some 
vertical shear deformation is visible around the periphery of the footing, for there 
is little horizontal strain and no apparent bulging of the soil around the footing. 
Test results for footings at the surface (zero depth) indicate that the ultimate load 
is significantly lower than for the case where the footing is placed at a greater 
depth. Furthermore, the load-deformation curve has a steeper slope for the surface 
than it does for the greater depth tests, as shown in Fig. 14.3c. Although deformation 
formations are considerable, sudden collapse or tilting failures are not common. 



400 Chapter 14- Bearing Capacity-Shallow Foundations 


Vesic developed Fig. 14.4. which shows the mode of failure that may be expected 
within the relative density ranges indicated for the various relative depths of penetra¬ 
tion. For example, a footing on a very loose sand may fail in punching shear, while 
the same footing on the surface of a very dense sand would fail in general shear. 
On the other hand, a footing on a dense sand may fail in general shear near the 
surface; it may fail in local shear or even punching shear if it is located at greater 
depths. 


14.4 PRANDTL'S THEORY FOR ULTIMATE BEARING CAPACITY- 
TAYLOR'S CONTRIBUTION 


Many of the current-day fundamental principles, however limited or incomplete, 
regarding bearing-capacity determinations appear to have had their beginning with 
Prandtl's theory (50) of plastic equilibrium. Subsequent to Prandtl's findings in 
the early 1920s, extensive investigations by numerous individuals have pointed to 
some deficiencies in Prandtl's theory when used to predict bearing capacities of 
soils. These observations led to modifications and improvements in the Prandtl 
equation. Still, we have not reached the point, and possibly never will, where the 
bearing capacity of the soil stratum can be predicted with total confidence. Instead, 
we may be limited to further improving on the work started by Prandtl and amplified 
and improved by others (see bibliography at the end of this chapter). 

Prandtl's theory of plastic equilibrium reflects on the penetration (deformation) 
effects of hard objects into much softer material. Within the context of Prandtl's 
assumed conditions, we make use of this theory to assume a rigid (i.e., concrete) 
footing penetrating into a relatively soft soil. Unlike some ofPrandtl's assumptions, 
however, the typical soil is not isotropic and homogeneous. Furthermore, the typical 
footing assessed in terms of practical design limitations is not infinitely long, not 
smooth at the interface of footing and soil, and quite probably never applied at 
the very surface of the soil-conditions assumed in Prandtl's work. 

Figure 14.5 shows three zones developed within the soil stratum as a long footing 
(say, LIB> 5) subjected to increasing load, resulting in bearing failure within the 


Relative density of sand D r 



B* = B for a square or circular footing 
B* = 2BLHB+ L ) for a rectangular footing 


Figure 14.4 Modes of failure of 
model footings in Chattahoo¬ 
chee sand. [After Vesic (60).] 
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Figure 14.5 Prandtl’s theory of plastic equilibrium. 


soil. The load is transmitted through the soil wedge, zone 1, which is assumed to 
remain intact during failure. Zone 2 undergoes considerable plastic flow, with the 
dashed lines depicting arbitrary failure planes developed throughout this zone. 
The curved boundaries of this zone are approximately logarithmic spirals with the 
radius of curvature being represented by r — r 0 c" Zone 3 represents the passive 
state as developed by Rankine. The failure surface of zone 3 is a straight line, as 
indicated in Fig. 14.5. 

At impending failure, zones 2 and 3 are pushed aside by the penetrating wedge. 
Subsequently, a shear resistance to such movement is developed along the logarith¬ 
mic spiral and the straight-line segment. Assuming a constant value lor cohesion, 
the shear strength along the plane of failure could be expressed as 5 = c + a tan <f>. 
On this premise the ultimate bearing capacity of a soil based on Prandtl s theory 
is given by Eq. 14-1 

?u =ccot* tan 2 ^45+ !)«'“*-1 (14-1) 

From Eq. 14-1 we observe that if the cohesion of the soil were zero (c = 0), the 
bearing capacity would also equal zero. In fact, this is not the case. Quite to the 
contrary, anyone familiar with foundation design recognizes that a dense granular 
(say, c — 0) stratum may provide a most desirable foundation base when considering 
not only the bearing capacity but also consolidation and predictable behavior. 
Taylor (56) added a term to Eq. 14-1 to account for the shear strength induced 
by the overburden pressure. Taylor’s term is equal to [(yB/ 2) tan (45 + <f>/ 2)]. 
Taylor recommends that the term fit into Prandtl s ultimate bearing capacity as 
given by Eq. 14-2 

q u = rcot4> + ^tan(45+D tan 2 (d5 + |) <?'~ 1 (14-2) 

The introduction of Taylor’s term into Prandtl’s bearing capacity equation re¬ 
moved the limitation, indeed the misleading inference, inherent in Prandtl’s equa¬ 
tion, as depicted by Eq. 14-1 (i.e., that the equation is not applicable to cohesionless 
soils). Nevertheless, with time, it became apparent that even with Taylor’s term the 
equation falls short as a reasonable formula for predicting a q„ that gives results 
consistent with observations. In fact, Prandtl’s equation is never used in current 
practice, but it was a beginning. 
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14.5 BEARING CAPACITY BASED ON RANKINE WEDGES 


Although the following analysis will not yield the bearing capacity equation em¬ 
ployed in the present-day analysis, it is a basic, dimensionally correct expression. 
Subsequent sections in this chapter will discuss additional elements and refinements 
to this expression proposed by some investigators in an attempt to account for a 
number of variables in a way that is consistent with their findings and observations 
(experimental). 

Figure 14.6a shows a long, narrow footing (i.e., L/B is very large) at a depth D 
into a ( c-<f>) soil. Figure 14.66 depicts the Rankine wedges used in this analysis. 
Wedge I is assumed to be an active Rankine wedge, which is pushed down and 
slides to the right during the failure sequence; wedge II is assumed to be a passive 
wedge, which is pushed to the right and upward in the process. The horizontal 
(lateral) resistances are designated by P and are assumed to act at the interface of 
the two wedges as shown; they have the same magnitude but opposite directions. 
However, the P associated with wedge I represents the active pressure resultant, 
whereas the Pfor wedge II is the passive thrust. Thus, for the active case, wedge I, 
from Eq. 12-15 we have* 

P = %yK 3 H 2 - 2cH Vk 3 + q n K,H (a) 

where the last term reflects the confining influence of the surcharge q u , and K 3 = 
tan 2 (45 — <f>/ 2). For the passive case, wedge II, from Eq. 12-16 we have 

P = \yKpH 2 + 2 cHVK p + qK p H (b) 

where K p = tan 2 (45 + 4>/2). The two resultants are assumed to have the same 
magnitude. Hence, 

kyK A H 2 - 2 cHVk 3 + q u K 3 H = \yKpH 2 + 2cH\% + qK p H 
Solving for q a , we have 

q u = lyH (K p -K 3 )+ (VK p + VFj + q% (c) 

But K p = 1 /K 3 \ also, from Fig. 14.66, 

H= B =_g_ 

2 tan (45 — <t>/2) 2 VK 3 

Hence, Eq. (c) becomes 

q« = \yBKl n {Kp - K~ l ) + 2 cK v (K 1 / 2 + + qK 2 v 


or 


q» = iyB(Kl /2 - K\ /2 ) + 2c(X»/* + K'/ 1 ) + qK\ (d) 


Let 


A/y = \{Kp /2 — Kp /2 ) 
N c = 2 (K 3 / 2 + K¥ 2 ) 
N q = AT 2 


* The active and passive pressure phenomena are covered in Chapter 12. 
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Figure 14.6 (a) Footing in 
( c-(f>) soil, (b) Rankine wedges. 
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Thus, Eq. ( d) becomes 

q a = cN c + qN q + h'BNy (14-3) 

Equation 14-3 is the basic form of the general bearing capacity expression used 
in the soil mechanics field. Variations in the values for He, N q . and Ny have been 
proposed over the years by different investigators, as have been factors to account 
for footing shapes, depth, inclination, ground, and base variations, and the like. 
These will be discussed in later sections. 

The above derivation is based on less-than-accurate assumptions: (1) the shear 
at the interface of the two wedges was neglected and (2) the failure surfaces are 
not straight lines as was indicated for the two wedges. Hence, subsequent changes 
in these assumptions prompted some changes in the He, N q , and Ny values. 


14.6 TERZAGHI'S BEARING CAPACITY THEORY 


Terzaghi (58) improved on the wedge analysis described in the preceding section 
by working with trial wedges of the type assumed by Prandtl (50). However, he 
expanded on Prandtl's theory to include the effects of the weight of the soil above 
the footer (bottom) level, an aspect that Prandtl omitted in his work. Terzaghi 
assumed the general shape of the various zones to remain unchanged, as illustrated 
in Fig. 14.7. Terzaghi assumed the angle that the wedge faced forms with the 
horizontal to be cP, rather than the (45 + cP/2) assumed in Prandtl's and most 
other theories. 

Figure 14.7 provides the basic elements in the development ofTerzaghi's theory. 
As did Prandtl, Terzaghi assumed a strip footing of infinite extent and unit width. 
Unlike Prandtl, however, Terzaghi assumed a rough instead of a smooth base 
surface. Furthermore, although he neglected the shear resistance of the soil above 
the base of the footing (segment gfin Fig. 14.7), he did account for the effects of 
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the soil weight by superimposing an equivalent surcharge load q = yD. Otherwise, 
the shape of the failure surface is similar to that assumed by Prandtl. 

Figure 14.8 shows the penetrating wedge, including equilibrium, where the down¬ 
ward load is resisted by the forces of the inclined faces of the wedge. These forces 
consist of the cohesion and the resultant of the passive pressure. Thus, assuming 



Figure 14.8 Terzaghi’s bearing-capacity coefficients. 
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a unit length of the footing normal to the page, we obtain q u as follows: From 
2iy = 0, we have, from Figure 14.8 

q u B = 2P p + 2{bd) c sin cf> 

But bd = {B/ 2) cos <f>. Thus, 

q a B = 2P p + Be tan $ (14-4) 

Terzaghi represented the value of P p as the vector sum of the three components: 
(1) that from cohesion, (2) that from surcharge, and (3) that resulting from the 
weight of the soil (bdef in Fig. 14.7). With the addition for shaped factors in the 
cohesion and base terms, Terzaghi obtained expressions for the ultimate bearing 
capacity for general shear conditions as: 

Long footings: q u = eN c + yDN q + \yBN y (14-5) 

Square footings: q a = l.3cN c + yDN q + 0.4y BN y (14-6) 

Circular footings: q u = \.%cN c + yDN q + 0.3yBN y (14-7) 

where 

, T a 2 , 

N c = cot cp —-. , /0 , — i 

2 cos 2 (45 + 4>/2) J 

N =_ 2 ^_ 

q 2 cos 2 (45 + 4>/2) 

with a = 

Figure 14.8 gives the values for the various bearing capacity factors recommended 
for Eqs. 14-5 through 14-7. The value of K py used to compute N y is a factor Terzaghi 
used in determining N y , but one that he did not thoroughly explain. However, the 
curves from Fig. 14.8 were provided by Terzaghi, thereby circumventing the need 
for specific values for K pr * Also, although the N y factor varies rather widely with 
different authors for ranges of 4>, particularly for (j) values exceeding 40 , the term 
itself is not contributing significantly to q u , thereby minimizing the significance of 
such wide variation on q u . 

Although Terzaghi’s equations account for the shape factors in the “cohesion" 
and “base” terms, they lack other factors that will be described in subsequent 
sections. The equations are limited to concentrically-loaded horizontal footings; 
they are not suitable for footings that support eccentrically-loaded columns or to 
tilted footings. Furthermore, they are regarded as somewhat overly conservative. 
Yet, although not as widely used as when first proposed, they still have wide appeal 
because of the greater ease for not having to compute the many factors developed 
and proposed since Terzaghi’s time. Indeed, many practitioners view the effort for 


* A close approximation is given by K v , = 3 tan 2 |^45 + ) • (After s - Husain, Professor, Youngs¬ 

town State University.) 
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computing some of these factors as counterproductive since the ultimate answer 
is divided by frequently arbitrary safety factors, thereby negating the merit for 
refinements and related efforts. Indeed, the results are quite within acceptable 
limits for shallow footings (e.g., D/B < 1) subjected to only vertical loads—the 
frequently encountered case. 

14.7 MEYERHOF'S BEARING CAPACITY EQUATION _ 

Meyerhof proposed a bearing capacity equation similar to that of Terzaghi but added 
shape factors, s, depth factors, d, and inclination factors, i (39, 44). Meyerhof’s 
expressions are presented via Eqs. 14-8 and 14-9. His expressions for the shape, 
depth, and inclination factors, and the N values are shown in Table 14.1 and in 
Fig. 14.9, respectively. 

Vertical load: q u — cN r s c d r + qNfyd^ + kyBN y Sy<iy (14-8) 

Inclined load: q a = cN c s,d,i, + qNfydfy + \yBN y s y (l,i y (14-9) 

N q = e* an ' t ’ tan 2 ^45 + 

N c = (TV, - 1) cot <f> 

N y =(N q - 1) tan (lA<f>) 


Table 14.1 Meyerhof’s Factors 



Meyerhof suggested that footing dimensions B' = B — 2e, and L' = L — 2e x be used in determining 
the total allowable load eccentrically applied in the x and y directions, respectively (i.e., Q,, = q u B'L '), 
and in the corresponding terms in the ultimate bearing capacity equations and in the various correction 
factors for shape and inclination. 
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<t>° K N q N y 

0 5.10 1.00 0.00 

2 5.63 1.20 0.01 

4 6.19 1.43 0.04 

6 6.81 1.72 0.11 

8 7.53 2.06 0.21 



Figure 14.9 Meyerhof’s bearing-capacity coefficients. 


14,8 HANSEN S BEARING CAPACITY EQUATION—VESICS FACTORS _ 

J. Brinch Hansen (23) proposed what is referred to as the general bearing-capacity 
equation, given by Eq. 14-10. To a great extent, Hansen’s equation is an extension 
of Meyerhof’s proposed equations. The N c and N q coefficients are identical. The 
N y coefficient recommended by Hansen is almost the same as Meyerhof s for cj) 
values up to about 35°. There are some deviations or differences for higher values 
of <p; Hansen’s values are slightly more conservative than Meyerhof s. Both Meyerhof 
and Hansen provided expressions for the shape, depth, and inclination factors; 
however, Hansen also added what he called ground factors and base factors to 
include conditions for a footing on a slope. 

q u = cN c s c d c i c b c g c + qN q s q d q i q b q g, + \jBNySydyiybygy 

In the special case of a horizontal ground surface, 

q u = — c cot 4> + (? + c cot 4>) N q s q d q i q b q + \yBNySydyiyby 

where q is the effective overburden pressure at base level. 

Figure 14.10 provides the relationships between N c , N q , N y , and the Rvalues, as 
proposed by Hansen. Table 14.2 has some expressions for inclination, shape, depth, 
base, and ground inclination expressions proposed by Hansen. 


(14-10) 

(14-10a) 
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<t>° -Vc % 

0 5.10 1.00 0.00 

2 5.63 1.20 0.01 

4 6.19 1.43 0.05 

6 6.81 1.72 0.11 

8 7.53 2.06 0.22 



Figure 14.10 Hansen's bearing-capacitycoefficients. 


With regard to the load-inclination factors, Hansen recommends that if the 
quantity inside the bracket for the expression for iq becomes negative, the equation 
is not applicable; the bearing capacity in such a case will be negligible. Also, iy must 
be modified if the foundation base is inclined. Hansen also notes that his expression 
for ic is a rather simple formula, for a special case of cf> = O. He notes that exact 
formulas for ic and iq have been derived by several authors but with rather compli¬ 
cated results. 

Noting that theoretical values of the shape factors require a three-dimensional 
theory of plasticity evaluation, Hansen proposed an empirical set of inclination 
factors. Since failure can take place either along the long side or along the short 
side, he recommended two sets of inclination factors, as indicated in Table 14.2. 
He recommends that a value exceeding 0.6 should always be used in connection 
with the expression for s>« and syu 

Regarding the depth factors, Hansen indicates that the formulas presented in 
the table are valid for the usual case of failure along the long side L of the base. 
For the investigation of possible failure along the short side B, he recommends 
that B be replaced by L in the two expressions; see Example 14.3. 

For the base and ground inclination factors, reference is made to the figure in 
Table 14.2. Vdepicts the foundation load normal to the base and H the load parallel 
to the base, with p as the angle between base and the horizontal line. He notes 
that the above formulas should be used only for positive values of u and {3,the 
latter being smaller than cf>. Also, u + j 3must not exceed 90°. D is measured vertically, 
as indicated in the figure. 



Table 14.2 Hansen’s Factors 
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Vesic's (60) approach is much the same as Hansen's. The Ny is somewhat higher 
than Hansen's for Cp values up to approximately 40°. and slightly lower for values 
exceeding 45°. Also, Vesic's expressions for inclination, base, and ground factors 
are somewhat less conservative than Hansen's. 

14.9 A COMPARATIVE OVERVIEW OF TERZAGHI'S, MEYERHOF'S, AND 
HANSEN'S EQUATIONS 


Of the bearing capacity equations previously discussed, perhaps the three most 
widely used are Terzaghi's, Meyerhofs and Hansen's. For expediency, they are 
reproduced below, followed by a comparative assessment of their merits. Table 14.3 
presents an expedient comparison of the N" IV, and Ny for the three approaches. 

Terzaghi's equations were and are still widely used, perhaps because they are 
somewhat simpler than Meyerhofs or Hansen's; one need not compute the shape. 


Table 14.3 Bearing-Capacity Coefficients 


</>° 


Terzaghi 


Meyerhof 


Hansen 


N c 

”, 

N y 

N c 

N q 

N y 

N c 

N r/ 

N y 

0 

5.70 

1.00 

0.00 

5.10 

1.00 

0.00 

5.10 

1.00 

0.00 

2 

6.30 

1.22 

0.18 

5.63 

1.20 

0.01 

5.63 

1.20 

0.01 

4 

6.97 

1.49 

0.38 

6.19 

1.43 

0.04 

6.19 

1.43 

0.05 

6 

7.73 

1.81 

0.62 

6.81 

1.72 

0.11 

6.81 

1.72 

0.11 

8 

8.60 

2.21 

0.91 

7.53 

2.06 

0.21 

7.53 

2.06 

0.22 

10 

9.61 

2.69 

1.25 

8.34 

2.47 

0.37 

8.34 

2.47 

0.39 

12 

10.76 

3.29 

1.70 

9.28 

2.97 

0.60 

9.28 

2.97 

0.63 

14 

12.11 

4.02 

2.23 

10.37 

3.59 

0.92 

10.37 

3.59 

0.97 

16 

13.68 

4.92 

2.94 

11.63 

4.34 

1.37 

11.63 

4.34 

1.43 

18 

15.52 

6.04 

3.87 

13.10 

5.26 

2.00 

13.10 

5.26 

2.08 

20 

17.69 

7.44 

4.97 

14.83 

6.40 

2.87 

14.83 

6.40 

2.95 

22 

20.27 

9.19 

6.61 

16.88 

7.82 

4.07 

16.88 

7.82 

4.13 

24 

23.36 

11.40 

8.58 

19.32 

9.60 

5.72 

19.32 

9.60 

5.75 

26 

27.09 

14.21 

11.35 

22.25 

11.85 

8.00 

22.25 

11.85 

7.94 

28 

31.61 

17.81 

15.15 

25.80 

14.72 

11.19 

25.80 

14.72 

10.94 

30 

37.16 

22.46 

19.73 

30.14 

18.40 

15.67 

30.14 

18.40 

15.07 

32 

44.04 

28.52 

27.49 

35.49 

23.18 

22.02 

35.49 

23.18 

20.79 

34 

52.64 

36.51 

36.96 

42.16 

29.44 

31.15 

42.16 

29.44 

28.77 

36 

63.53 

47.16 

51.70 

50.59 

37.75 

44.43 

50.59 

37.75 

40.05 

38 

77.50 

61.55 

73.47 

61.35 

48.93 

64.08 

61.35 

48.93 

56.18 

40 

95.67 

81.27 

100.39 

75.32 

64.20 

93.69 

75.32 

64.20 

79.54 

42 

119.67 

108.75 

165.69 

93.71 

85.38 

139.32 

93.71 

85.38 

113.96 

44 

151.95 

147.74 

248.29 

118.37 

115.31 

211.41 

118.37 

115.31 

165.58 

46 

196.22 

204.20 

426.96 

152.10 

158.51 

329.74 

152.10 

158.51 

244.65 

48 

258.29 

287.86 

742.61 

199.27 

222.31 

526.47 

199.27 

222.31 

368.68 

50 

347.52 

415.16 

1153.15 

266.89 

319.07 

873.89 

266.89 

319.07 

568.59 
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depth, inclination, base, and ground factors. Of course, they are suitable for a 
concentrically loaded horizontal footing but are not applicable for columns with 
moment or tilted forces. Generally, they are somewhat more conservative than 
Hansen's or Meyerhofs. Practitioners frequently use Terzaghi's for very cohesive 
soil where the ratio DIB ~ 1. 

Terzaghi’s 

Long footings: q u = cN c + yDN q + hyGN y 

Square footings: q u = 1.3 cN c + yDN q + 0.4y BN y 

Circular footings: q a = \.3cN c + yDN q + 0.3y BN y 


Meyerhof’s 

Vertical load: q a = cN,s,d, + qN q s q d q + b/BN y s y d y 

Inclined load: q u = cN c s r d c i c + l/N^s/fi,, + fyBN y s y d y i y 

Hansen’s 


q a = cN c s c dfb c g + qN q s q d q i q b q g q + %yBN y s y d y i y b y g y 

In the special case of a horizontal ground surface, 

q a = — ccot <p + (q + c cot f) Nfyd q i q b q + 2 yBN y s 7 d y i y b y 

where q is the effective overburden pressure at base level. 

Currently, Meyerhof s and Hansen’s equations are perhaps more widely used 
than Terzaghi’s. Both are viewed as somewhat less conservative and applicable to 
more general conditions. Hansen’s, however, is used when the base is tilted or 
when the footing is on a slope and for D/B > 1. 

Terzaghi developed his bearing-capacity equations assuming a general shear 
failure in a dense soil and a local shear failure for a loose soil. For the local shear 
failure he proposed reducing the cohesion and 4> as: 

c' = 0.67c 

4>' = tan -1 (0.67 tan 4>) 

One notes from the N( factor that cohesion is the predominant parameter in 
cohesive soil and the N q is the predominant factor in cohesionless soil. Also, where 
the soil is not uniform (not homogeneous), judgment is necessary as to the appro¬ 
priate bearing-capacity value. Generally, as indicated previously, Terzaghi's equation 
is easier to use and has significant appeal to many practitioners. This is particularly 
acceptable in view of the fact that the ultimate bearing capacity qu is reduced in 
practice by dividing by a safety factor. Indeed, the argument is frequently made 
that while the ultimate bearing capacity is determined via rather laborious and 
detailed steps and calculations of various factors, the effort is greatly negated when 
the result qu is divided by what is frequently an arbitrary safety factor in the final 
step to obtain qa. 

As so frequently is the case in engineering, and particularly in geotechnical 
engineering, judgment still remains a decisive ingredient in the use of the bearing- 
capacity equations. 
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Example 14.1 


Given The data in Fig. 14.11. 

Find q n via Terzaghi’s, Meyerhof s, and Hansen’s equations. 
Procedure Via Terzaghi’s equation: 

q u = cN c + yDN q + iy BN y 

For </> = 24°, N c = 23.36; N q = 11.4; N y = 8.58. Hence, 

q u = 16(23.36) + 18.2(1)11.4 +1(18.2) (1)8.58 
q a = 373.76 + 207.48 + 78.08 = 659.3 kN/m 

Via Meyerhof’s equation: 

q u = cN r s/l r + yDN q s q d q + BN y Syd y 

For <f> = 24°, N r = 19.32; N q = 9.60; N y = 5.72. 

Ap = tan 2 ^45 + |) = 2.37 


Hence, 


Thus, 


s f = 1 + 0.2 Kp (jj = 1 + 0.2(2.37) &) = 1.02 
s q = s,= 1 +0.1 Ap|= 1 + 0.1 (2.37) (m) = 1.01 


d c — 1 + 0. 





B) 


= 1 + 0.2V2i37({) = 1.31 


d q =dy=l+ O.lV^ (= 1 + 0.1V2!37(i) = 1.15 

i c = \ = iy= 1 


q= 16(19.32) (1.02) (1.31) + 18.2(1) (9.6) (1.01) (1.15) 
+ i(18.2) (1) (5.72) (1.01) (1.15) 


mw 


1 m 


mw 


— B = 1 m - 
(L= 20 m) 


Y= 18.2 kN/m 3 
c= 16 kN/m 2 
® = 24- 
General shear 


Figure 14.11 A given isolated 
footing. 



14.9 A Comparative Overview of Terzaghi’s, Meyerhofs, and Hansen s Equations 413 
or 

q u = 412.62 + 202.94 4- 52.57 = 668.13 kN/m 2 

Via Hansen’s equation: For horizontal ground surface and horizontal footing 
base, ground, and inclination factors = 1 

q u = - ccot 4> + (q+ cc ot <j))N q s q d q + %yBN y s y dy 
For = 24°, N c = 19.32; N q = 9.6; N y = 5.75. Hence, 

s q = 1 + sin 4> J = 1 + 0.41 (^) = 1.02 

Sy = 1 — 0.4 = 1 — 0.4(jfe) = 0.98 

d r = 0.4 tan 1 (^j = 0.4 tan 1 (i) 

d q = 1 + 2 tan <M1 - sin ^ (|) = 1 + 0.89(0.353) (!) = 1.31 

<Ly= 1 

q u = -ccot4>+ (q+ c cot <f>)Nfyd q + F/BNy^d, 

= -16(2.25) + (18.2 X 1 + 35.94) (9.6) (1.02) (1.31) 

+ 4(18.2) (5.75) (0.98) (1) 

= -35.94 + 694.44 + 51.84 = 710.34 kN/m 2 

Hence, q a results are shown below. 


Answer 


Example 14.2 --- 

Given The results of a full-scale test conducted by H. Muhs in Berlin and reported by 
t g Hansen (24). The pertinent data associated with this test, as reported by 
Hansen are: Footing dimension L = 2 m, B = 0.5 m (A = 1 nr); .D| = 0-5 m. 
Dense sand, y = 0.95 t/m 3 ; c = 0. Failure load, Q_ = 190t; 4> pl - 47 ~ 40 ; 

Muhs measure 4> u ~ 40°). 

Find q u via Terzaghi’s, Meyerhofs, and Hansen s equations. 

Procedure Via Terzaghi’s equation: Note L/B = 4; use of long footing equation is perhaps 
acceptable. For c = 0. 

q u = y DN q + kyBNy 
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Answer 


for » 47°, N q « 246; N y = 585. Thus, 

q u = (0.95) (0.5) (246) + 1(0.95) (0.5) (585) 
q u = 116.85 + 138.9 = 255.78 t/m 2 

Via Meyerhof s equation, 

= qNM + h'BNySydy 

For <p = 47°, ,'V| 552 190; N y = 429 (via linear interpolation). 

Kp = tan 2 (45 + f) = 6.44; = 2.54 

$ r =i y =l+0.1A^!=l + 0.1 (6.44) (jpj = 1.16 

4 = 4 = 1 + 0.1 (f) = 1 + 0.1- VK44 = 1.25 

■■qu = (0.95) (0.5) (190) (1.16) (1.25) + 4(0.95) (0.5) (429) (1.16) (1.25) 
q» = 130.86 + 147.74 = 278.60 t/m 2 

Via Hansen’s equation (for c = 0, and i, b, and g terms = 0): 

q u = qNfyd q + iyBNySydy 

For (f> = 47°, N q = 190; N y = 300 (from Hansen’s calculations). 

s,= 1 + sin 1 + 0.73 = 1.18 

Sy = 1 — 0.4 j = 0.9 

d q = 1+2 tan <f>( 1 — sin (f >) 2 — 

£ 

4= 1 + 2(1.07)(1 - 0.731) 2 = 1.15 

dy 1, tyB / 1 

Hence, 

?..= (0.95) (0.5) (190) (1.15) (1.18) + 4(0.95) (0.5) (300) (0.9) (1) 
q u = 122.47 + 64.13 = 186.6 t/m 2 

Summary of q u (t/m 2 ) values 


Method 

Terzaghi 

Meyerhof 

Hansen 

Measured 

qu 

255.78 

278.6 

186.6 

190 ■ 


The larger q u values obtained via Terzaghi’s and Meyerhofs method is attributed 
to the larger values of N y (see Section 14.9). 
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Example 14.3 -——-—- - - 

Given The result of a full-scale test conducted by H. Muhs in Berlin and reported by 
J. B. Hansen (24). The pertinent data, as reported by Hansen are: Footing 
dimension was L = 2 m; B = 0.5 m ( A — 1 m - ); D T 0.5 m. Dense sand, y — 
0.95 t/m 3 ; c = 0; </> pl = 47°. The 2 m X 0.5 m block was centrally loaded, but 
the load was inclined in the direction of the long side L. At failure the forces 
Q u = V= 108t and H L = 39 1 (q u = Q/A, etc.). 

Find q u via Meyerhofs and Hansen’s equations. (Note that Terzaghi’s equations are 
not applicable for inclined loads.) 


Procedure Via Meyerhof Eq. 14-9 

q u = qNfydfy + \y BN y s y dyiy since c = 0 

For a « tan' 1 ("j = tan" 1 ® = 19.85° 


Kp = tan 2 [ 45 + ^ j - 6.44 


d c = 1 +0.2V^(|) = 
d q = dy = 1 + 0.1 = 1. 


1+0.2V^44 ^ =1.51 

0.5/ 


0.5 


a 


ic iq i 1 90/ l 1 90 


15 

19.85 


= 0.61 


.= 1 


4 > 


vV = ( l -^1^1 =0.33 


47 


1 + 0.2 Kp (j) = 1 + 0.2(2.37) ) = 1.47 


J,= Sy = 1 + 0.1 Ap - 1.24 

N q = 190; N y = 429 (N c is not needed since c = 0) 
q u = (0.5) (0.95) (190) (1.24) (1.15) (0.61) 

+ (0.5) (0.95) (0.5) (429) (1.24) (1.15) (0.33) 
q a = 78.50 + 45.04 = 123.54 t/m 2 


Via Hansen’s equation: 

Where the horizontal force has both a component H s parallel with the short 
sides B, and a component H h parallel with the long sides L of the equivalent 
effective rectangle, Hansen recommends the following formulas: 

q u = — c cot 4> + (? + ccot 4>) + %yN y LSy L iy L by 


or 


q u = —c cot 4> + (q + ccot </>)+ yyNyBSy^iy^by 



416 


Chapter 14 • Bearing Capacity—Shallow Foundations 


According to Hansen, these formulas should be used in the following OF 
the two possibilities for the y term, the upper one should be used when IK* 
Ziy L ; whereas the lower one should be used when Bi /f , = Li^. A check cm Ac 
right choice is that y, g 0.6. Of the two possibilities for the q term, we mmk 
always choose the one giving the smallest numerical value. 

The factors (i.e., depth, shape, inclination) in one direction are (note Am 
// B = 0, in B direction; also see Example 14.2). 

d qB = 1 + 2 tan <j>(\ - sin = 1-15 


dy% — 1 

s q = 1 + sin cj) ^ = 1.18 

tyB ~ i|B = 1 

Hence, Biy B = (0.5) (1) = 0.5; d g& s qR i qB - (1.15) (1.18) (1) = 1.32. 

In the other direction, the factors are: 

d„.= 1 +2tan<Ml -sin^) 2 = ^ 1 + 2(1.07) (1 - 0.731) 2 = l.<>4 

t, L = (1 - 0.7/// V) 5 = (1 - 0.7 X 39/108) 5 = 0.233 
i qL = (1 -0.5/// C) 5 = 0.368 
Li qh = 2(0.368) = 0.74 
Li#, = 2(0.233) = 0.47 < Bi , B = 0.5 

Therefore, use the second q a and the lower y term in the above equation. 

^ = 1 - 0ABiy B /Liy L = 1 - 0.4(0.47)/0.5 = 0.624 
i ?L = 1 T sin 4>(Li qL /B) = 1 + sin 47°(0.74/0.5) = 2.08 
<W,l= (1-04) (2.08) (0.368) = 0.796 

Note, since 

d q BSq&tqR 1.32 r/jj .Sqi 0.796 
use the lower q term in equation. Thus, 
q„ = yDN q d^s^i qL + ^yLN^^iyi. 

q„ = (0.95) (0.5) (190) (1.04) (2.08) (0.368) + K0.95) (2) (300) (1) (0.624) (0.233- 
q u = 71.84 + 41.44 = 113.3 t/m 2 

Hence, q u results are (t/m 2 ) 


Answer 


Method Meyerhof Hansen Measured 

q u (vertical) 123.54 113.3 108 


Note: The measured value for V = 108 and H = 39 1 were used in establishing ai 
otherwise, the value of a would need to be known. 
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14.10 EFFECT OF WATER TABLE ON BEARING CAPACITY 


The soil's unit weight used in the second and third term (the y in Nq and Ny terms) 
of the bearing capacity equations presented in the preceding sections are the 
effective unit weights. Of course, if a dry subsoil becomes saturated with a rising 
of the water table, the unit weight of the submerged soil is reduced to perhaps half 
the weight for that soil of the water table; obviously, we have to account for the 
buoyant effect of the water. A reduction in the unit weight results in a decrease in 
the ultimate bearing capacity of the soil. Indeed, a rise in the water table may result 
in swelling of some fine-grain soils, possible loss of apparent cohesion, a reduction 
of the angle of internal friction and a decrease in the shear strength of the soil. 

Figure 14.12 depicts three cases of water levels. When the water level is at a 
distance of B or below the bottom of the footing, no adjustment in the y value is 
deemed needed; the Ye in the second and third terms of the bearing-capacity 
equations is merely the unit weight of the soil. However, adjustment is recom¬ 
mended when the water level ranges between the ground surface and a distance 
B below the base of the footing, as follows: 


q = 7 A = 7 {D, - + 7b<4 


CASE 1 , 


\ y = soil unit wt. \ 


f 

'— mw 

7 W. T. i 


mw - l 

W. T. 

- 3 T- _ 


1 

) f 

[ t ' f— 

1 ! 

mz rrn 


L _ 

- B ■ 

— t 



7 b 


(a) 



(b) 


CASE III 

y = soil unit wt. 

1 

L 

■—mwi| 

1 

1 

It 

J? 

'm rm 



t -- B- 

" _LV' 

-1 1 

7e = 7 b (l+ ^)»apprax. 
(Typically: O.57 < y b < O.77) 


3t — 5 - 

For water table at depth of B or lower, use 7 in second 
and third terms of bearing capacity equations. 


(c) 

Figure 14.12 Water table above, at, or below the bottom of footing. 
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Water Table Above the Base of the Footing 

Figure 14.12a depicts a case of the water table located between the ground surface 
and base of the footing. This condition is not frequently encountered; where 
practical, designers will circumvent such conditions by relocating the foundation 
to higher elevations since, typically, high water tables create construction problems, 
require dewatering, lower bearing capacity, and so on. However, when this condition 
is encountered, both the second and third terms of the bearing-capacity equations 
are affected by a lower value of 'Y.The second term has an effective Q as indicated 
in Fig. 14.12a; the third term has a 'Yaequal to approximately 'YbFor all practical 
purposes, 'Yhcould be considered as !'Y. Indeed, some practitioners advocate the 
complete elimination of the third term in such an instance for a more conservative 
solution. 


Water at the Base of Footing 

For this case, the 'Yin the second term (N q ) requires no adjusting. The third term 
will be 'Yb(as indicated above, 'Ytis approximately! of ’Y) 


The Water Table Below the Base of Footing 

This case is depicted in Fig. 14.12c. For this case, the second term requires no 
adjusting. The 'Ytfor the third term maybe approximated via the formula submitted 
under Fig. 14.12c. If the water depth, designated as dw, is equal to or larger than 
the footing dimension B, no adjustment is needed for any of the terms. 


14.11 BEARING CAPACITY BASED ON STANDARD PENETRATION TESTS 


The following coverage focuses on some of the curren t-day expressions for determin¬ 
ing the allowable bearing capacity, qa, based on standard penetration tests (SPT). 
SPT tests are described in Chapter 3 and are designated under ASTM D-1586-67. 

Terzaghi and Peck (59) proposed a series of curves for estimating the allowable 
soil pressure for footings on sand on the basis of SPT test data. Although widely 
used for a time after their introduction, subsequent field data have shown these 
curves to be too conservative and, therefore, they are not used to any extent by 
current-day practitioners. 

Meyerhof (42, 46) proposed equations for determining the allowable bearing 
capacity from SPT values for a I-inch (2.54-cm) settlement. Meyerhofs expressions 
are presented in Table 14.4 for both FPS and SI units. Figure 14.13 represents a 
graphical depiction ofthese equations; these curves are similar to those of Terzaghi 
and Peck. 

Bowles (5) makes the observation that, based on additional data, Meyerhofs 
equations are also conservative. Hence, Bowles proposes a modification of Meyer¬ 
hofs equations, reflecting a substantial increase in the allowable bearing capacity 
from SPT data. The adjusted Meyerhof equations as proposed by Bowles are pre¬ 
sented in Table 14.5. 

The author is of the opinion that both Meyerhofs and Bowles' equations are 
most viable and only reliable in formations of sand, silty sand, or mixtures of silt. 
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Figure 14.13 Allowable bearing capacity for surface-loaded footings for 2.54-cm (1- 
in.) settlement, based on Meyerhof’s equations; k A = 1.0. 


Table 14.4 Allowable Bearing Capacity in kN/m 2 (kips/ft 2 ) for Surface-Loaded 
Footings for 2.54-cm (1-in.) Settlement, Based on Meyerhof Equations 

B 


N 

0-4 

6 

8 

10 

12 

14 

16 

5 

60 

54.3 

50.5 

48.3 

46.83 

45.82 

45.06 


(1.25) 

(1.134) 

(1.055) 

(1.008) 

(0.978) 

(0.957) 

(0.941) 

10 

120 

108.6 

101 

96.6 

93.66 

91.64 

90.12 


(2.5) 

(2.268) 

(2.109) 

(2.016) 

(1.956) 

(1.913) 

(1.882) 

15 

180 

162.9 

151.5 

144.8 

140.50 

137.46 

135.18 


(3.75) 

(3.403) 

(3.164) 

(3.024) 

(2.934) 

(2.871) 

(2.823) 

20 

240 

217.2 

202 

193.1 

187.32 

183.28 

180.24 


(5) 

(4.537) 

(4.220) 

(4.032) 

(3.912) 

(3.827) 

(3.764) 

25 

300 

271.5 

252.5 

241.4 

234.15 

229.10 

225.30 


(6.25) 

(5.671) 

(5.275) 

(5.040) 

(4.89) 

(4.785) 

(4.705) 

30 

360 

325.8 

303 

289.7 

281 

274.92 

270.36 


(7-5) 

(6.805) 

(6.328) 

(6.048) 

(5.868) 

(5.742) 

(5.646) 

35 

420 

378.2 

353.5 

338 

327.8 

320.74 

315.42 


(8.75) 

(7.940) 

(7.385) 

(7.056) 

(6.846) 

(6.699) 

(6.587) 
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Table 14.5 Suggested Expressions for q d Based on SPT Values 


Units 


Meyerhof 


Bowles 


For 


FPS 


SI 


N, 

= 4 

n(b+ iV . 

*• 

q* = 12 M, 

0 „ Y £ + 0.305'', , 

?a = 8iVl B - ) b 


- N y 
q>- — k d 


2.5 

(V/£ + 1 N2 


4 \ £ 
= 2 OAT 

q, = 12.5iV 




£+0.305 

B 


£ < 4 ft 

£ > 4 ft 

£< 1.22 m 
£ > 1.22 m 


IVote: ^ = 1 + 0.33 S 1.33 suggested by Meyerhof 
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sand, and fine gravel (say I-inch or less in size). Thus, careful scrutiny should be 
used in establishing a qa from SPT tests in fine-grain soils such as silt and particularly 
clay, since silt and clay may be softened or stiffened with an increase or decrease 
in the moisture content. Correspondingly, the SPT results may vary in the same 
silt or clay formations if the moisture conditions change. The author recalls a 
situation related to a one-story school building that was designed using a qa based 
on a very high blow count (large Nvalues) obtained during a dry season (and low 
water table). The SPT information was used as the sole basis for determining 
qa. Gradually, but cumulatively, over a three-year span from construction, cracks 
exceeding 5 cm (2 in.) developed in some of the masonry walls, and significant 
cracking and heaving occurred in the on-grade concrete slab. A subsequent evalua¬ 
tion revealed a clay stratum vulnerable to significant shrinkage and swelling from 
notable changes in the water content. In the same context, SPT numbers may be 
misleading if the formation should contain large-size gravel. The large-size gravel 
may wedge itself into a split-spoon sampler (remember that the LD. of the sampler 
is Ii in.), thereby resulting in a large, misleading Nvalue. 

Perhaps buoyed by their expediency (SPT testing is done at the time of drilling) 
and relative simplicity, these expressions are widely used and increasing in popular¬ 
ity. Indeed, frequently they are used as the sole basis for determining the design 
bearing capacity of the soil, especially for more ordinary and less important build¬ 
ings. However, they should always be used with discreet judgment and common 
sense, and in conjunction with available data on the strata characteristics whenever 
possible. 


14.12 GENERAL OBSERVATIONS ON q u ond q Q EXPRESSIONS 


By now the student may have noticed a number of phenomena related to the 
development of the ultimate bearing capacity equations: (1) the integrated expres¬ 
sions for q u , such as the general bearing capacity formula, are essentially the culmina- 
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tion and product of theory, experimentation, and some empirical considerations; 
(2) soil properties such as unit weight, cohesion, and angle of internal friction are 
shown to be key ingredients in the qu equations; and (3) footing data such as width, 
depth, shape, and so on, are also accounted for in the q" expressions. 

When judged in the context of the laborious and diligent effort put forth by so 
many in the development of the q" expressions, the results must be regarded as 
indeed impressive and worthy of a great deal of merit. On the other hand, they 
are long and cumbersome, and their use require extensive calculations. Indeed, 
the extensive effort required toward a solution is a notable deterrent to their use 
and is frequently unwarranted when so often the "final" q" values are divided by 
a somewhat arbitrary and not always rational factor of safety in the process of 
obtaining a practical allowable bearing capacity to be used in design (i.e., 
qa = qui F) . 

The expressions based on standard penetration data have particular appeal in 
their simplicity and expediency. This is further enhanced by the fact that qa could 
be determined with relative ease at various and many depths (generally, the split- 
spoon sample is taken at 5.0-ft intervals or at any change in the stratum) and 
laboratory testing costs are virtually eliminated. 

The cost savings realized front eliminating laboratory tests may also be viewed 
as a negative factor since potentially pertinent physical and index properties of the 
soil are thus unknown. Similarly, the footing factors such as shape, depth, and 
inclination are ignored. Also, the reliability of SPT data obtained in vety fine-grain 
soils (clay, silt) or strata containing large gravels is indeed questionable, and, thus, 
so is the use of such qa expressions for such formations. 

Perhaps a most significant limitation to both approaches (for determining q" or 
qa) is that both methodologies are reflective of only shear-strength parameters and 
do not take into account the potential deformation of the soil. That is, particularly 
for clay, consolidation or expansion may indeed be significant and frequently 
governing factors in the foundation design. 


Example 14.4 


Given Footing; 4 ft X 4 ft (1.22 m X 1.22 m); D = 4 ft; N = 12. 
Find via (1) Meyerhof’s, (2) Bowles’ equations. 

Procedure /q = 1 + 0.33 = 1 + 0.33 = 1.33 


FPS Units 


Answer 


Meyerhof q 3 = — k d = — (1.33) = 4 ksf 

Bowles 5a = ITT k A = (1.33) = 6.4 ksf 

2.5 2.5 
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SI Units 


Answer 


Meyerhof q 3 = 12M d = 12(12) (1.33) = 191.5 kN/m 2 
Bowles q 3 = 20M d = 20(12) (1.33) = 319.2 kN/m 2 


Comparison: Bowles’ values are roughly 60% higher than Meyerhof’s. 


Example 14.5 


Given Footing: 6 ft X 6 ft (1.83 m X 1.83 m); D = 4 ft; N = 12. 
Find q 3 via (1) Meyerhof’s and (2) Bowles’ equations. 


Procedure 


k A = 1 + 0.33 



= 1 + 0.33 



1.22 


FPS Units 


Answer 


SI 


Answer 


Comparison: Bowles' values are approximately 60% higher than Meyerhofs. 



Units 



14.13 FOUNDATIONS IN CHALLENGING SOIL 


The bearing capacity expressions for qu and qa, discussed in the preceding sections, 
are based primarily on the strength parameters c/> and c and are suitable for soils 
that fit into a general-shear-failure mode; only a limited adjustment is made for a 
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loose soil (see Section 14.9). These expressions are not suitable for soils prone to 
big volume changes that may ensue from large compression, expansion, or collapse. 
Indeed, in such cases, the governing criteria shift from shear strength to deforma¬ 
tion. Such situations require some special assessment, which subsequently is likely 
to call for some special foundations. At this point, we shall briefly identifY some 
situations that may pose challenging foundation conditions. Methodologies for 
improving difficult soil formations are presented in Chapter 13. 


Highly Compressible Formations 

Figure 14.14a is a schematic diagram intended to illustrate the q - features 
for two different soil strata. Both curves depict a reasonably smooth, continuous 
shape, similar to a typical stress-strain curve, but they show a significant difference 
in the stiffness (e.g., E) of the two strata. Curve A represents a case of a rather 
dense or stiff soil. Curve B illustrates a much more compressible character (e.g., 
smaller E); this is a feature that may be associated with soils from the following 

groups: 

Loose Sands The formation is characterized by grains perched on top of one 
another, inherently unstable, and having a low relative density (e.g.. Dr < 50%). 

Organic Clays These are predominantly organic colloids produced by decaying 
vegetative matter. 

Sensitive Clays They soften upon remolding. 

High-plasticity Clays Typically, they display large shrinkage upon drying and swell¬ 
ing when saturated. 

Uncompacted Fills Generally, these fills settle for a prolonged period, due mostly 
to their own weight and water that causes a breakdown of the soil structure. 


Lowering of Water Table The effect is an increase in the effective stress and 
significant consolidation of cohesive soils. 


Sanitary Landfills They feature organic decomposition, rubbish debris, and bio¬ 
chemical decay. 





Figure 14.14 Examples of formations that may be subject to unusual or large deformation 
due to various factors. 
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Pennafrost Fonnation Surface subsidence occurs as heat, induced by buildings 
or environmental warm-up. melts the frozen surface. 

Subsurface Erosion This represents a condition of water-transported soil front 
under structures (e.g., river scour under bridge foundations). 


Collapsible Formations 

Figure 14.14bis intended to illustrate the typical q - dFIbehavior of a soil formation 
prone to a large and sudden collapse; as shown, the culprit in this case is water, 
but other phenomena may have a similar effect. 

Loess Deposits These, mostly wind-deposited soils, also known as metastable soils, 
are characterized by high-void ratios, low-unit weight, and are reasonably hard and 
incompressible when dry. However, they are subject to sudden and large collapse 
if wetted, as indicated in Fig. 14.14b, or when subjected to dynamic loads, shock 
waves front earthquakes, explosions, and the like. 

Deep-mine Sites Sites underlain with coal, clay, or salt mines may be subject to 
sudden and large subsidence when the formation above such cavities, usually rock, 
shears and collapses. 

Limestone Fonnations Although limestone formations are generally very stable, 
limestone is soluble in acids and may be slowly dissolved by water, resulting in 
crack-type crevasses that gradually enlarge into large cavities known as sinkholes. 

Slopes Failure of slopes (earth slides) may result in sudden and large mass move¬ 
ment. Such movements may affect not only the sliding mass but also adjoining 
formations as a result of changing confining support, changes in the effective stress, 
and so on. 

Water Leakage Sewers, leaking pipes, and drains may develop a piping or un¬ 
dermining conditions in the stratum, thereby posing the danger of a sudden subsi¬ 
dence similar to a deep-mine collapse. 


Expansive Formations 

In Fig. 14.14c, the "rebound" segment of the q - dH curve typifies the behavior 
of compressed soil upon removal of pressure (the average slope of the rebound 
portion is generally about 20-40% of the compression index Cc). Introduction of 
water into expansive soil produces a similar "swell" effect. 

Expansive Clays Some clays (e.g., montmorillonites) swell when saturated. An 
indicator of such potential is its activity. Another test, commonly referred to as a 
free-swell test, consists of placing a sample of clay in a consolidometer, flooding to 
total saturation, and measuring the swell-analogous to a reverse consolidation 
test procedure. 
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Compaction Shales Unlike cementation shale, which is generally stable, compaction 
shales frequently disintegrate upon the removal of a load (e.g., overburden), or 
when exposed to water and air, and subsequently expand as they turn back into 
clay. A free-swell test (or pressure-swell if a "restrictive" load is used), as described 
above, is deemed a reasonable measure of the swell potential of shales. 

Frost-susceptible Soils Water retained in fine-grain soils will form ice-lenses with 
freezing temperatures and thus expand, lift structures, and so on. Cold-storage 
buildings are vulnerable to such effects, even in warm regions. 


Problems 


14.1 


14.2 


14.3 


14.4 


A continuous-wall footing, 1.5 m wide, is supported on a soil whose physical 
properties are as follows: cp = 18°; 'Y = 18.9 kN/ m 3 , c = 22 kN/ trf- The 
water table is 3.2 m below the surface. Determine the ultimate bearing 
capacity by both Eqs. 14-5 and 14-8, assuming the base of the footing to 
be: 

(a) At the surface. 

(b) 1.3 m below the surface. 

A continuous-wall footing, 2 m wide, is placed on a silty sand stratum whose 
physical properties are as follows: c = 19 kN/m 2 : 'Y = 18.3 kN/m’: 'Yb = 
9.5 kN/rm, cp = 15°. The base of the footing is 1.8 m below the surface, 
and the water table is 0.8 m below the surface. Calculate the ultimate bearing 
capacity using Eq. 14-8: 

(a) If the effect of the water table was neglected. 

(b) If the water table was accounted for. 

Using Terzaghi's bearing capacity formula and the bearing capacity factors 
given by Fig. 14.8, determine the ultimate bearing capacity for Problem 
14.1 when the base of the footing is assumed to be: 

(a) At the surface. 

(b) 0.8 m below the surface. 

(c) 1.3 m below the surface. 

(d) 2.0 m below the surface. 

(e) Plot the relationship between qu and D for the four cases. Is there a 
trend? 

Determine the ultimate bearing capacity using Terzaghi's formula and the 
corresponding bearing capacity factors for the data given in Problem 14.2 
when the water table is: 


(a) At the surface. 

(b) 0.8 m below the surface. 

(c) 1.6 m below the surface. 

(d) 2.4 m below the surface. 

(e) 3.2 m below the surface. 

(f) Plot the relationship between qu and the water table depth by plotting 
the results of parts (a)-(e). Is there an apparent trend? 
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14.5 Assuming that the footing in Problem 14.1 is 10 times as long as it is wide, 
determine the ultimate bearing capacity for the conditions given in Problem 

14.1 using Eq. 14-10 and the corresponding bearing capacity factors given 
in Fig. 14.10 when the base of the footing is: 

(a) At the surface. 

(b) 1.3 m below the surface. 

14.6 Determine the ultimate bearing capacity via Eq. 14-10 for the conditions 
given in Problem 14.2, assuming that the ratio of length to width of the 
footing is 10. 

14.7 For the data given in Problem 14.1, determine the ultimate bearing capacity 
of the soil using Eq. 14-10 for a footing whose ratio LIB = 10 if the footing 
is to be placed at 2.5 m below the surface. 

14.8 Determine the ultimate bearing capacity for the conditions given in Problem 

14.2 via Eq. 14-10, assuming a ratio of LIB = 5, if the base of the footing 
is: 

(a) At the surface. 

(b) 1 m below the surface. 

(c) 2 m below the surface. 

(d) 3 m below the surface. 

14.9 Determine the ultimate bearing capacity for the rectangular footing shown 
in Fig. P14.9. (a) Use Terzaghi's equation and the corresponding bearing 
capacity factors given by Fig. 14.8. (b) Use the general bearing capacity 
equation (Eq. 14-10) for the data shown. L = 3.5 m; B = 2 m; D = 2 m; 
Dw= 3 m; y = 18.6 kN/m 1 : c = 12.5 kN/rrf: <p = 24°. 

14.10 Rework Problem 14.9 for the condition where the water table is at the 
surface. 

14.11 Determine the total Q that the footing shown in Fig. P14.9 can support 
with a safety factor of 5 against ultimate failure for the following conditions: 
L = B = 3.0 m; D = 2 m; Dw= 1 m; y = 19.1 MV/m*, c = 14.5 kN/m 3 
<p = 20°. Use the general bearing capacity formula, i.e. Eq. 14-10. 

14.12 Rework Problem 14.11 if the water table reaches the ground surface. 

14.13 Rework Problem 14.9 if Dr is equal to 4 m. 






c, y, <(>, given for various 
conditions in Problems 
14.9 to 14.14 
y b = 9.5 kN/m 3 


Figure P14.9 A spread footing. 
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14.14 Determine the ultimate bearing capacity for the footing shown in Fig. P14.9 

for the following data: L = 3.5 m; B = 2 m; D = 4 m; y = 19.1 kN/m~ 

c = 0; cp = 33°; and the soil is virtually dry. 

14.15 ^ square footing, 3 m X 3 m. rests on a dry sand and gravel stratum with 

the following physical properties: y = 20 kN/ m~ cp — 35°; c = 0. If the 

base of the footing is at 2.5 m below the surface, determine the total load 
the footing could support with a safety factor of 4 via the general bearing- 
capacity equation. 

14 16 The blow count from a standard penetration test in a relatively dense sand 
stratum intermixed with relatively small gravel was 20 blows per 30.5 cm 
taken at an average depth of 2.4 m. In a moist state the unit weight of the 
soil was determined to be 18.6 kN/nir- The water table was approximately 
4 m below the surface. A 2-m X 2.5-rn footing is anticipated to be placed 
at a base depth of 2 m below the surface. Determine: 

(a) The allowable bearing capacity. 

(b) The total load the footing can be expected to support safely for an 
anticipated 2.5-cm settlement. 

14 17 Rework Problem 14.15 if the water table is expected to occasionally reach 
the surface. In that case a submerged unit weight of the soil of 9.1 kN/ m~ 
is to be assumed. The blow count from a standard penetration test in a 
relatively dense sand was 37 blows per 30.5 cm at a depth of 4.8 m. A 
3-m X 3-m footing is anticipated to be placed at a 4.5-m depth. At the time 
of drilling, the water table was determined to be at 4.5 m below the surface. 
The unit weight of the moist soil was 18.7 kN/ mr- Determine the allowable 
bearing capacity for an anticipated 2.5-cm maximum settlement. 

14 18 Plate-load tests were run on two square plates whose sides were 0.305 and 
0.61 m. respectively. The loads were 25 kN for each plate. The observed 
settlements (average) at the comer of the plates were 1.6 and 0.9 cm, 
respectively. The Poisson ratio for the soil was estimated at 0.3. Determine: 

(a) The stress-strain modulus of the soil. 

(b) The expected elastic settlement of a 2-m X 3-m footing subjected to 
a contact pressure comparable to the small plate. 

14 19 F° r the data of Problem 14.18, what might be the elastic settlement at a 
comer of the 2-m X 3-m footing when loaded with a 1500-kN column load, 
based on Eq. 14-11? 
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Appendix A 


Westergaard Stress 
Coefficients 


WESTERGAARD EQUATIONS 


Point Load P 

_ Qp 1 V (1 — 2m)/(2 — 2fl) Q 

1 z 2 277 {(1 - 2 m )/(2 - 2 n ) + ( r / z ) 2 } 3 ' 2 z 2 w 


Line Load q 
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Table A.1 Single Concentrated (Point) Load for p, = 0 Values of 
A w for Various r/z Ratios for Use in the Westergaard Equation 

a z = (Q/z 2 )A„ 


r,'z 

A w 

r/z 


r/z 

■ 4 . 

rtz 

A w 

0.00 

0.31832 

2.45 

0.00679 


0.00093 

7.35 

0.00028 

0.05 

0.31595 

2.50 

0.00642 

4.95 

0.00090 

7.40 

0.00027 

0.10 

0.30900 

2.55 

0.00607 


0.00087 

7.45 

0.00027 

0.15 

0.29798 

2.60 

0.00575 

5.05 

0.00085 

7.50 

0.00026 

0.20 

0.28361 

2.65 

0.00546 


0.00082 

7.55 

0.00026 

0.25 

0.26677 

2.70 

0.00518 

5.15 

0.00080 

7.60 

0.00025 

0.30 

0.24834 

2.75 

0.00492 

5.20 

0.00078 

7.65 

0.00025 

0.35 

0.22914 

2.80 

0.00467 

5.25 

0.00076 

7.70 

0.00024 

0.40 

0,20990 

2.85 

0.00445 

5.30 

0.00074 

7.75 

0.00024 

0.45 

0.19114 

2.90 

0.00423 

5.35 

0.00072 

7.80 

0.00023 

0.50 

0.17327 

2.95 

0.00403 

5.40 

0.00070 

7.85 

0.00023 

0.55 

0.15655 

3.00 

0.00384 

5.45 

0.00068 

7.90 

0.00023 

0.60 

0.14111 

3.05 

0.00367 

5.50 

0.00066 

7.95 

0.00022 

065 

0.12702 

3 10 

0.00350 

5.55 

0.00064 

8.00 

0.00022 

0.70 

0.11425 

3.15 

0.00335 

5.60 

0.00063 

8.05 

0.00021 

0.75 

0.10276 

3.20 

0.00320 

5.65 

0.00061 

8.10 

0.00021 

0.80 

0.09246 

3.25 

0.00306 

5.70 

0.00059 

8.15 

0.00021 

0.85 

0.08326 

3.30 

0.00293 

5.75 

0.00058 

8.20 

0.00020 

0.90 

0.07506 

3.35 

0.00280 

5.80 

000056 

8.25 

0.00020 

0.95 

0.06776 

3.40 

0.00269 

5.85 

0.00055 

8.30 

0 00019 

1.00 

0.06126 

3.45 

0.00258 

5.90 

0.00054 

8.35 

0.00019 

1.05 

0.05548 

3.50 

0.00247 

5.95 

0.00052 

8.40 

0 00019 

1.10 

0.05033 

3.55 

0.00237 


0.00051 

8.45 

0.00018 

1.15 

0.04574 

3.60 

0.00228 


0.00050 

8.50 

0.00018 

1.20 

0.04165 

3.65 

0.00219 

6.10 

0.00049 

8.55 

0.00018 

1.25 

0.03800 

3.70 

0.00211 

6.15 

0.00047 

8.60 

0.00018 

1.30 

0.03473 

3.75 

0.00203 

6.20 

0,00046 

8.65 

0.00017 

1.35 

0.03180 

3.80 

0.00195 

6.25 

0.00045 

8.70 

0.00017 

1.40 

0.02917 

3.85 

0.00188 

6.30 

0.00044 

8.75 

0.00017 

1.45 

0.02681 

3.90 

0.00181 

6.35 

0.00043 

8.80 

0.00016 

1.50 

0.02468 

3.95 

0.00174 

6.40 

0.00042 

8.85 

0.00016 

1.55 

0.02276 

4.00 

0.00168 

6.45 

0.00041 

8.90 

0.00016 

1.60 

0.02103 

4.05 

0.00162 

6.50 

0.00040 

8.95 

0.00016 

1.65 

0.01946 

4.10 

0.00156 

6.55 

0.00039 

9.00 

0.00015 

1.70 

0.01803 

4.15 

0.00151 


0,00038 

9.05 

0.00015 

1.75 

0.01674 

4.20 

0.00146 

6.65 

0.00038 

9.10 

0,00015 

1.80 

0.01556 

4.25 

0.00141 

6.70 

0.00037 

9 15 

0.00015 

1.85 

0.01449 

4.30 

0.00136 

6.75 

0.00036 

9.20 

0.00014 

1.90 

0.01351 

4.35 

0.00132 

6.80 

0.00035 

9.25 

0.00014 

1 95 

0.01261 

4.40 

0.00127 

6.85 

0.00034 

9.30 

0.00014 

2.00 

0.01179 

4.45 

0.00123 

6.90 

0.00034 

9.35 

0.00014 

2.05 

0.01104 

4.50 

0.00119 

6.95 

0.00033 

9.40 

0.00013 

2.10 

0.01035 

4.55 

0.00115 


0.00032 

9.45 

0.00013 

2.15 

0.00971 

4.60 

0.00112 


0.00032 

9.50 

0.00013 

2.20 

0.00912 

4.65 

0.00108 

7.10 

0.00031 

9.60 

0,00013 

2.25 

0.00858 

4.70 

0.00105 

7.15 

0.00030 

9.70 

0.00012 

2.30 

0.00808 

4.75 

0.00102 

7.20 

0.00030 

9.80 

0.00012 

2.35 

0.00762 

4.80 

0.00099 

7.25 

0.00029 

9.90 

0.00012 

2.40 

0.00719 

4.85 

0.00096 

7.30 

0.00029 

10.00 

0.00011 
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Table A.2 Single Concentrated (Point) Load for jj. — 0.20 Values 
of A v for Various r/z Ratios for Use in the Westergaard Equation 





<r z = 

(QA 2 M„ 

r 



r/z 

A w 

rjz 

A w 

r/z 

A w 

rjz 

A w 

0.00 

0.42443 

2.45 

0.00605 

4.90 

0.00081 

7.35 

0.00024 

0.05 

0.42002 

2 . 50 - 

0.00572 

4.95 

0.00079 

7.40 

0.00024 

0.10 

0.40800 

2.55 

0.00540 

5.00 

0.00076 

7.45 

0.00023 

0.15 

0.38890 

2.60 

0 . 00511 

5.05 

0.00074 

7.50 

0.00023 

0.20 

0.36457 

2.65 

0.00484 

5.10 

0.00072 

7.55 

0.00022 

0.25 

0.33681 

2.70 

0,00459 

5.15 

0.00070 

7.60 

0.00022 

0.30 

0.30738 

2.75 

0.00436 

5.20 

0.00068 

7.65 

0.00022 

0.35 

0.27775 

2.80 

0.00414 

5.25 

0.00066 

7.70 

0.00021 

0.40 

0.24907 

2.85 

0.00394 

5.30 

0.00064 

7.75 

0.00021 

0.45 

0.22209 

2.90 

0.00374 

5.35 

0.00062 

7.80 

0.00020 

0.50 

0.19726 

2.95 

0.00356 

5.40 

0.00061 

7.85 

0.00020 

0.55 

0.17478 

3.00 

0.00340 

5.45 

0.00059 

7.90 

0.00020 

0.60 

0.15467 

3.05 

0.00324 

5.50 

0.00058 

7.95 

0.00019 

0.65 

0.13685 

3.10 

0.00309 

5.55 

0.00056 

8.00 

0.00019 

0.70 

0.12115 

3.15 

0.00295 

5.60 

0.00055 

8.05 

0.00019 

0.75 

0.10737 

3.20 

0.00282 

5.65 

0.00053 

8.10 

0.00018 

0.80 

0.09531 

3.25 

0.00269 

5.70 

0.00052 

8.15 

0.00018 

0.85 

0.08477 

3.30 

0.00258 

5.75 

0.00050 

8.20 

0.00018 

0.90 

0.07556 

3.35 

0.00247 

5.80 

0.00049 

8.25 

0.00017 

0.95 

0.06750 

3.40 

0.00236 

5.85 

0.00048 

8.30 

0.00017 

1.00 

006045 

3.45 

0.00227 

5.90 

0.00047 

8.35 

0.00017 

1.05 

0.05427 

3.50 

0.00217 

5.95 

0.00046 

8.40 

0.00016 

1.10 

0.04884 

3.55 

0.00209 

6.00 

0.00044 

8.45 

0.00016 

1.15 

0.04407 

3.60 

0.00200 

6.05 

0.00043 

8.50 

0.00016 

1.20 

0.03986 

3.65 

0.00192 

6.10 

0.00042 

8.55 

0.00015 

1.25 

0.03614 

3.70 

0.00185 

6.15 

0.00041 

8.60 

0.00015 

1.30 

0.03285 

3.75 

0.00178 

6.20 

0.00040 

8.65 

0.00015 

1.35 

0.02992 

3.80 

0.00171 

6.25 

0.00039 

8.70 

0.00015 

1.40 

0.02732 

3.85 

0.00165 

6.30 

0.00038 

8.75 

0.00014 

1.45 

0.02500 

3.90 

0.00158 

6.35 

0.00038 

8.80 

0.00014 

1.50 

0.02292 

3.95 

0.00153 

6.40 

0.00037 

8.85 

0.00014 

1.55 

0.02106 

4.00 

0.00147 

6.45 

0.00036 

8.90 

0.00014 

1.60 

0.01935 

4.05 

0.00142 

6.50 

0.00035 

8.95 

0.00014 

1.65 

0.01788 

4.10 

0.00137 

6.55 

0.00034 

9.00 

0.00013 

1.70 

0.01652 

4.15 

0.00132 

6.60 

0.00033 

9.05 

0.00013 

1.75 

0.01529 

4.20 

0.00127 

6.65 

0.00033 

9.10 

0.00013 

1.80 

0.01418 

4.25 

0.00123 

6.70 

0.00032 

9.15 

0.00013 

1.85 

0.01317 

4.30 

0.00119 

6.75 

0.00031 

9.20 

0.00013 

1.90 

0.01225 

4.35 

0.00115 

6.80 

0.00031 

9.25 

0.00012 

1.95 

0.01142 

4.40 

0.00111 

6.85 

0.00030 

9.30 

0.00012 

2.00 

0.01065 

4.45 

0.00108 

6.90 

0.00029 

9.35 

0.00012 

2.05 

0.00995 

4.50 

0.00104 

6.95 

0.00029 

9.40 

0.00012 

2.10 

0.00931 

4.55 

0.00101 

7.00 

0.00028 

9.45 

0.00011 

2.15 

0.00873 

4.60 

0.00098 

7.05 

0.00028 

9.50 

0.00011 

2.20 

0.00818 

4.65 

0.00094 

7.10 

0.00027 

9.60 

0.00011 

2.25 

0.00769 

4.70 

0.00092 

7.15 

0.00026 

9.70 

0.00011 

2.30 

0.00723 

4.75 

0.00089 

7.20 

0.00026 

9.80 

0.00010 

2.35 

0.00681 

4.80 

0.00086 

7.25 

0.00025 

9.90 

0.00010 

2.40 

0.00641 

4.85 

0.00083 

7.30 

0.00025 

10.00 

0,00010 
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Table A.3 Single Concentrated (Point) Load for p. = 0.40 Values 
of Ay, for Various r/z Ratios for Use in the Westergaard Equation 

= (Q/z 2 )A„ 


r/z 

A w 

r/z 

4 . 

r/z 

A w 

r/z 

A w 

0.00 

0.95496 

2.45 

0.00424 

4.90 

0.00055 

7.35 

0.00016 

0.05 

0.93387 

2.50 

0.00400 

4.95 

0.00053 

7.40 

0.00016 

0.10 

0.87503 

2.55 

0.00377 

5.00 

0.00051 

7.45 

0.00016 

0.15 

0.78975 

2.60 

0.00356 

5.05 

0.00050 

7.50 

0.00015 

0.20 

0.69159 

2.65 

0.00337 

5.10 

0.00049 

7.55 

0.00015 

0.25 

0.59228 

2.70 

0.00319 

5.15 

0.00047 

7.60 

0.00015 

0.30 

0.49969 

2.75 

0.00302 

5.20 

0.00046 

7.65 

0.00014 

0.35 

0.41786 

2.80 

0.00287 

5.25 

0.00045 

7.70 

0.00014 

0.40 

0.34802 

2.85 

0.00272 

5.30 

0.00043 

7.75 

0.00014 

0.45 

0.28968 

2.90 

0.00259 

5.35 

0.00042 

7.80 

0.00014 

0.50 

0.24159 

2.95 

0.00246 

5.40 

0.00041 

7.85 

0.00013 

0.55 

0.20219 

3.00 

0.00234 

5.45 

0.00040 

7.90 

0 00013 

0.60 

0.17000 

3.05 

0.00223 

5.50 

0.00039 

7.95 

0.00013 

0.65 

0.14368 

3.10 

0.00211 

5.55 

0.00038 

8.00 

0.00013 

0.70 

0.12211 

3.15 

0.00203 

5.60 

0.00037 

8.05 

0,00012 

0.75 

0.10436 

3.20 

0.00194 

5.65 

0.00036 

8.10 

0.00012 

0.80 

0.08968 

3.25 

0.00185 

5.70 

0.00035 

8.15 

0.00012 

0.85 

0.07750 

3.30 

0.00177 

5.75 

0.00034 

8.20 

0.00012 

0.90 

0.06732 

3.35 

0.00169 

5.80 

0.00033 

8.25 

0.00012 

0.95 

0.05877 

3.40 

0.00162 

5.85 

0.00032 

8.30 

0.00011 

1.00 

0.05156 

3.45 

0.00155 

5.90 

0.00031 

8.35 

0.00011 

1.05 

0.04544 

3.50 

0.00149 

5.95 

0.00031 

8.40 

0.00011 

1.10 

0.04023 

3.55 

0.00142 

6.00 

0.00030 

8.45 

0.00011 

1.15 

0.03576 

3.60 

0.00137 

6.05 

0.00029 

8.50 

0.00011 

1.20 

0.03191 

3.65 

0.00131 

6.10 

0.00028 

8.55 

0.00010 

1.25 

0.02858 

3.70 

0.00126 

6.15 

0.00028 

8.60 

0.00010 

1.30 

0.02568 

3.75 

0.00121 

6.20 

0.00027 

8.65 

0.00010 

1.35 

0.02316 

3.80 

0.00116 

6.25 

0.00026 

8.70 

0.00010 

1.40 

0.02095 

3.85 

0.00112 

6.30 

0.00026 

8.75 

0.00010 

1.45 

0.01901 

3.90 

0.00108 

6.35 

0.00025 

8.80 

0.00010 

1.50 

0.01730 

3.95 

0.00104 

6.40 

0.00025 

8.85 

0.00009 

1.55 

0.01578 

4.00 

0.00100 

6.45 

0.00024 

8.90 

0.00009 

1.60 

0.01443 

4.05 

0.00096 

6.50 

0.00024 

8.95 

0 00009 

1 65 

0.01323 

4.10 

0.00093 

6.55 

0.00023 

9.00 

0.00009 

1.70 

0.01216 

4.15 

0.00090 

6.60 

0.00022 

9.05 

0,00009 

1.75 

0.01120 

4.20 

0.00086 

6.65 

0.00022 

9.10 

0,00009 

1.80 

0.01033 

4.25 

0.00083 

6.70 

0.00021 

9.15 

0.00008 

1.85 

0.00956 

4.30 

0.00081 

6.75 

0.00021 

9.20 

0.00008 

1.90 

0.00885 

4.35 

0.00078 

6.80 

0.00021 

9.25 

0.00008 

1.95 

0.00322 

4.40 

0.00075 

6.85 

0.00020 

9.30 

0.00008 

2.00 

0.00764 

4.45 

0.00073 

6.90 

0.00020 

9.35 

0.00008 

2.05 

0.00712 

4.50 

0.00070 

6.95 

0.00019 

9.40 

000008 

2.10 

0.00664 

4.55 

0.00068 

7.00 

0.00019 

9.45 

0.00008 

2.15 

0.00620 

4.60 

0.00066 

7.05 

0.00018 

9.50 

0.00008 

2.20 

0.00580 

4.65 

0.00064 

7.10 

0.00018 

9.60 

0.00007 

2.25 

0.00543 

4.70 

0.00062 

7.15 

0.00013 

9.70 

0.00007 

2.30 

0.00510 

4.75 

0.00060 

7.20 

0.00017 

9.80 

0.00007 

2.35 

0.00479 

4.80 

0.00058 

7.25 

0.00017 

9.90 

0.00007 

2.40 

0.00450 

4.85 

0.00056 

7.30 

0.00017 

10.00 

0.00006 
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Table AA Influence Values Po for Case of Line Load of Finite Length 

Uniformly Loaded 



0.1 

0.2 

0.3 

0.4 

0.5 

0.6 

0.7 

0.8 

0.9 

1.0 

1.2 

0.0 

0.03152 

0.06126 

0.08791 

0.11082 

0.12995 

0.14563 

0.15835 

0.16865 

0.17699 

0.18378 

0.19392 

0.1 

0.03060 

0.05951 

0.08546 

0.10783 

0.12656 

0.14195 

0.15447 

0.16462 

0.17286 

0.17958 

0.18963 

0.2 

0.02810 

0.05473 

0.07877 

0.09964 

0.11724 

0.13181 

0.14374 

0.15348 

0.16143 

0.16794 

0.17773 

0.3 

0.02463 

0.04806 

0.06939 

0.08810 

0.10406 

0.11742 

0.12848 

0.13759 

0.14509 

0.15127 

0.16065 

0.4 

0.020830.040760.059070.075320.089370.10130 


0.11130 

0.11964 

0.12657 

0.13235 

0.14120 

0.5 

0.01721 

0.03376 

0.04921 

0.06292 

0.07503 

0.08545 

0.09433 

0.10182 

0.10812 

0.11343 

0.12168 

0.6 

0.01403 

0.02759 

0.04028 

0.05183 

0.06210 

0.07109 

0.07884 

0.08548 

0.09114 

0.09595 

0.10364 

0.7 

0.01137 

0.02240 

0.03282 

0.04240 

0.05104 

0.05870 

0.06541 

0.07123 

0.07626 

0.08058 

0.08751 

0.8 

0.00921 

0.01818 

0.02670 

0.03463 

0.04187 

0.04836 

0.05413 

0.05919 

0.06362 

0.06748 

0.07375 

0.9 

0.00748 

0.01479 

0.02178 

0.02834 

0.03439 

0.03989 

0.04482 

0.04922 

0.05310 

0.05652 

0.06217 

1.0 

0.00611 

0.01209 

0.01785 

0.02329 

0.02836 

0.03301 

0.03723 

0.04103 

0.04442 

0.04745 

0.05251 

1.2 

0.00415 

0.00825 

0.01221 

0.01601 

0.01960 

0.02295 

0.02605 

0.02889 

0.03148 

0.03383 

0.03786 

1.4 

0.00291 

0.00579 

0.00859 

0.01131 

0.01389 

0.01635 

0.01864 

0.02079 

0.02277 

0.02459 

0.02780 

1.6 

0.00210 

0.00418 

0.00622 

0.00820 

0.01011 

0.01193 

0.01366 

0.01530 

0.01683 

0.01825 

0.02080 

1.8 

0.00155 

0.00310 

0.00461 

0.00609 

0.00753 

0.00892 

0.01024 

0.01150 

0.01270 

0.01382 

0.01587 

2.0 

0.00118 

0.00235 

0.00350 

0.00463 

0.00573 

0.00681 

0.00784 

0.00882 

0.00977 

0.01066 

0.01231 

2.5 

0.00064 

0.00128 

0.00191 

0.00254 

0.00315 

0.00375 

0.00434 

0.00491 

0.00546 

0.00599 

0.00699 

3.0 

0.00038 

0.00077 

0.00115 

0.00152 

0.00190 

0.00226 

0.00262 

0.00298 

0.00332 

0.00366 

0.00430 

4.0 

0.00017 

0.00034 

0.00050 

0.00067 

0.00083 

0.00100 

0.00116 

0.00132 

0.00148 

0.00163 

0.00193 

5.0 

0.00009 

0.000 17 

0.00026 

0.00035 

0.00043 

0.00052 

0.00061 

0.00069 

0.00077 

0.00086 

0.00102 

6.0 

0.00005 

0.00010 

0.00015 

0.00020 

0.00025 

0.00030 

0.00035 

0.00040 

0.00045 

0.00050 

0.00060 

8.0 

0.00002 

0.00004 

0.00007 

0.00009 

0.00011 

0.00013 

0.00015 

0.00017 

0.00019 

0.00022 

0.00026 

10.0 

0.00001 

0.00002 

0.00003 

0.00004 

0.00006 

0.00007 

0.00008 

0.00009 

0.00010 

0.00011 

0.00013 
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Table A.4 ( Continued ) Influence Values P„ for Case of Line Load of Finite Length 

Uniformly Loaded 


m 

1.4 

1.6 

1.8 

2.0 

2.5 

n 

3.0 

4.0 

5.0 

6.0 

8.0 

10.0 


0.0 

0.20091 

0.20587 

0.20950 

0.21221 

0.21658 

0.21908 

0.22164 

0.22286 

0.22353 

0.22421 

0.22452 

0.22508 

0.1 

0.19657 

0.20151 

0.20511 

0.20782 

0.21218 

0.21467 

0.21723 

0.21845 

0.21912 

0.21979 

0.22011 

0.22057 

0.2 

0.18453 

0.18939 

0.19295 

0.19562 

0.19995 

0.20242 

0.20498 

0.20619 

0.20686 

0.20753 

0.20785 

0.20841 

0.3 

0.16723 

0.17196 

0.17544 

0.17806 

0.18233 

0.18478 

0.18732 

0.18853 

0.18920 

0.18987 

0.19019 

0.19075 

0.4 

0.14748 

0.15204 

0.15542 

0.15798 

0.16217 

0.16459 

0.16710 

0.16831 

0.16897 

0.16964 

0.16996 

0.17052 

0.5 

0.12761 

0.13196 

0.13522 

0.13770 

0.14179 

0.14417 

0.14666 

0.14785 

0.14851 

0.14918 

0.14949 

0.15005 

0.6 

0.10910 

0.11322 

0.11633 

0.11872 

0.12269 

0.12502 

0.12748 

0.12867 

0.12932 

0.12999 

0.13030 

0.13086 

0.7 

0.09266 

0.09653 

0.09949 

0.10173 

0.10562 

0.10790 

0.11032 

0.11149 

0.11215 

0.11281 

0.11312 

0.11363 

0.8 

0.07850 

0.08211 

0.08491 

0.08709 

0.09079 

0.09300 

0.09538 

0.09654 

0.09719 

0.09785 

0.09816 

0.09872 

0.9 

0.06651 

0.06987 

0.07249 

0.07256 

0.07811 

0.08026 

0.08259 

0.08374 

0.08439 

0.08504 

0.08535 

0.08591 

1.0 

0.05047 

0.05959 

0.06203 

0.06398 

0.06736 

0.06946 

0.07174 

0.07287 

0.07351 

0.07416 

0.07447 

0.07503 

1.2 

0.04112 

0.04375 

0.04583 

0.04760 

0.05068 

0.05262 

0.05478 

0.05588 

0.05651 

0.05715 

0.05745 

0.05801 

1.4 

0.03046 

0.03267 

0.03449 

0.03600 

0.03875 

0.04054 

0.04259 

0.04365 

0.04426 

0.04489 

0.04520 

0.04575 

1.6 

0.02298 

0.02482 

0.02637 

0.02768 

0.03013 

0.03177 

0.03370 

0.03471 

0.03531 

0.03593 

0.03623 

0.03678 

1.8 

0.01765 

0.01918 

0.02050 

0.02163 

0.02380 

0.02529 

0.02709 

0.02806 

0.02864 

0.02925 

0.02954 

0.03009 

2.0 

0.01378 

0.01506 

0.01618 

0.01716 

0.01907 

0.02042 

0.02209 

0.02302 

0.02358 

0.02417 

0.02446 

0.02501 

2.5 

0.00791 

0.00874 

0.00949 

0.01017 

0.01156 

0.01260 

0.01398 

0.01479 

0.01530 

0.01586 

0.01614 

0.01667 

3.0 

0.00490 

0.00546 

0.00597 

0.00645 

0.00746 

0.00826 

0.00938 

0.01008 

0.01054 

0.01105 

0.01132 

0.01185 

4.0 

0.00222 

0.00250 

0.00276 

0.00301 

0.00357 

0.00405 

0.00479 

0.00529 

0.00565 

0.00608 

0.00632 

0.00682 

5.0 

0.00118 

0.00138 

0.00148 

0.00163 

0.00196 

0.00225 

0.00274 

0.00311 

0.00338 

0.00373 

0.00394 

0.00441 

6.0 

0.00070 

0.00079 

0.00088 

0.00097 

0.00118 

0.00137 

0.00170 

0.00197 

0.00217 

0.00246 

0.00264 

0.00308 

8.0 

0.00030 

0.00034 

0.00038 

0.00042 

0.00052 

0.00061 

0.00078 

0.00092 

0.00104 

0.00123 

0.00136 

0.00174 

10.0 

0.00015 

0.00018 

0.00020 

0.00022 

0.00027 

0.00032 

0.00041 

0.00050 

0.00058 

0.00070 

0.00079 

0.00112 
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Table A.5 Influence Values f(m, n) for Case of Rectangular Area Uniformly Loaded 
[Westergaard Solution, a t = qf(m, n) ] 


m 

0.1 

0.2 

0.3 

0.4 

n 

0.5 

0.6 

0.7 

0.8 

0.9 

1.0 

1.2 

0.1 

0.00312 

0.00607 

0.00871 

0.01098 

0.01288 

0.01444 

0.01570 

0.01673 

0.01756 

0.01824 

0.01925 

0.2 

0.00607 

0.01180 

0.01695 

0.02139 

0.02511 

0.02817 

0.03066 

0.03269 

0.03433 

0.03567 

0.03767 

0.3 

0.00871 

0.01695 

0.02437 

0.03080 

0.03620 

0.04066 

0.04430 

0.04727 

0.04968 

0.05166 

0.05462 

0.4 

0.01098 

0.02139 

0.03083 

0.03897 

0.04588 

0.05160 

0.05630 

0.06014 

0.06327 

0.06584 

0.06972 

0.5 

0.01288 

0.02511 

0.03620 

0.04588 

0.05409 

0.06093 

0.06657 

0.07120 

0.07500 

0.07813 

0.08286 

0.6 

0.01444 

0.02817 

0.04066 

0.05160 

0.06093 

0.06874 

0.07521 

0.08055 

0.08495 

0.08858 

0.09410 

0.7 

0.01570 

0.03066 

0.04430 

0.05630 

0.06657 

0.07521 

0.08241 

0.08837 

0.09330 

0.09739 

0.10364 

0.8 

0.01673 

0.03269 

0.04727 

0.06014 

0.07120 

0.08055 

0.08837 

0.09487 

0.10027 

0.10477 

0.11168 

0.9 

0.01756 

0.03433 

0.04968 

0.06327 

0.07500 

0.08495 

0.09330 

0.10027 

0.10609 

0.11096 

0.11846 

1.0 

0.01824 

0.03567 

0.05166 

0.06584 

0.07813 

0.08858 

0.09739 

0.10477 

0.11006 

0.11614 

0.12418 

1.2 

0.01925 

0.03767 

0.05462 

0.06972 

0.08286 

0.09410 

0.10364 

0.11168 

0.11846 

0.12418 

0.13313 

1.4 

0.01995 

0.03906 

0.05668 

0.07242 

0.08617 

0.09799 

0.10806 

0.11660 

0.12383 

0.12996 

0.13963 

1.6 

0.02044 

0.04004 

0.05815 

0.07431 

0.08854 

0.10079 

0.11126 

0.12017 

0.12775 

0.13421 

0.14445 

1.8 

0.02080 

0.04076 

0.05921 

0.07577 

0.09029 

0.10258 

0.11363 

0.12283 

0 . 13068 

0.13739 

0.14809 

2.0 

0.02107 

0.04130 

0.06002 

0.07683 

0.09161 

0.10441 

0.11542 

0.12484 

0.13291 

0.13982 

0.15089 

2.5 

0.02151 

0.04217 

0.06132 

0.07856 

0.09375 

0.10696 

0.11835 

0.12816 

0.13658 

0.14384 

0.15555 

3.0 

0.02176 

0.04267 

0.06206 

0.07954 

0.09497 

0.10842 

0.12005 

0.13007 

0.13872 

0.14619 

0.15830 

4.0 

0.02202 

0.04318 

0.06283 

0.08056 

0.09624 

0.10994 

0.12181 

0.13207 

0.14096 

0.14866 

0.16122 

5.0 

0.02214 

0.04345 

0.06320 

0.08105 

0.09685 

0.11066 

0.12265 

0.13303 

0.14203 

0.14985 

0.16263 

6.0 

0.02221 

0.04356 

0.06310 

0.08132 

0.09718 

0.11106 

0.12312 

0.13357 

0.14263 

0.15051 

0.16341 

8.0 

0.02227 

0.04370 

0.06360 

0.08158 

0.09752 

0.11146 

0.12359 

0.13410 

0.14323 

0.15117 

0.16421 

10.0 

0.02230 

0.04376 

0.06369 

0.08171 

0.09768 

0.11165 

0.12380 

0.13435 

0.14351 

0.15148 

0.16459 

00 

0.02236 

0.04387 

0.06386 

0.08193 

0.09796 

0.11199 

0.12420 

0.13480 

0.14401 

0.15204 

0.16525 
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Table A.5 ( Continued) Influence Values f(m, n) for Case of Rectangular Area Uniformly 
Loaded [Westergaard Solution, <x, = qf(m, n) ] 

n 

m 14 1.6 1.8 2.0 2.5 3.0 4.0 5.0 6.0 8.0 10 0 oo 

0.1 0.01995 0.02044 0.02080 0.02107 0.02151 0.02176 0.02207 0.02214 0.02221 0.02227 0.02230 0.02236 

0.2 0.03906 0.04004 0.04076 0.04130 0.04217 0.04267 0.04318 0.04343 0.04356 0.04370 0.04376 0.04387 

0.3 0.05668 0.05814 0.05921 0.06002 0.06132 0.06206 0.06283 0.06320 0.06340 0.06360 0.06369 0.06386 

0.4 0.07242 0.07434 0.07577 0.07683 0.07856 0.07954 0.08056 0.08105 0.08132 0.08158 0.08171 0.08193 

0.5 0.08617 0.08854 0.09029 0.09161 0.09375 0.09497 0.09624 0.09685 0.09718 0.09752 0.09768 0.09796 

0.6 0.09799 0.10079 0.10285 0.10441 0.10696 0.10842 0.10994 0.1)066 0.11106 0.11146 0.11165 0.11199 

0.7 0.10806 0.11127 0.11363 0.11542 0.11835 0.12005 0.12184 0.12265 0.12312 0.12359 0.12380 0.12420 

0.8 0.11660 0.12017 0.12283 0.12484 0.12816 0.13007 0.13207 0.13303 0.13357 0.13410 0.13435 0.13480 

0.9 0.12383 0.12775 0.13068 0.13291 0.13658 0.13872 0.14096 0.14203 0.14263 0.14323 0.14351 0.14401 

1.0 0.12996 0.13421 0.13739 0.13982 0.14384 0.14619 0.14866 0.14905 0.15051 0.15117 0.15148 0.15204 

1.2 0.13963 0.14445 0.14809 0.15089 0.15555 0.15830 0.16122 0.16263 0.16341 0.16421 0.16458 0.16525 

1.4 0.14672 0.15203 0.15606 0.15918 0.16443 0.16755 0.17089 0.17252 0.17343 0.17435 0.17478 0.17556 

1.6 0.15203 0.15773 0.16210 0.16550 0.17127 0.17474 0.17847 0.18031 0.18134 0.18239 0.18288 0.18377 

1.8 0.15606 0.16210 0.16676 0.17040 0.17663 0.18041 0.18452 0.18655 0.18770 0.18887 0.18942 0.19043 

2.0 0.15918 0.16550 0.17040 0.17426 0.18090 0.18496 0.18941 0.19164 0.19290 0.19419 0.19480 0.19591 

2.5 0.16443 0.17127 0.17663 0.18090 0.18836 0.19302 0.19823 0.20089 0.20242 0.20400 0.20475 0.20613 

3.0 0.16755 0.17474 0.18041 0.18496 0.19302 0.19813 0.20397 0.20701 0.20877 0.21062 0.21151 0.21316 

4.0 0.17089 0.17847 0.18452 0.18941 0.19823 0.20397 0.21072 0.21436 0.21653 0.21885 0.21999 0.22215 

5.0 0.17252 0.18031 0.18655 0.19164 0.20089 0.20701 0.21436 0.21843 0.22001 0.22363 0.22499 0.22764 

6.0 0.17343 0.18134 0.18770 0.19290 0.20242 0.20877 0.21653 0.22091 0.22863 0.22666 0.22822 0.23133 

8.0 0.17435 0.18239 0.18887 0.19419 0.20400 0.21062 0.21885 0.22863 0.22666 0.23017 0.23208 0.23597 

10.0 0.17478 0.18288 0.18942 0.19480 0.20475 0.21151 0.21999 0.22499 0.22822 0.23203 0.23412 0.23876 

oo 0.17556 0.18377 0.19043 0.19591 0.20613 0.21316 0.22215 0.22764 0.23133 0.23597 0.23876 0.25000 
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Table A.6 Influence Values W 0 for Case of 
Circular Area Uniformly Loaded 
(Westergaard Solution, o\ = qW 0 ) 


rlt 

H'o 

rfr 

H'o 

'/: 

‘C 

0.00 

0.00000 

0.50 

0.18351 

1.00 

0.42265 

0.01 

0.00010 

0.51 

0.18895 

1.01 

0.42648 

0.02 

0.00040 

0.52 

0.19439 

1.02 

0.43027 

0.03 

0.00090 

0.53 

0.19982 

1.03 

0.43403 

0.04 

0.00160 

0.54 

0.20525 

1.04 

0.43774 

0.05 

0.00249 

0.55 

0.21067 

1.05 

0.44142 

0.06 

0.00358 

0.56 

0.21607 

1.06 

0.44506 

0.07 

0.00486 

0.57 

0.22146 

1.07 

0.44867 

0.08 

0.00634 

0.58 

0.22683 

1.08 

0.45223 

0.09 

0.00800 

0.59 

0.23218 

1.09 

0.45577 

0.10 

0.00985 

0.60 

0.23751 

1.10 

0.45926 

0.11 

0.01188 

0.61 

0.24282 

111 

0.46272 

0.12 

0.01410 

0.62 

0.24810 

1.12 

0,46615 

0.13 

0.01648 

0.63 

0.25336 

1.13 

0.46954 

0.14 

0.01904 

0.64 

0.25859 

1.14 

0.47290 

0.15 

0.02177 

0.65 

0.26379 

1.15 

0.47622 

0.16 

0.02466 

0.66 

0.26896 

1.16 

0.47950 

0.17 

0.02770 

0.67 

0.27411 

1.17 

0.48276 

0.18 

0.03091 

0.68 

0.27922 

1.18 

0.48598 

0.19 

0.03426 

0 69 

0.28429 

1.19 

0.48917 

0.20 

0.03775 

0.70 

0.28933 

1.20 

0.49233 

0.21 

0.04138 

0.71 

0.29434 

1.21 

0.49545 

0.22 

0.04515 

0.72 

0.29931 

1.22 

0.49854 

0.23 

0.04904 

0.73 

0.30425 

1.23 

0.50160 

0.24 

0.05306 

0.74 

0.30915 

1.24 

0.50463 

0.25 

0.05719 

0.75 

0 31401 

1.25 

0.50763 

0.26 

0.06144 

0.76 

0.31883 

1.26 

0.51060 

0.27 

0.06579 

0.77 

0.32362 

1.27 

0.51354 

0.28 

0.07024 

0.78 

0.32836 

1.28 

0.51645 

0.29 

0.07479 

0.79 

0.33307 

1.29 

0.51933 

0.30 

0.07943 

0.80 

0.33774 

1.30 

0.52218 

0.31 

0.08415 

0.81 

0.34236 

1.31 

0.52500 

0.32 

0.08895 

0.82 

0.34695 

1.32 

0.52779 

0.33 

0.09383 

0.83 

0.35150 

1.33 

0 53056 

0.34 

0.09877 

0.84 

0.35601 

1.34 

0.53330 

0.35 

0.10378 

0.85 

0.36047 

1.35 

0.53601 

0.36 

0.10885 

0.86 

0.36490 

1.36 

0.53869 

0.37 

0.11397 

0.87 

0.36929 

1.37 

0.54135 

0.38 

0.11914 

0.88 

0.37363 

1.38 

0.54398 

0.39 

0.12436 

0.89 

0.37794 

1.39 

0.54658 

0.40 

0.12961 

0.90 

0.38220 

1.40 

0.54916 

0.41 

0.13491 

0.91 

0.38643 

1.41 

0.55171 

0.42 

0.14023 

0.92 

0.39061 

1.42 

0.55424 

0.43 

0.14558 

0.93 

0.39475 

1.43 

0.55674 

0.44 

0.15096 

0.94 

0.39886 

1.44 

0.55922 

0.45 

0.15635 

0.95 

0.40292 

1.45 

0.56168 

0.46 

0.16176 

0.96 

0.40695 

1.46 

0.56411 

0.47 

0.16719 

0.97 

0.41093 

1.47 

0.56651 

0.48 

0.17262 

0.98 

0,41483 

1.48 

0.56890 

0.49 

0.17806 

0.99 

0.41878 

1.49 

0.57126 
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Table A.6 ( Continued ) Influence Values Wo for 
Case of Circular Area Uniformly Loaded 
(Westergaard Solution, o\ = qW„) 



0 o 

r;z 


rjz 

»„ 

1.50 

0.57359 

2.00 

0.66666 

7.50 

0.90673 

1 51 

0.57591 

2.02 

0.66960 

7.80 

0.90971 

1.52 

0.57820 

2.04 

0.67249 

8.00 

0.91 195 

1.53 

0.58047 

2.06 

0.67533 

8.20 

0.91408 

1.54 

0.58272 

2.08 

0.67813 

8.40 

0.91611 

1.55 

0.58495 

2.10 

0.68088 

8.60 

0.91805 

1.56 

0.58715 

2.15 

0.68757 

8.80 

0.91990 

1.57 

0 589.34 

2.20 

0.69400 

9.00 

0.92167 

1.58 

0.59150 

2.25 

0.70018 

9.20 

0.92336 

1.59 

0.59364 

2.30 

0.70613 

9.40 

0.92498 

1.60 

0.59577 

2.35 

0.71186 

9.60 

0.92654 

1 61 

0.59787 

2.40 

0.71737 

9.80 

0.92803 

1.62 

0.59996 

2.45 

0.72269 

10.00 

0.92946 

1.63 

0.60202 

2.50 

0.72783 

10.20 

0.93084 

1.64 

0.60406 

2.55 

0.73278 

10.40 

0.93216 

1.65 

0.60609 

2 60 

0.73756 

10.60 

0.93344 

1.66 

0.60810 

2.65 

0.74218 

10.80 

0.93466 

1.67 

0.61009 

2.70 

0.74664 

11.00 

0.93585 

1.68 

0.61206 

2.75 

0.75096 

11.20 

0.93699 

1.69 

0.61401 

2.80 

0.75514 

11.50 

0.93862 

1.70 

0.61595 

2.85 

0.75918 

11.80 

0.94018 

1.71 

0.61786 

2.90 

0.76310 

12.00 

0.94117 

1.72 

0.61976 

2.95 

0.76690 

12.20 

0.94213 

1.73 

0.62164 

3.00 

0.77058 

12.50 

0.94352 

1.74 

0.62351 

3.10 

0.77760 

12.80 

0.94484 

1.75 

0.62536 

3.20 

0.78423 

13.00 

0.94568 

1.76 

0.62719 

3.30 

0.79047 

13.20 

0.94650 

1.77 

0.62901 

3.40 

0.79638 

13.50 

0.94769 

1.78 

0.63081 

3.50 

0.80196 

13.80 

0.94882 

1.79 

0.63259 

3.60 

0.80726 

14.00 

0.94955 

1 80 

0.63436 

3.70 

0,81228 

14.20 

0.95026 

1.81 

0.63611 

3.80 

0.81705 

14.50 

0.95129 

1.82 

0.63784 

3.90 

0.82159 

14.80 

0.95227 

1.83 

0.63957 

4.00 

0.82591 

15.00 

0.95291 

1.84 

0.64127 

4,20 

0.83397 

15.40 

0.95413 

1.85 

0.64296 

4.40 

0.84132 

15.80 

0.95529 

1.86 

0.64464 

4.60 

0.84806 

16.00 

0.95585 

1.87 

0.64630 

4.80 

0,85425 

16.40 

0.95692 

1 88 

0.64795 

5,00 

0.85997 

16.60 

0.95744 

1.89 

0.64958 

5 20 

0.86525 

17.00 

0.95844 

1.90 

0.65120 

5.40 

0.87106 

17.40 

0.95939 

1 91 

0.65281 

5.60 

0.87427 

17.80 

0.96030 

1.92 

0.65440 

5.80 

0.87898 

18.00 

0.96074 

1.93 

0.65598 

6.00 

0.88295 

20.00 

0.96467 

1.94 

0.65754 

6.20 

0.88668 

25.00 

0.97173 

1.95 

0.65909 

6.40 

0.89018 

30.00 

0.97644 

1.96 

0.66063 

6.60 

0.89347 

40.00 

0.98233 

1.97 

0.66216 

6.80 

0.89657 

50.00 

0.98586 

1.98 

0.66367 

7.00 

0.89949 

100.00 

0.99293 

1.99 

0.66517 

7.30 

0.90358 

0 O 

1.00000 



Appendix B 


Solution to Terzoghi's 
Consolidation Equation 




d 2 u _ du 

a? - at 


Solution 


u = u(z, t) 


Symbols and Abbreviations 


«(0,/) 0 1 Boundary condition 

u(2H, t) = OJ 

m(z, 0) = «o Initial condition 


b'U _ „„ bu _ j, 

dz- ' ’ at 


p.d.e = partial differential equation; o.d.e. - ordinary differential equation. 
Let u = Z(z)T(t)-, separation of variable solution 

p.d.e. => C y Z'T= ZT’ 


7'\ T' 

— =-= A: = separation constant 

Z / C V T P 
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p.d.e. reduces to a coupled system of o.d.e. 

Z'l - KZ=0 and T' — C r KT = 0 

In operator form 

(. D 2 - K){Z(z)\ = 0 => Z) = ± VX'= 0 ± V^Ki 
(D - C,K){T(t)} = 0 =*D=C,K 

K= 0: u=ZT=C l + C 2 Z 

K> 0: u= e c - K ' • (C> v ^ + C 2 e 

K<0: u = ■ (c, sin y/—K • Z+ C 2 cos >/—AZ) 

For a Fourier Series solution, assume & < 0. Thus, let 

u = e c ' a (Ci sin V— KZ + C 2 cos V— KZ) 

Now to find Ci, C 2 , and ZC we apply the conditions: 

m( 0 , t) = 0 => 0 = cC»C 2 

Let C 2 = 0; therefore, 

u = C|C C ' B sin \/—~KZ 


I solution of 
| the p.d.e. 


and 

u(2H, t) = 0 => 0 = Cie C ' Kt sin(V^-A’2//) 
For nontrivial solution, let sin 6 = sin V^K2IT) = 0 . 

0=2HV zr K= nn; n= 1,2,3... 

or 


V=K=^ 
2 H 


Squaring, 


W7T 


A = — ( —— I < 0 , as assumed 


7 X ^ r (“V, . /wT-Z' 

<) = C,c sin (^ 7 ^: j. 


Therefore, from Eq. (a) 

u = m(Z, t) = 

Via “compounding” of solutions, we can also write 

u= u(Z, t) = £ I C^-^M'si 
»-i l 


n= 1,2,3. . . 


ikiuH 

\2H 


For 


u(Z, 0) =/(Z) = Mo = constant / 0 => t<o = 2 Ci sin 

J!=l 
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But this sum has the form of a sine Harmonic Fourier Series (Fourier Series in 
sines only): 


'A(z) = S L sin (^jfj 

Z n = |/ o '> ( Z) sin (^)dZ 


with 


/„ = Ci = 


, = 2 p 

1 2 //J« 


Mo sin 



dZ 



cos 



2 W 

2=0 


2wo r , 

--[cos(mr — 1) J 

UTT 


L 

^n?r 


n even 
raodd 


Therefore, 


M = U{Z, t) 



Note: With the summation taken for odd positive integers, n, we could also write: 


u = 



4mo 

(2m + 1) 7r 



(2m + 1) 77 z\ 1 
2 H )} 


Note that the summation is taken on m; m — 0, 1, 2, 3. 


Q 

Af=|(2w+1) and 


. . Now, let 

■ t 


Then the solution to the differential system becomes 


■A (2uo . (MZ\ 


This is Eq. 9-8. 





Boussinesq's Equation 
for Radial Stress 


Boussinesq’s equation for the radial stress ( V r ) can be expressed as 

V = _Q _ 1 - 2p. 

r 2tr [(r 2 + z) 5/2 r 2 + z 2 + z(r 2 + z 2 ) 1/2 

where Q = the magnitude of the concentrated point load 

r = the radial distance from the concentrated point load 
z = the depth from the concentrated point load 
/x = Poisson’s ratio 

The equation can be simplified in terms of (r/z) 

y Q. T 3(r/z) 2 _ (1 "2 m) 

2ttz 2 _((r/z) 2 + 1) D/2 ((r/z) 2 + l)r((r/z) 2 + l) l/2 

which can also be expressed as 
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Table C.l Horizontal Stress Coefficients, 1V BR , for a Case of a Concentrated Load 
(Boussinesq’s Solution, cr r = QN RR /z 2 ) 


r/z 

O 

O 

II 

=1 

jx = 0.1 

lx = 0.2 

/x = 0.3 

d 

II 

II 

o 

d 

0.00 

0.0000 

0.0000 

0.0000 

0.0000 

0.0000 

0.0000 

0.05 

0.0000 

0.0000 

0.0000 

0.0000 

0.0000 

0.0012 

0.10 

0.0000 

0.0000 

0.0000 

0.0000 

0.0000 

0.0047 

0.15 

0.0000 

0.0000 

0.0000 

0.0000 

0.0000 

0.0102 

0.20 

0.0000 

0.0000 

0.0000 

0.0000 

0.0019 

0.0173 

0.25 

0.0000 

0.0000 

0.0000 

0.0000 

0.0104 

0.0256 

0.30 

0.0000 

0.0000 

0.0000 

0.0048 

0.0197 

0.0346 

0.35 

0.0000 

0.0000 

0.0000 

0.0146 

0.0292 

0.0438 

0.40 

0.0000 

0.0000 

0.0100 

0.0243 

0.0385 

0.0527 

0.45 

0.0000 

0.0056 

0.0194 

0.0333 

0.0471 

0.0610 

0.50 

0.0011 

0.0146 

0.0280 

0.0414 

0.0549 

0.0683 

0.55 

0.0095 

0.0225 

0.0355 

0.0485 

0.0616 

0.0746 

0.60 

0.0167 

0.0293 

0.0419 

0.0545 

0.0671 

0.0797 

0.65 

0.0227 

0.0349 

0.0471 

0.0592 

0.0714 

0.0836 

0.70 

0.0276 

0.0394 

0.0511 

0.0628 

0.0746 

0.0863 

0.75 

0.0314 

0.0427 

0.0541 

0.0654 

0.0767 

0.0880 

0.80 

0.0342 

0.0451 

0.0560 

0.0669 

0.0778 

0.0887 

0.85 

0.0361 

0.0466 

0.0571 

0.0676 

0.0781 

0.0886 

0.90 

0.0373 

0.0474 

0.0575 

0.0676 

0.0777 

0.0877 

0.95 

0.0378 

0.0475 

0.0572 

0.0669 

0.0766 

0.0863 

1.00 

0.0378 

0.0471 

0.0564 

0.0658 

0.0751 

0.0844 

1.05 

0.0373 

0.0463 

0.0552 

0.0642 

0.0732 

0.0821 

1.10 

0.0365 

0.0451 

0.0537 

0.0623 

0.0710 

0.0796 

1.15 

0.0354 

0.0437 

0.0520 

0.0603 

0.0685 

0.0768 

1.20 

0.0342 

0.0421 

0.0501 

0.0580 

0.0660 

0.0739 

1.25 

0.0327 

0.0404 

0.0480 

0.0557 

0.0633 

0.0710 

1.30 

0.0312 

0.0386 

0.0459 

0.0533 

0.0606 

0.0680 

1.35 

0.0297 

0.0367 

0.0438 

0.0509 

0.0579 

0.0650 

1.40 

0.0281 

0.0349 

0.0417 

0.0485 

0.0553 

0.0621 

1.45 

0.0265 

0.0330 

0.0396 

0.0461 

0.0527 

0.0592 

1.50 

0.0249 

0.0312 

0.0375 

0.0438 

0.0501 

0.0564 

1.55 

0.0234 

0.0295 

0.0355 

0.0416 

0.0477 

0.0537 

1.60 

0.0219 

0.0277 

0.0336 

0.0394 

0.0453 

0.0511 

1.65 

0.0205 

0.0261 

0.0317 

0.0374 

0.0430 

0.0486 

1.70 

0.0191 

0.0245 

0.0299 

0.0354 

0.0408 

0.0462 

1.75 

0.0178 

0.0230 

0.0282 

0.0335 

0.0387 

0.0440 

1.80 

0.0165 

0.0216 

0.0266 

0.0317 

0.0367 

0.0418 

1.85 

0.0153 

0.0202 

0.0251 

0.0300 

0.0349 

0.0397 

1.90 

0.0142 

0.0189 

0.0236 

0.0284 

0.0331 

0.0378 

1.95 

0.0132 

0.0177 

0.0223 

0.0268 

0.0314 

0.0359 

2.00 

0.0122 

0.0166 

0.0210 

0.0254 

0.0298 

0.0342 

2.05 

0.0112 

0.0155 

0.0197 

0.0240 

0.0282 

0.0325 

2.10 

0.0104 

0.0145 

0.0186 

0.0227 

0.0268 

0.0309 

2.15 

0.0095 

0.0135 

0.0175 

0.0215 

0.0255 

0.0294 

2.20 

0.0088 

0.0126 

0.0165 

0.0203 

0.0242 

0.0280 

2.25 

0.0080 

0.0118 

0.0155 

0.0192 

0.0230 

0.0267 

2.30 

0.0074 

0.0110 

0.0146 

0.0182 

0.0218 

0.0255 

2.35 

0.0067 

0.0102 

0.0137 

0.0173 

0.0208 

0.0243 

2.40 

0.0061 

0.0095 

0.0129 

0.0163 

0.0197 

0.0231 

2.45 

0.0056 

0.0089 

0.0122 

0.0155 

0.0188 

0.0221 

2.50 

0.0051 

0.0083 

0.0115 

0.0147 

0.0179 

0.0211 



Table C.l ( Continued) Horizontal Stress Coefficients, .V P , K , for a Case of a Concentrated 
Load (Boussinesq’s Solution, 07 = QN RR /z 2 ) 


r/z 

“S 

II 

© 

0 

IX = 0.1 

IX = 0.2 

/x — 0.3 

O 

II 

3. 

/x = 0.5 

2.55 

0.0046 

0.0077 

0.0108 

0.0139 

0.0170 

0.0201 

2.60 

0.0041 

0.0072 

0.0102 

0.0132 

0.0162 

0.0192 

2.65 

0.0037 

0.0067 

0.0096 

0.0125 

0.0155 

0.0184 

2.70 

0.0033 

0.0062 

0.0090 

0.0119 

0.0147 

0.0176 

2.75 

0.0030 

0.0057 

0.0085 

0.0113 

0.0141 

0.0168 

2.80 

0.0026 

0.0053 

0.0080 

0.0107 

0.0134 

0.0161 

2.85 

0.0023 

0.0049 

0.0076 

0.0102 

0.0128 

0.0154 

2.90 

0.0020 

0.0046 

0.0071 

0.0097 

0.0122 

0.0148 

2.95 

0.0018 

0.0042 

0.0067 

0.0092 

0.0117 

0.0142 

3.00 

0.0015 

0.0039 

0.0063 

0.0088 

0.0112 

0.0136 

3.05 

0.0013 

0.0036 

0.0060 

0.0083 

0.0107 

0.0130 

3.10 

0.0010 

0.0033 

0.0056 

0.0079 

0.0102 

0.0125 

3.15 

0.0008 

0.0031 

0.0053 

0.0075 

0.0098 

0.0120 

3.20 

0.0006 

0.0028 

0.0050 

0.0072 

0.0094 

0.0115 

3.25 

0.0005 

0.0026 

0.0047 

0.0068 

0.0090 

0.0111 

3.30 

0.0003 

0.0024 

0.0044 

0.0065 

0.0086 

0.0107 

3.35 

0.0001 

0.0022 

0.0042 

0.0062 

0.0082 

0.0103 

3.40 

0.0000 

0.0020 

0.0039 

0.0059 

0.0079 

0.0099 

3.45 

0.0000 

0.0018 

0.0037 

0.0056 

0.0076 

0.0095 

3.50 

0.0000 

0.0016 

0.0035 

0.0054 

0.0073 

0.0092 

3.55 

0.0000 

0.0015 

0.0033 

0.0051 

0.0070 

0.0088 

3.60 

0.0000 

0.0013 

0.0031 

0.0049 

0.0067 

0.0085 

3.65 

0.0000 

0.0012 

0.0029 

0.0047 

0.0064 

0.0082 

3.70 

0.0000 

0.0010 

0.0027 

0.0045 

0.0062 

0.0079 

3.75 

0.0000 

0.0009 

0.0026 

0.0043 

0.0059 

0.0076 

3.80 

0.0000 

0.0008 

0.0024 

0.0041 

0.0057 

0.0074 

3.85 

0.0000 

0.0007 

0.0023 

0.0039 

0.0055 

0.0071 

3.90 

0.0000 

0.0006 

0.0021 

0.0037 

0.0053 

0.0069 

3.95 

0.0000 

0.0005 

0.0020 

0.0036 

0.0051 

0.0066 

4.00 

0.0000 

0.0004 

0.0019 

0.0034 

0.0049 

0.0064 

4.05 

0.0000 

0.0003 

0.0018 

0.0032 

0.0047 

0.0062 

4.10 

0.0000 

0.0002 

0.0017 

0.0031 

0.0046 

0.0060 

4.15 

0.0000 

0.0001 

0.0016 

0.0030 

0.0044 

0.0058 

4.20 

0.0000 

0.0001 

0.0015 

0.0028 

0.0042 

0.0056 

4.25 

0.0000 

0.0000 

0.0014 

0.0027 

0.0041 

0.0054 

4.30 

0.0000 

0.0000 

0.0013 

0.0026 

0.0039 

0.0053 

4.35 

0.0000 

0.0000 

0.0012 

0.0025 

0.0038 

0.0051 

4.40 

0.0000 

0.0000 

0.0011 

0.0024 

0.0037 

0.0049 

4.45 

0.0000 

0.0000 

0.0010 

0.0023 

0.0035 

0.0048 

4.50 

0.0000 

0.0000 

0.0010 

0.0022 

0.0034 

0.0046 

4.55 

0.0000 

0.0000 

0.0009 

0.0021 

0.0033 

0.0045 

4.60 

0.0000 

0.0000 

0.0008 

0.0020 

0.0032 

0.0044 

4.65 

0.0000 

0.0000 

0.0008 

0.0019 

0.0031 

0.0042 

4.70 

0.0000 

0.0000 

0.0007 

0.0018 

0.0030 

0.0041 

4.75 

0.0000 

0.0000 

0.0006 

0.0018 

0.0029 

0.0040 

4.80 

0.0000 

0.0000 

0.0006 

0.0017 

0.0028 

0.0039 

4.85 

0.0000 

0.0000 

0.0005 

0.0016 

0.0027 

0.0038 

4.90 

0.0000 

0.0000 

0.0005 

0.0015 

0.0026 

0.0037 

4.95 

0.0000 

0.0000 

0.0004 

0.0015 

0.0025 

0.0036 

5.00 

0.0000 

0.0000 

0.0004 

0.0014 

0.0024 

0.0035 



Index 


AASHTO, 105, 109 
Absorbed water, 40 
Active pressure, 327, 328, 330 
Active thrust, 328 
Activity of clay, 104 
Adhesion, 137 
Allowable bearing capacity, 
395, 418 
Analogy: 

electrical, 158 
rheological model, 223 
Angle: 

contact, 140 
friction, 260 
inclination, 337 
internal friction, 260 
maximum aJ' 267 
of obliquity, 260 
of slope, 337 
wall friction, 341 
Asteroids, 22 
At-rest coefficient, 333 
At-rest pressure, 328 
Atterberg limits and indices, 
102 

Auger borings, 65 
Author's method for density 
tests, 374 


Backfill, 335, 337 
Basalt, 30 
Base exchange, 42 
Batholith, 29 
Bearing capacity, 2, 395 
allowable, 395, 418 
based on standard penetra¬ 
tion, 418 

Bowles's equations, 418 
breadth effect on, 407 
comparison of Terzaghi's, 
Meyerhofs, and Han¬ 
sen's eqs., 410 
depth effect on, 407 
effects of water table, 417 
equations for, 411 
failure patterns, 398 
general formula for, 407 
Hansen's theory of, 407 
Meyerhofs theory of, 406 
Prandtl's theory of ulti¬ 
mate, 400 

Terzaghi's theory of, 403 
ultimate, 395 
water table effect on, 417 
Bearing failure pattern, 398 
Bentonite, 38 
Biological methods, 392 


Bishop's method of slices, 
306 

Blow count: 

bearing capacity relation¬ 
ship, 418, 419, 420 
relative density, 74 
Boiling, 152 
Borings, 63 
logs, 77 
spacing, 59 
tests, 63 

undisturbed samples, 67 
Boulders, 106 

Boundary condition for flow 
nets, 157 

Boussinesq equations, 182, 
445 

Bowles's equations, 418 
Bulbs, pressure, 189 
Buoyant unit weight, 89 

Calcite, 35 
Capillarity, 137 
Capillary, forces, 137, 145 
Capillary head, 137 
Capillary phenomena, 144 
Capillary pressure, 145 
Capillary rise, 140 


449 



450 Index 


Capillary tubes, 120 
Carbonation, 140, 143 
Carcinogenicity, 391 
Cations, 41 
Caves, 49 

Challenging soil, 422 
Chemical methods, 392 
Chemical stabilization, 382 
Circular arc analysis, 302 
Classification, soil, 105 
Clay, 296 

activity of, 104 
minerals, 35 

normally consolidated, 228 
overconsolidated, 228 
Climate, 22 
Coefficient: 

for active pressure, 333 
of compressibility, 229 
of concavity, 108 
of consolidation, 231, 232 
of curvature, 108 
of friction, 260 
of passive pressure, 333 
of permeability, 122 
of subgrade reaction, 76 
uniformity, 108 
Cohesion, 137, 270 
apparent, 147 
developed, 301 
reduced, 411 

Cohesionless soil, 281, 299 
Cohesive soil, 284, 298 
Collapsible formations, 424 
Comets, 22 
Compacted clays, 374 
Compaction, 362 
control charts, 367 
degree of, 367 
Proctor test for, 363 
vibratory, 378 

Compressibility, 42, 221, 222 
coefficient of, 229 
Compression: 

primary, 225, 239 
secondary, 225, 239 
Compression index, 227 
Cone penetrometers, 72 
Confining pressure, 274 
Conglomerate, 32 
Consistency of clays, 102 


Consolidated-drained test, 

273 

Consolidated-undrained test, 
273 

Consolidation: 

coefficient of, 231, 232 
complete, 284 
one-dimensional test for, 
223, 228 
partial, 284 
percent, 231 
primary, 223, 225 
rate of, 223, 225, 233 
rheological model for, 223 
secondary, 223, 225 
theory of, 228 
three-dimensional theory 
of, 244 

Consolidometer, 236 
Contact moisture, 145 
Control test for compaction, 
363, 372, 373 
Core borings, 69 
Corundum, 35 

Coulomb's empirical law, 269 
Coulomb's equations, 341 
Cousins's stability charts, 309, 
311 

c-<j> soil, 347 
Cracks, tension, 311 
Creep, 223 

Critical depth, 297, 298 
Critical gradient, 152 
Critical-slope angle, 317 
Culm ann method, 315, 351 
Curvature: 

coefficient, 139 
meniscus, 140 
Cuts, 295 

Dam, earth, 5, 164, 170 
Darcy's law, 121 
Decomposition, 25 
Deep foundations, 396 
Deformation, instantaneous, 
225 

Deltas, 45 

Density, relative, 99 
Desiccation, 42 
Deviator stress, 274 
Dewatering, 381 
Diamonds, 35 


Diastrophism, 25 
Dike, 29 
Diorite, 30 
Directrix, 164 
Direct shear test, 271, 272 
Disintegration, 25 
Dispersion, 39 
Disturbed samples, 65 
Dolomite, 32 

Double drainage, 234, 235 
Drawdown,319 

Earth, the planet, 22 
Earth dams, 164, 170 
Earth pressure, 327, 328 
active, 327, 328, 330 
lateral, 327 
passive, 327, 328, 330 
Earthquake effects, 319 
Earthquake zones, 61 
Effective pressure, 150, 228 
Effective stress, 180 
Elastic deformation, 225 
Electric double layer, 40 
Electric resistivity method, 63 
Electroosmosis, 382 
Environmental considera¬ 
tions, 61 

Environmental impact, 56 
Equipotentialline, 155, 156 
Erosion, 6 
Exploration: 
death, 58 
scope, 57 

Standard Penetration Test, 
67 

subsurface, 55, 61 
Extrusive rock, 29 

Face-centered cubic, 102 
Failure angle, 268 
Failure surface: 
circular, 303 
logarithmic spiral, 401 
plane, 315 

Falling-head permeability test, 
125 

Field tests, 72, 288, 373 
Fills, 295 
Fissures, 287 
Flocculation, 39 
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Flow: 

through circular capillary 
tubes, 120 
laminar, 120 
turbulent, 120 
Flow index, 103 
Flow line, 155, 156 

parabolic, 164, 166, 167, 
171 

Flow net, 153, 156 
Fluorspar, 35 
Focus, 164 

Foundations, 7, 395, 422 
on challenging soil, 422 
Friction: 

angle of, 260 
coefficient of, 260 
influences on, 281, 282 
internal angle of, 260 
viscous, 156 
wall, 341 
Frost heave, 147 
Frost line, 148 
Functional stability, 296 

General shear failure, 398 
Geoenvironmental, 389 
Geogrids, 383, 385 
Geology and soil mechanics, 
61 

Geological cycle, 26 
Geomembranes, 383, 388 
Geonets, 383, 387 
Geophysical testing, 62 
Geostatic pressure, 228 
Geostatic stress, 181 
Geosynthetics, 383 
Geotextiles, 383 
Glaciers, 48 
Gradation, 25 
Gradient: 
critical, 152 
hydraulic, 121 
Grain-size: 

distribution of, 108 
hydrometer analvsis of, 106 
sieve sizes used for, 107 
soil classification b~ 106 
Granite, 30 
Granulation, 35 
Group index, 109 
Gypsum, 35 


Halloysites, 37 
Hansen's bearing capacity 
equation, 407 
Hazen's equation, 145 
Heave, 147 
Horizons, 25 
Hornfels, 34 
Hydration, 44 
Hydraulic gradient, 121 
Hydrology, 22 
Hydrometer method, 106 
Hydrostatic excess pressure, 
180 

Hysterisis loop, 226 

Ice lenses, 148 
Igneous rock, 27, 28, 29 
Illite, 38 
Index: 

compression, 227 
group, 109 
plasticity, 103 
Index properties, 85 
Inner core, 23 
In-place field tests, 373 
Intergranular pressure, 146, 
150 

Intrusive rock, 29 

Kaolinite, 36 
K f line, 280 

Laminar flow, 120 
Landfills, 389 
Laplace equation, 155 
Lateral pressure, 327, 344 
active, 327, 328, 330 
in cohesive soils, 344, 345 
passive, 327, 328, 331 
Rankine equation for, 339 
at rest, 328 
against walls, 327 
Lava, 28 

Legal overview, 15 
Limestone, 32, 49 
Limits, Atterberg, 102 
Liquefaction, 282, 318 
spontaneous, 282 
Liquid limit, 102 
Load-deformation, 226 
Loading period, settlement, 
250 


Load-soil deformation rela¬ 
tionship, 396 
Load tests, 76 
Local shear failure, 398 
Loess, 47 

Logarithm-of-time fitting, 233 

Manometers, 156 
Mantle, 22 
Marble, 34 

Maximum obliquity angle, 

260 

Mechanical analysis, 106 
Mechanical disintegration, 44 
Meniscus, 140 

Metamorphic rock, 27, 28, 33 
foliated, 35 
nonfoliated, 35 
Metasomatism, 35 
Meteorites, 22 
Meteors, 22 
Method of slices, 304 
Meyerhofs bearing capacity 
equation, 406 
Minor planets, 22 
Modulus of elasticity, 226 
Mohr-Coulomb-Hvorslev 
equation, 271 

Mohr's circle for stress, 265 
Mohr's envelope, 269 
Mohr's rupture theory, 268 
Mohr's theory of failure, 268 
Montmorillonite clay, 38 
Moraine, terminal, 48 
Mutagenicity, 391 

Natural satellites, 22 
Neutral pressure, 156 
Newmark's influence chart, 

211 

Normally consolidated clay, 
228, 245, 284 

Obliquity angle, 260 
Observation wells, 76, 129 
Open pit, 71 

Optimum dry weight, 367 
Optimum water content, 367 
Organisms, 22 
Outer core, 23 
Outer crust, 23 
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Overconsolidated clay, 228, 
248, 286 

Overconsolidated ratio, 228 
Overconsolidating pressures, 
286 

Oxidation, 44 

Parabola, 164 
Passive pressure, 330, 331 
Penetrometer tests, 72, 288 
Performance control, 372 
Peridotite, 30 
Permeability, 119 
coefficient of, 122 
effective, 160 
field test for, 77, 129 
tests for, 77, 124, 125, 129 
constant head, 124 
falling head, 124, 125 
field, 77, 129 
in-situ, 77 

range of values, 133 
Phreatic line, 164 
Physical methods, 393 
Physical properties, 85 
Piezometer, 179, 221 
Pile load test, 77 
Planes, principal, 262 
Plastic limit, 102, 104 
Plasticity index, 103 
Plate load test, 242 
Poisson's ratio, 183, 240 
Pore pressure, 150, 281 
Porosity, 86 
Pounding, 380 
p-q diagram, 279 
Prandtl's theory, 400 
Preconsolidation, 227 
Preloading, 381 
Pressure: 

active, 327, 328, 330 
bulbs, 189 
capillary, 145 
effective, 150, 228 
hydrostatic excess, 225 
intergranular, 150 
lateral, 327 

active, 327, 328, 330 
passive, 327, 328, 331 
at rest, 328 
neutral, 150 
overconsolidation, 287 
pore water, 150 
preconsolidation, 227 


Pre sure bulb, 189 
Pressure distribution, 189 
circular areas, 195 
isobars, 206 
lateral, 329 
line load, 190 
point load, 189 
rectangular areas, 202 
Pres sure-void ratio, 226 
Primary compression, 223 
Principal plane, 262 
Principal stresses, 262 
Proctor compaction test, 363 
Pseudo static analysis, 319 
Punching shear failure, 398 

qu and qa expressions, 420 

Quartz, 34, 35 

Quick condition, 151, 282 

Rankine equations, 339 
Rankine theory, 334 
Rankine wedges, 402 
Recompression, 227 
Recrystallization, 35 
Regolith, 24, 25 
Relative density, 99 
Residual soils, 27, 49 
Retaining walls, 5, 328 

effect of movement of, 329 
sheet pile, 156 
Rheological model, 223 
Rhyolite, 30 
Rock coring, 68 
Rock weathering, 42 
Rubber-balloon method, 373 

Salinastone, 32 
Samples: 

disturbed, 65 
undisturbed, 67 
wash, 65 

Sand-cone method, 373 
Sandstone, 32 
Saturation, degree of, 87 
Schist, 34 

Secondary compression, 239 
Secondary settlement, 247 
Sedimentary deposits, 27, 50 
Sedimentary rock, 27, 28, 31 
Sediments, 31 
Seepage, 149, 164 
Seepage forces, 150 


Seepage quantity, 159 
Seepage velocity, 122 
Seismic coefficient, 319 
Seismic effects, 319 
Seismic refraction, 62 
Seismic zones, 61 
Semigraphical approxima¬ 
tion, 307 
Settlement, 221 
of buildings, 251 
consolidation, 223 
during construction, 250 
differential, 252 
elastic, 240 
immediate, 223, 240 
one-dimensional, 245 
tolerable, 251 
Shale, 32, 296 

Shallow foundations, 395, 396 
Shear strength, 259 

in cohesion less soils, 281 
in cohesive soils, 284 
influenced by, 281 
in-situ evaluation of, 288 
unconfined compression 
of, 276 
Shear test: 

direct, 271, 272 
triaxial, 273 

unconfined compression, 

276 

undrained, 273 
Sheep-foot roller, 370, 371 
Sheet pile walls, 156 
Shelby tube, 67, 68, 288 
Shrinkage, 42, 147 
limit of, 102, 104 
Sill, 29 
Silts, 106 

Simple packing, 101 
Sinkholes, 49 
Single drainage, 234, 235 
Site improvement, 361 
Site reconnaissance, 60 
Slaking, 147 
Slate, 34 

Slices, method of, 304 
Sliding on inclined planes, 

315 

Sliding wedge analysis, 341 



Index 453 


Slopes, 3, 295 

circular arc analysis of, 302 
infinite, 296 
stability of, 295 
wedge block analysis of, 

315 

Sloping discharge faces, 167 
Soil: 

glacial, 48 
permeability, 119 
residual, 27, 49 
sedimentary, 50 
stabilization of, 361 
chemical, 382 
compaction, 362 
transported, 44, 46 
Soil classification, 105 
unified system for, 105 
Soil density-water content 
test, 363 

Soil formation, 21 
Soil mechanics, 8 
Soil stabilization, 361 
Specific gravity, 88 
Split-spoon sampler, 65, 66, 
288 

Spontaneous liquefaction, 

282 

Square-root-of-time fitting 
method, 234 
Stability charts, 309 
Stability number, 317 
Stability of slopes, 239, 295 
Standard Penetration Test 
(SPT), 67 

Standard of performance, 14 
Stokes's law, 106 
Strain-controlled test, 272 
Stream lines, 155, 156 
Strength, shear, 259 
Strength theory, Mohr's, 268 
Stress: 

compressive, 266 
effective, 180, 225 
geostatic, 181 


intergranular, 180 
Mohr's circle for, 265 
neutral, 180, 225 
normal, 262, 266 
at a point, 182, 262 
pore water, 180 
principal, 262 
shear, 262, 266 
tensile, 266 
total, 180, 225 
vertical, 183, 213 
Stress-controlled test, 272 
Stress path, 279 
Submerged unit weight, 89 
Subsurface exploration, 55, 

61 

preliminary scope of, 57 
Superficial velocity, 122 
Superstructure, 395 
Surcharge loads, 349 
Surface of rupture, 268 
Surface tension, 137, 138 
Swelling, 42, 147 
Syenite, 30 

Talc, 35 

Taylor's contribution to 
Prandtl's theory, 400 
Tension cracks, 311 
Teratogenicity, 391 
Terminal moraine, 48 
Terra probe, 379 
Terzaghi's bearing capacity 
theory, 403 

Terzaghi's consolidation equa¬ 
tion, 231, 441 
Test borings, 63 
Test pits, 71 
Test well, 129 
Thin-wall tube, 67, 68, 288 
Top flow lines, 165, 166 
Topaz, 35 
Topography, 22 
Total stress, 180, 225 
Toughness index, 103 


Transformed scale, 163 
Triaxial test, 271, 273 
Turbulent flow, 120 

Ultimate bearing capacity, 

395 

Unconfined compression 
tests, 271, 276 
Underdrainage, 166, 170 
Undisturbed samples, 67 
Unified Soil Classification Sys¬ 
tem, 105, 107, 109 
Uniformity coefficient, 108 
Unit weight, 89 
Unsupported cuts, 347 

Vane shear test, 72, 288 
Velocity of flow, 121 
Velocity: 

seepage, 122 
superficial, 122 
Vertex, 164 
Vesic's factors, 407 
Vibratory compaction, 378 
Vibroflotation, 378 
Viscosity, 120 
Void ratio, 86 

effect on permeability, 131 
Vulcanism, 25 

Wall friction, 341 

Wash borings, 65 

Water content, 85 

Water-transported soils, 44 

Weathering 

chemical, 25, 44 
mechanical, 25, 44 
rock, 42 

Wedge analysis, 341 
Weight; 

submerged, 89 
unit, 89 
Well: 

observation, 129 
test, 129 

Westergaard equations, 431 
Wind-transported soils, 46 



